












































































































































































































6.1 Bearing Capacity Failures 171

6

Shallow Foundations
Bearing Capacity

When we are satisfied with the spot .fIXed on for the site of the city ...
the foundations should be carried down to a solid bottom, if such can be
found, and should be built thereon of such thickness as may be
necessary for the proper support of that part of the wall which stands
above the natural level of the ground. They should be of the soundest
workmanship and materials, and of greater thickness than the walls
above. If solid ground can be come to, the foundations should go down
to it and into it, according to the magnitude of the work, and the
substruction to be built up as solid as possible. Above the ground of the

foundation, the wall should be one-half thicker than the column it is to
receive so that the lower parts which carry the greatest weight, may be
stronger than the upper part ... Nor must the mouldings of the bases of
the columns project beyond the solid. Thus, also, should be regulated the
thickness of all walls above ground.

Marcus Vitruvius, Roman Architect and Engineer
1st century H.C.

as translated by Morgan (1914)

Shallow foundations must satisfy various performance requirements, as discussed in

Chapter 2. One of them is called bearing capacity, which is a geotechnical strength re
quirement. This chapter explores this requirement, and shows how to design shallow
foundations so that they do not experience bearing capacity failures.

170 1

6.1 BEARING CAPACITY FAILURES

Shallow foundations transmit the applied structural loads to the near-surface soils. In the
process of doing so, they induce both compressive and shear stresses in these soils. The
magnitudes of these stresses depend largely on the bearing pressure and the size of the
footing. If the bearing pressure is large enough, or the footing is small enough, the shear
stresses may exceed the shear strength of the soil or rock, resulting in a bearing capacity
failure. Researchers have identified three types of bearing capacity failures: general shear
failure, local shear failure, and punching shear failure, as shown in Figure 6.1. A typical
load-displacement curve for each mode of failure is shown in Figure 6.2.

General shear failure is the most common mode. It occurs in soils that are relatively
incompressible and reasonably strong, in rock, and in saturated, normally consolidated
clays that are loaded rapidly enough that the undrained condition prevails. The failure
surface is well defined and failure occurs quite suddenly, as illustrated by the load
displacement curve. A clearly formed bulge appears on the ground surface adjacent to the
foundation. Although bulges may appear on both sides of the foundation, ultimate failure
occurs on one side only, and it is often accompanied by rotations of the foundation.

The opposite extreme is the punching shear failure. It occurs in very loose sands, in
a thin crust of strong soil underlain by a very weak soil, or in weak clays loaded under
slow, drained conditions. The high compressibility of such soil profiles causes large set
tlements and poorly defined vertical shear surfaces. Little or no bulging occurs at the
ground surface and failure develops gradually, as illustrated by the ever-increasing load
settlement curve.

Local shear failure is an intermediate case. The shear surfaces are well defined

under the foundation, and then become vague near the ground surface. A small bulge may
occur, but considerable settlement, perhaps on the order of half the foundation width, is
necessary before a clear shear surface forms near the ground. Even then, a sudden failure
does not occur, as happens in the general shear case. The foundation just continues to sink
ever deeper into the ground.

Vesic (1973) investigated these three modes of failure by conducting load tests on
model circular foundations in a sand. These tests included both shallow and deep founda
tions. The results, shown in Figure 6.3, indicate shallow foundations (D/B less than about
2) can fail in any of the three modes, depending on the relative density. However, deep
foundations (DIB greater than about 4) are always governed by punching shear. Although
these test results apply only to circular foundations in Vesic's sand and cannot necessarily
be generalized to other soils, it does give a general relationship between the mode of fail
ure, relative density, and the DIB ratio.

Complete quantitative criteria have yet to be developed to determine which of these
three modes of failure will govern in any given circumstance, but the following guidelines
are helpful:

• Shallow foundations in rock and undrained clays are governed by the general shear
case.
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Figure 6.2 Typical load-displacement

curves for different modes of bearing capac

ity failure: (a) general shear failure; (b) local

shear failure: (c) punching shear failure. The

circles indicate various interpretations of

failure. (Adapted from Vesic. 1963).
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Figure 6.1 Modes of bearing capacity failure: (a) general shear failure: (b) local shear

failufe: (c) punching shear failure.

I~

• Shallow foundations in dense sands are governed by the general shear case. In this
context, a dense sand is one with a relative density, D" greater than about 67%.

• Shallow foundations on loose to medium dense sands (30% < Dr< 67%) are proba
bly governed by local shear.

• Shallow foundations on very loose sand (Dr < 30%) are probably governed by
punching shear.

For nearly all practical shallow foundation design problems, it is only necessary to
check the general shear case, and then conduct settlement analyses to verify that the foun
dation will not settle excessively. These settlement analyses implicitly protect against
local and punching shear failures.
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proper scaling factors. However, the advent of centrifuge model tests has partially over
come this problem.

Limit equilibrium analyses are the dominant way to assess bearing capacity of shal
low foundations. These analyses define the shape of the failure surface, as shown in Fig
ure 6.1, then evaluate the stresses and strengths along this surface. These methods of
analysis have their roots in Prandtl' s studies of the punching resistance of metals (Prandtl,
1920). He considered the ability of very thick masses of metal (i.e., not sheet metal) to re
sist concentrated loads. Limit equilibrium analyses usually include empirical factors de
veloped from model tests.

Occasionally, geotechnical engineers perform more detailed bearing capacity analy
ses using numerical methods, such as the finite element method (FEM). These analyses
are more complex, and are justified only on very critical and unusual projects.

We will consider only limit equilibrium methods of bearing capacity analyses, be
cause these methods are used on the overwhelming majority of projects.

Simple Bearing Capacity Formula

Methods of Analyzing Bearing Capacity

6.2 BEARING CAPACITY ANALYSES IN SOIL-GENERAL SHEAR CASE

Figure 6.3 Modes of failure of model cir
cular foundations in Chattahoochee Sand

(Adapted from Yesic. 1963 and 1973).

5
o 20% 40% 60%

Relative Density of Sand. D,

80% 100%
The limit equilibrium method can be illustrated by considering the continuous footing
shown in Figure 6.4. Let us assume this footing experiences a bearing capacity failure,
and that this failure occurs along a circular shear surface as shown. We will further as
sume the soil is an undrained clay with a shear strength s". Finally, we will neglect the
shear strength between the ground surface and a depth D, which is conservative. Thus, the
soil in this zone is considered to be only a surcharge load that produces a vertical total
stress of er:D = "(D at a depth D.

The objective of this derivation is to obtain a formula for the ultimate bearing ca
pacity, qui" which is the bearing pressure required to cause a bearing capacity failure. By

To analyze spread foatings for bearing capacity failures and design them in a way to
avoid such failures, we must understand the relationship between bearing capacity, load,

footing dimensions, and soil properties. Various researchers have studied these relation
ships using a variety of techniques, including:

• Assessments of the performance of real foundations, including full-scale load tests.

• Load tests on model footings.

• Limit equilibrium analyses.

Detailed stress analyses, such as finite element method (FEM) analyses.

Full-scale load tests, which consist of constructing real spread footings and loading
them to failure, are the most precise way to evaluate bearing capacity. However, such
tests are expensive, and thus are rarely, if ever, performed as a part of routine design. A
few such tests have been performed for research purposes.

Model footing tests have been used quite extensively, mostly because the cost of
these tests is far below that for full-scale tests. Unfortunately, model tests have their limi

tations, especially when conducted in sands, because of uncertainties in applying the

i

-1

Plb

D

Figure 6.4 Bearing capacity analysis along a circular failure surface.
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considering a slice of the foundation of length b and taking moments about Point A, we

obtain the following:

MA = (qultBb)(B/2) - (su'rrBb)(B) - er,oBb(B/2)

quit = 2 '11" Su + er:o

(6.1)

(6.2)

p

j

Terzaghi's Bearing Capacity Formulas

It is convenient to define a new parameter, called a bearing capacity factor, Ne' and

rewrite Equation 6.2 as:

Equation 6.3 is known as a bearing capacity formula, and could be used to evaluate the

bearing capacity of a proposed foundation. According to this derivation, Ne = 2'11"= 6.28.

This simplified formula has only limited applicability in practice because it consid

ers only continuous footings and undrained soil conditions (<I> = 0), and it assumes the

foundation rotates as the bearing capacity failure occurs. However, this simple derivation

illustrates the general methodology required to develop more comprehensive bearing ca

pacity formulas.

T
=8

(6.3)
I quit = Nesu + er:o I

Various limit equilibrium methods of computing bearing capacity of soils were advanced

in the first half of the twentieth century, but the first one to achieve widespread accep

tance was that of Terzaghi (1943). His method includes the following assumptions:

Radial Shear Zone

Figure 6.5 Geometry of failure surface for Terzaghi's bearing capacity formulas.

foundation. Next, a radial shear zone extends from each side of the wedge, where he took

the shape of the shear planes to be logarithmic spirals. Finally, the outer portion is the lin
earshear zone in which the soil shears along planar surfaces.

Since Terzaghi neglected the shear strength of soils between the ground surface and

a depth D, the shear surface stops at this depth and the overlying soil has been replaced

with the surcharge pressure er:,;'. This approach is conservative, and is part of the reason
for limiting the method to relatively shallow foundations (D ~ B).

Terzaghi developed his theory for continuous foundations (i.e., those with a very

large VB ratio). This is the simplest case because it is a two-dimensional problem. He

then extended it to square and round foundations by adding empirical coefficients ob

tained from model tests and produced the following bearing capacity formulas:
For square foundations:

o The depth of the foundation is less than or equal to its width (D ~ B).
o The bottom of the foundation is sufficiently rough that no sliding occurs between

the foundation and the soil.

o The soil beneath the foundation is a homogeneous semi-infinite mass (i.e., the soil

extends for a great distance below the foundation and the soil properties are uniform

throughout).

o The shear strength of the soil is described by the formula s = c' + er' tan <1>'.

o The general shear mode of failure governs.

o No consolidation of the soil occurs (Le., settlement of the foundation is due only to

the shearing and lateral movement of the soil).

o The foundation is very rigid in comparison to the soil.

o The soil between the ground surface and a depth D has no shear strength, and serves

only as a surcharge load.

o The applied load is compressive and applied vertically to the centroid of the founda

tion and no applied moment loads are present.

[ quit = 1.3 c' Ne + er;oNq + 0.4-/ BN~ I

For continuous foundations:

(6.4)

Terzaghi considered three zones in the soil, as shown in Figure 6.5. Immediately

beneath the foundation is a wedge zone that remains intact and moves downward with the -L I quit = c· Ne + er;oNq + 0.5"(' BN~ I
(6.5)
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For circular foundations:
TABLE 6.1 BEARING CAPACITY FACTORS

These bearing capacity factors are also presented in tabular form in Table 6.1. Notice that
Terzaghi's Ne of 5.7 is smaller than the value of 6.28 derived from the simple bearing ca~
pacity analysis. This difference the result of using a circular failure surface in the simple
method and a more complex geometry in Terzaghi's method.

Because of the shape of the failure surface, the values of e' and <1>'only need to rep
resent the soil between the bottom of the footing and a depth B below the bottom. The

soils between the ground surface and a depth D are treated simply as overburden.
Terzaghi's formulas are presented in terms of effective stresses. However, they also

may be used in a total stress analyses by substituting eT' <l>T>and aD for e', <1>', and aD" If
saturated undrained conditions exist, we may conduct a total stress analysis with the shear

strength defined as eT= SII and <l>T= O.In this case, Ne = 5.7, N'I = 1.0, and Ne = 0.0.

The Terzaghi bearing capacity factors are:

Where:

quit = ultimate bearing capacity
e' = effective cohesion for soil beneath foundation

<I>' = effective friction angle for soil beneath foundation

a,p' = vertical effective stress at depth D below the ground surface
(a,p' = -y D if depth to groundwater table is greater than D)

-y' = effective unit weight of the soil (-y = -y' if groundwater table is very deep;
see discussion later in this chapter for shallow groundwater conditions)

D = depth of foundation below ground surface
B = width (or diameter) of foundation

N" N,I' N~ = Terzaghi's bearing capacity factors =!(<I>') (See Table 6.1 or Equations
6.7-6.12.)

Tef2aghi Vesic

(for use in Equations 6.4-6.6)
(for use in Equation 6.13)

(I>' (deg)
N,NqN~NeN'IN~

0

5.71.00.05.11.00.0

1
6.01.10.15.41.10.1

2
6.31.20.15.61.20.2

3
6.61.30.25.91.30.2

4
7.01.50.36.21.40.3

5
7.31.60.46.51.60.4

6

7.71.80.56.81.70.6

7

8.22.00.67.21.90.7
8

8.62.20.77.52.10.9

9

9.12.40.97.92.31.0

10

9.62.71.08.32.51.2

11
10.23.01.28.82.71.4

12
10.83.31.49.33.01.7

13
11.43.61.69.83.32.0

14
12.14.01.910.43.62.3

15
12.94.42.211.03.92.6

16

13.74.92.511.64.33.1
17

14.65.52.912.34.83.5

18

15.56.03.313.15.34.1
19

16.66.73.813.95.84.7

20
17.77.44.414.86.45.4

21

18.98.35.115.87.16.2

22

20.39.25.916.97.87.1

23
21.710.26.818.08.78.2

24

23.411.47.919.'39.69.4

25

25.112.79.220.710.710.9
26

27.114.210.722.311.912.5

27

29.215.912.523.913.214.5
28

31.617.814.625.814.716.7
29

34.220.017.127.916.419.3
30

37.222.520.130.118.422.4

31

40.425.323.732.720.626.0
32

44.028.528.035.523.230.2
33

48.132.233.338.626.135.2
34

52.636.539.642.229.441.1

35

57.841.447.346.133.348.0

36
63.547.256.750.637.856.3

37
70.153.868.155.642.966.2

38

77.561.582.361.448.978.0

39

86.070.699.867.956.092,2
40

95.781.3121.575.364.2109.4

41
106.893.8148.583.973.9130.2

(6.8)

(6.9)

(6.7)

(6.6)

(6.11)

(6.10)for <1>'> 0

for <1>'=0

ao = e1r(O.75 -""/36O)'an<l>'

I Ne = 5.71

>
a-

N = 0

q 2 cos2(45 + <1>'/2)

tan<l> , (KfTY )N~ = -2- cos2<1>' - I

I quit = 1.3 e'Ne + a~DNq + 0.3-y' BN~ I

-.....oiL
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Terzaghi used a tedious graphical method to obtain values for Kp-y. then used these
values to compute N~.He also computed values of the other bearing capacity factors and
presented the results in plots of Ne.N~. and N~ as a function of <I>'- These plots and tables
such as Table 6.1 are still a convenient way to evaluate these parameters. However, the
advent of computers and hand-held calculators has generated the need for the following
simplified formula for N~:

Setting q = q"'t' using Equation 5.1, and solving for P gives:

Wr = (3.25 ft)(3.25 ft)(2.0 ft)(150 Ib/ftJ) = 3169lb

= (1.3)(150 IbW)(37.2) + (242Ib/ft2)(22.5) + (0.4)(121Ib/fr')(3.25 ft)(20.1)

= 7254 + 5445 + 3162

<=Answer= 15.900 Ib/fr

q"'t = 1.3c'N,. + a~Nq + 0.4-y' BN,

(6.12)
2 (Nq + I) tan<l>'

N~ = I + 0.4 sin(4 <1>')

The author developed Equation 6.12 by fitting a curve to match Terzaghi's. It pro

duces N~values within about 10 percent of Terzaghi's values. Alternatively, Kumbhojkar
(1993) provides a more precise. but more complex. formula for NT

Example 6.1

A square footing is to be constructed as shown in Figure 6.6. The groundwater table is at a
depth of 50 ft below the ground surface. Compute the ultimate bearing capacity and the col
umn load required to produce a bearing capacity failure.

Solution

For purposed of evaluating bearing capacity, ignore the slab-on-grade floor.

P+ W/q=----u
A

P + 3169lb

15,9001b/ft2 = ( )_ - 03.25 ft '

P = 165.000 lb

= 165 k <=Answer

According to this analysis, a column load of 165 k would cause a bearing capacity failure be
neath this footing. Nearly half of this capacity comes from the first term in the bearing capac
ity formula and is therefore dependent on the cohesion of the soil. Since the cohesive strength
is rather tenuous, it is prudent to use conservative values of c in bearing capacity analyses. In
contrast, the frictional strength is more reliable and does not need to be interpreted as conser
vatively.

For <1>' = 30°: N, = 37.2, Nq = 22.5, N, = 20.1 (from Table 6.1)

a;o = -yD - u = (121Ib/ftJ)(2 ft) - 0 = 2421b/ft2

Example 6.2

The proposed continuous footing shown in Figure 6.7 will support the exterior wall of a new
industrial building. The underlying soil is an undrained clay. and the groundwater table is
below the bottom of the footing. Compute the ultimate bearing capacity, and compute the
wall load required to cause a bearing capacity failure.

p Solution

q"'t = s,,N,.+ a;oNq + 0.5-y' BN,

The depth of embedment, D, is measured from the lowest ground surface, so D = 0.4 m.

<=Answer

= (120 kPa)(5.7) + (7.2)(1) + 0.5-y'B(0)

= 691 kPa

a;o = -yD = (18.0)(0.4) = 7.2kPa

For <I> = 0: N, = 5.7,Nq = I,N, = o (from Table 6.1)

This analysis uses the undrained shear strength, S", Therefore, we will use Terzaghi's bearing
capacity formula with CT = S" = 120 kPa and <I> = o.

~

I I ( Slab-on-gradeFloor

I Oft

" > "O,!;--- 3ft 3m ----.J----L
cjl~"" 30"

Y'''''1211blft3Figure 6.6 Proposedfooting for Example
6.1.

~
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tributed. The formula developed in Vesic (1973, 1975) is based on theoretical and experi
mental findings from these and other sources and is an excellent alternative to Terzaghi. It
produces more accurate bearing values and it applies to a much broader range of loading
and geometry conditions. The primary disadvantage is its added complexity.

Vesic retained Terzaghi's basic format and added the following additional factors:

t
400 mm

..l

llOOmm1
I-700mm-l

S", Sq, S~ = shape factors

d", dq, d~ = depth factors

i", iq, i~ = load inclination factors

b", bq, b~ = base inclination factors

g,., gq, g~ = ground inclinationjactors

He incorporated these factors into the bearing capacity formula as follows:

The zone abovethe bottom of the footing is partly concreteand partlysoil.The weightof this
zone is small compared to the wall load. so compute it using 21 kN/m3 as the estimated
weightedaveragefor -y:

Clay s. = 120 kPa
'Y = 18.0 kN/m3

Once again, this formula is written in terms of the effective stress parameters e' and
<p', but also may be used in a total stress analysis by substituting eT and <PT' For undrained
total stress analyses, use eT= S" and <PT = O.

Terzaghi's formulas consider only vertical loads acting on a footing with a horizon
tal base with a level ground surface, whereas Vesic' s factors allow any or all of these to'
vary. The notation for these factors is shown in Figure 6.8.

Figure 6.7
6.2.

Proposed footing for Example

(0.4 m + l.l m) 1WJb = (0.7 m) 2 (21 kN/m) = 11 kN/m

Using Equation5.2:

<=Answer

q"lt = e'N"s"d"i,.b"g" + rr;f)Nqsqdqiqbqgq + 05y'BN~s~di~b~g~ (6.13)

P/b + ~/b

q"lt = q = B U

P/b + II kN/m

691 kPa = (0.7 m) - 0

P = 473 kN/m <=Answer

Terzaghi's method is still often used, primarily because it is simple and familiar.
However, it does not consider special cases, such as rectangular footings, inclined loads,
or footings with large depth:width ratios.

Vesi6's Bearing Capacity Formulas

The topic of bearing capacity has spawned extensive research and numerous methods of
analysis. Skempton (1951), Meyerhof (1953), Brinch Hansen (196Ib), DeBeer and
Ladanyi (1961), Meyerhof (1963), Brinch Hansen (1970), and many others have con-

~

Figure 6.8 Notation for Yesic's load inclination. base inclination. and ground inclination factors. All angles are

expressed in degrees.
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Shape Factors

Vesic considered a broader range of footing shapes and defined them in his S factors:

For loads inclined in the B direction:

]m+ I

V ~ 0

i = [1 - Ac'~ P + - ..
tan <1>'

(6.22)

(6.21)

]m

V >0

[1- +~ _
P tan <I>

i =
q

(6.14)

(6.15)

(6.16)

S, = 1 + (z) (~:)

Sq= 1 + (z)tan<l>'

I s~ = I - 0.4 (z) I

For continuous footings, BIL -? 0, so Se' Sq, and s~ become equal to I. This means
the S factors may be ignored when analyzing continuous footings.

2 + BILm=---
1 + BIL

(6.23)

Depth Factors For loads inclined in the L direction:

Unlike Terzaghi, Vesic has no limitations on the depth of the footing. This method might
even be used for deep foundations, although other methods are probably better for reasons
discussed in Chapter 14. The depth of the footing is considered in the following depth
factors:

2 + LIB
m=

1 + LIB
(6.24)

Load Inclination Factors

For relatively shallow foundations (DIB :5 1), use k = DIB. For deeper footings
(DIB> 1), use k = tan-I (DIB)with the tan-I term expressed in radians. Note that this pro
duces a discontinuous function at DIB = 1.

The load inclination factors are for loads that do not act perpendicular to the base of the
footing, but still act through its centroid (eccentric loads are discussed in Chapter 8). The
variable P refers to the component of the load that acts perpendicular to the bottom of
the footing, and V refers to the component that acts parallel to the bottom.

The load inclination factors are:

I d, = 1 + 0.4 k I

I dq = 1 + 2ktan<l>' (1 - sin <1>')2I

I d~ = 1 I

I ~~O Iie = 1 - Ac'N,

(6.17)

(6.18)

(6.19)

(6.20)

Where:

V = applied shear load

P = applied normal load

A = base area of footing

c' = effective cohesion (use c = SII for undrained analyses)

<1>'= effective friction angle (use <I>= 0 for undrained analyses)
B = foundation width

L = foundation length

If the load acts perpendicular to the base of the footing, the i factors equal 1 and
may be neglected. The i factors also equal 1 when <I>= O.

See the discussion in Chapter 8 for additional information on design of spread foot
ings subjected to applied shear loads.

Base Inclination Factors

The vast majority of footings are built with horizontal bases. However, if the applied load
is inclined at a large angle from the vertical, it may be better to incline the base of the
footing to the same angle so the applied load acts perpendicular to the base. Howev,er,
keep in mind that such footings may be difficult to construct.

The base inclination factors are:

~.-1l
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I be = 1 - ~ I

bq = b~ = (1 _ a tan <1>')257°

\\ (6.25)

(6.26)

QUESTIONS AND PRACTICE PROBLEMS

Note: Unless otherwise stated, all foundations have level bases, are located at sites with level

ground surfaces, support vertical loads, and are oriented so the top of the foundation is flush with
the ground surface.

(6.28)

(6.27)

(6.29)

for <1>'> 0 (6.30)

for <I>= 0 (6.31)

(6.32)

If the base of the footing is level, which is the usual case, all of the b factors become

equal to 1 and may be ignored.

Ground Inclination Factors

Footings located near the top of a slope have a lower bearing capacity than those on level

ground. VesiC's ground inclination factors, presented below, account for this. However,

there are also other considerations when placing footings on or near slopes, as discussed

in Chapter 8.

I ge = 1 -~

I gq = g~ = [1 - tanfjj21

If the ground surface is level (fj = 0), the g factors become equal to 1 and may be ig
nored.

Bearing Capacity Factors

Vesic used the following formulas for computing the bearing capacity factors Nq and Ne:

I Nq = e1Ttan<l>' tan2(45 + <1>'/2) I

INe=~ I

I Ne = 5.14 I

Most other authorities also accept Equations 6.29 to 6.31, or others that produce

very similar results. However, there is much more disagreement regarding the proper
value of N~. Relatively small changes in the geometry of the failure surface below the

footing can create significant differences in N~, especially in soils with high friction an
gles. Vesic recommended the following formula:

I N~ = 2 (Nq + 1) tan <1>'I

Vesic's bearing capacity factors also are presented in tabular form in Table 6.1. The

application of VesiC' s formula is illustrated in Example 6.3 later in this chapter.

~

6.1 List the three types of bearing capacity failures and explain the differences between them.

6.2 A 1.2-m square, OA-m deep spread footing is underlain by a soil with the following proper
ties: "y = 19.2 kN/m\ c' = 5 kPa, <1>'= 30°. The groundwater table is at a great depth.

a. Compute the ultimate bearing capacity using Terzaghi' s method.

b. Compute the ultimate bearing capacity using Vesic's method.

6.3 A 5 ft wide, 8 ft long, 2 ft deep spread footing is underlain by a soil with the following proper
ties: "y = 120 Ib/fr\ c' = 100 Ib/ft2, <1>'= 28°. The groundwater table is at a great depth. Using

Vesic' s method, compute the column load required to cause a bearing capacity failure.

6.3 GROUNDWATER EFFECTS

The presence of shallow groundwater affects shear strength in two ways: the reduction of

apparent cohesion, and the increase in pore water pressure. Both of these affect bearing

capacity, and thus need to be considered.

Apparent Cohesion

Sometimes soil samples obtained from the exploratory borings are not saturated, espe

cially if the site is in an arid or semi-arid area. These soils have additional shear strength

due to the presence of apparent cohesion, as discussed in Chapter 3. However, this addi

tional strength will disappear if the moisture content increases. Water may come from

landscape irrigation, rainwater infiltration, leaking pipes, rising groundwater, or other

sources. Therefore, we do not rely on the strength due to apparent cohesion.

In order to remove the apparent cohesion effects and simulate the "worst case" con

dition, geotechnical engineers usually wet the samples in the lab prior to testing. This may

be done by simply soaking the sample, or, in the case of the triaxial test, by backpressure

saturation. However, even with these precautions, the cohesion measured in the labora

tory test may still include some apparent cohesion. Therefore, we often perform bearing

capacity computations using a cohesion value less than that measured in the laboratory.

Pore Water Pressure

If there is enough water in the soil to develop a groundwater table, and this groundwater

table is within the potential shear zone, then pore water pressures will be present, the ef

fective stress and shear strength along the failure surface will be smaller, and the ultimllte

bearing capacity will be reduced (Meyerhof, 1955). We must consider this effect when

conducting bearing capacity computations.



If a total stress analysis is being performed, do not apply any groundwater correc
tion because the groundwater effects are supposedly implicit within the values of CT and
<!>T' In this case, simply use "I' = "I in the bearing capacity equations, regardless of the
groundwater table position.
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When exploring the subsurface conditions, we determine the current location of the
groundwater table and worst-case (highest) location that might reasonably be expected
during the life of the proposed structure. We then determine which of the following three
cases describes the worst-case field conditions:
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• Case I: D", S;D

• Case 2: D < Dw < D + B

• Case 3: D + B S; D",

All three cases are shown in Figure 6.9.
We account for the decreased effective stresses along the failure surface by adjust

ing the effective unit weight, "I', in the third term of Equations 6.4 to 6.6 and 6.13 (Vesic,
1973). The effective unit weight is the value that, when multiplied by the appropriate soil
thickness, will give the vertical effective stress. It is the weighted average of the buoyant
unit weight, 'Yh' and the unit weight, "I, and depends on the position of the groundwater
table. We compute "I' as follows:

For Case I (D" S; D):

Example 6.3

A 30-m by 50-m mat foundation is to be built as shown in Figure 6.10. Compute the ultimate
bearing capacity.

Solution

Determine groundwater case:

Dw= 12m;D= IOm:B=30m D<D".<D+B:. Case 2

Using Equation 6.34:

( ( D" - D ),\ (( 12 - 10))'1/ = 'I - 'I ••. I - -B- ')= 18.5 - 9.8 I - ~ = 9.4 kN/ml

In Case I, the second term in the bearing capacity formulas also is affected, but the
appropriate correction is implicit in the computation of (]"D"

I "If = 'Yh = "I - "1",1

For Case 2 (D < D" < D + B):

I "1/ = "I - 'Yw (I - ( ~)) I

For Case 3 (D + B S;D,,; no groundwater correction is necessary):

I "If = "I I

(6.33)

(6.34)

(6.35)

Use Vesic's method with 'I' in the third term. Since c' = 0, there is no need to compute any of
the other factors in the first term of the bearing capacity equation.

For 4>' = 30°: Nq = 18.4, N, = 22.4 (from Table 6.1)

cr;D = 'ID - u

= (I8.5kN/m1)(lOm) - 0

= 185 kPa

s" = 1 + (z) tan 4> = I + G~)tan 30° = 1.35

D 10
k = - = - = 0.33

B 30

Figure 6.9 Three groundwater cases for bearing capacity analyses. 1 Figure 6.10 Proposed mat foundation for

Example 6.3.
c'=o

30 m

+' =30" '1 = 18.5 kNlm3

I
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The various i, b, and g factors in Vesic's equationare all equal to I, and thus may be ignored.

ALLOWABLE BEARING CAPACITY

= 0 + 185(18.4)(1.35)(1.10) + 0.5(9.4)(30)(22.4)(0.76)(1)

qll{/ = c'Ncs)chcg,· + (J'':J)N(fS'fd,/qb(fgq + 0.5 ,,/'BN",s"(d-yi-yb'Yg-y

• Soil type. Shear strength in clays is less reliable than that in sands, and more fail
ures have occurred in clays than in sands. Therefore, use higher factors of safety in
clays.

• Site characterization data. Projects with minimal subsurface exploration and labo
ratory or in-situ tests have more uncertainty in the design soil parameters, and thus
require higher factors of safety. However, when extensive site characterization data
is available, there is less uncertainty so lower factors of safety may be used.

• Soil variability. Projects on sites with erratic soil profiles should use higher factors
of safety than those with uniform soil profiles.

• Importance of the structure and the consequences of a failure. Important pro
jects, such as hospitals, where foundation failure would be more catastrophic may
use higher factors of safety than less important projects, such as agricultural storage
buildings, where cost of construction is more important. Likewise, permanent struc
tures justify higher factors of safety than temporary structures, such as construction
falsework. Structures with large height-to-width ratios, such as chimneys or towers,
could experience more catastrophic failure, and thus should be designed using
higher factors of safety.

• The likelihood of the design load ever actually occurring. Some structures, such
as grain silos, are much more likely to actually experience their design loads, and
thus might be designed using a higher factor of safety. Conversely, office buildings
are much less likely to experience the design load, and might use a slightly lower
factor of safety.

Figure 6.11 shows ranges of these parameters and typical values of the factor of
safety. Geotechnical engineers usually use factors of safety between 2.5 and 3.5 for bear
ing capacity analyses of shallow foundations. Occasionally we might use values as low as
2.0 or as high as 4.0.

(6.36)
I - qUI'1

qu - F

<=Answer= 7455 kPa

Commentary

Becauseof the large depth and large width, this is a very large ultimatebearingcapacity. It is
an order of magnitude greater than the bearing pressure producedby the heaviest structures,
so there is virtuallyno risk of a bearing capacity failure.This is alwaysthe case with mats on
sandy soils. However, mats on saturated clays need to be evaluated using the undrained
strength,c = Su' q, = 0), so quit is much smaller and bearingcapacity might be a concern (see
the case study of the Fargo Grain Elevator later in this chapter).

d'l = I + 2ktanq,'(1 - sinq,')2

= I + 2(0.33) tan 30°(1 - sin 30°)2

=1.10

Nearly all bearing capacity analyses are currently implemented using allowable stress de
sign (ASD) methods. This is true regardless of whether or not load and resistance factor
design (LRFD) methods are being used in the structural design. To use ASD, we divide
the ultimate bearing capacity by a factor of safety to obtain the allowable bearing capac
ity, q,,:

6.4

We then design the foundation so that the bearing pressure, q, does not exceed the
allowable bearing pressure, q,,:

Most building codes do not specify design factors of safety. Therefore, engineers
must use their own discretion and professional judgment when selecting F. Items to con
sider when selecting a design factor of safety include the following: Figure 6,11 Factors affecting the design factor of safety. and lypical values of F.

Where:

qa = allowable bearing capacity

qui' = ultimate bearing capacity

F = factor of safety

I q :5 qa I
(6.37)

SoilType

SiteCharacterizationData

Soil Variability

Importanceof Structure
& Consequencesof Failure

Likehoodof DesignLoad
Occurring

DesignF [Extreme ValuesTypicalRange

Sand , , Clay

Extensive__- Minimal

Uniform , , Erratic

Low, • High

Low •• High

2.0 , .4.0

2.5+------3.5

;..



6.5 Selection of Soil Strength Parameters

SELECTION OF SOIL STRENGTH PARAMETERS

Degree of Saturation and Location of Groundwater Table

Note: Chapter 8 presents an alternativemethod of sizing footingssubjected to wind or seis
mic loads.

193

<=AnswerB = 10 ft 0 in

Round off to the nearest3 in (withSI units, round off to nearest 100mm):

Proper selection of the soil strength parameters, c' and 4>', can be the most difficult part of
performing bearing capacity analyses. Field and laboratory test data is often incomplete
and ambiguous, and thus difficult to interpret. In addition, the computed ultimate bearing
capacity, quit' is very sensitive to changes in the shear strength. For example, if a bearing
capacity analysis on a sandy soil is based on 4>' = 40°, but the true friction angle is only
35° (a 13 percent drop), the ultimate bearing capacity will be 50 to 60 percent less than
expected. Thus, it is very important not to overestimate the soil strength parameters. This
is why most engineers intentionally use a fairly conservative interpretation of field and
laboratory test data when assessing soil strength parameters.

6.5

Chapter 6 Shallow Foundations-Bearing Capacity

The true factor of safety is probably much greater than the design factor of safety,

because of the following:

• The shear strength data are normally interpreted conservatively, so the design val
ues of c and 4> implicitly contain another factor of safety.

• The service loads are probably less than the design loads.

• Settlement, not bearing capacity, often controls the final design, so the footing will

likely be larger than that required to satisfy bearing capacity criteria.

• Spread footings are commonly built somewhat larger than the plan dimensions.

Bearing capacity analyses also can be performed using LRFD, as described ID

Chapter 21.

Example 6.4

A columnhas the followingdesign vertical loads: Po = 300 k. PL = 140k. Pw = 160k will be
supportedon a spread footing located 3 ft below the groundsurface.The underlyingsoil has
an undrainedshear strength of 2000 Ib/ft2 and a unit weight of 109 lb!ft'. The groundwater
table is at adepth of 4 ft. Determine the minimumrequired footingwidth to maintaina factor
of safetyof 3 againsta bearing capacity failure.

192

Solution

Determinedesignworking load using Equations 2.1,2.2, 2.3a, and 2.4a:

Po = 300k

Po + PL = 300k + 140k = 440k

0.75 (Po + PL + PIV) = 0.75(3OOk+ 140k + 160k) = 450k+-Controls

0.75 (Po + pw) = 0.75 (300 k + 160k) = 345 k

UsingTerzaghi's method:

<T~ = 'ID - u = (109Ib/ft')(3 ft) - 0 = 327 lb/ft"

As discussed in Section 6.3, soils that are presently dry could become wetted sometime
during the life of the structure. It is prudent to design for the worst-case conditions, so we
nearly always use the saturated strength when performing bearing capacity analyses, even
if the soil is not currently saturated in the field. This produces worst-case values of c' and
<1>'. We can do this by saturating, or at least soaking, the samples in the laboratory before
testing them.

However, determining the location of the groundwater table is a different matter.
We normally attempt to estimate the highest potential location of the groundwater table
and design accordingly using the methods described in Section 6.3. The location of the
groundwater table influences the bearing capacity because of its effect on the effective
stress, er'.

q"'t = 1.3s"N, + <T~N"+ 0.4'1'BN,

= 1.3(2000Ib/ft")(5.7) + (327 Ib/ft")(I) + 0

= 15,147Ib/ft"

quit 15,147Ib/ft" ,
qa = F = 3 = 5049 lb/ft-

Wf = 3 B2(150 lb/ft)) = 450 B"

P + ~. 450,000 + 450 B"

qu=q=-A--U405049= B2 -040B=9.89ft

Drained vs. Undrained Strength

Footings located on saturated clays generate positive excess pore water pressures when
they are loaded, so the most likely time for a bearing capacity failure is immediately after
the load is applied. Therefore, we conduct bearing capacity analyses on these soils using
the undrained shear strength, s".

For footings on saturated sands and gravels, any excess pore water pressures are
very small and dissipate very rapidly. Therefore, evaluate such footings using the effec
tive cohesion and effective friction angle, c' and 4>' ..

Saturated intermediate soils, such as silts, are likely to be partially drained, and en
gineers have varying opinions on how to evaluate them. The more conservative approach
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Collapse of the Fargo Grain Elevator

One of the most dramatic bearing capacity failures was the Fargo Grain Elevator collapse of

1955. This grain elevator, shown in Figure 6.12, was built near Fargo, North Dakota, in 1954.1t
was a reinforced concrete structure composed of twenty cylindrical bins and other appurtenant
structures, all supported on a 52-ft (15.8 m) wide, 218-ft (66.4 m) long, 2-ft 4-in (0.71 m) thick
mat foundation.

is to use the undrained strength, but many engineers use design strengths somewhere be

tween the drained and undrained strength.

Unsaturated soils are more complex and thus more difficult to analyze. If the

groundwater table will always be well below the ground surface, many engineers use total

stress parameters er and <l>r based on samples that have been "soaked," but not necessarily

fully saturated, in the laboratory. Another option is to treat such soils as being fully satu

rated and analyze them as such.

'",
.;
~ I
~ 4 :v ,
~ :

.~ 3 Net Dead_ Load Pressure i

~ 2 ----------------------------------~-----------------l-z ,
~ I :e I
v I< 0

1 10 20 30 10 20 31 1012

r-----April -/------ May • r-- June. 1955

Figure 6.13 Rate of loading (Nordlund and Deere, 1970;Reprinted by permissionof ASCE).

Failure

•• 6

3

Early on the morning of June 12, 1955, the elevator collapsed and was completely de
stroyed. This failure was accompanied by the formation of a 6 ft (2 m) bulge, as shown in Figure 6.15.

No geotechnical investigation had been performed prior to the construction of the eleva

tor, but Nordlund and Deere (1970) conducted an extensive after-the-fact investigation. They
found that the soils were primarily saturated clays with s" = 600-1000 Ib/ft2 (30-50 kPa). Bear
ing capacity analyses based on this data indicated a net ultimate bearing capacity of 4110 to

6520 Ib/ft2 (197-312 kPa) which compared well with the q' at failure of 4750 Ib/ft2 (average)
and 5210 Iblft2 (maximum).
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T 00 --

. ---

16.0

0.0 1.0 2.0 3.0 4.0 5.0

AverageNet BearingPressure,q' (k/ff)

'Probable SettlementBeforeInstallation
of ElevationBenchmarks

~
00
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Figure 6.14 Settlementat centroid of
mat (Nordlundand Deere. 1970;
Reprintedby permissionof ASCE).

Sheet
Piling

The average net bearing pressure, q' = q - <7zJJ', caused by the weight of the empty struc
ture was 1590 Ib/ft2 (76.1 kPa). When the bins began to be filled with grain in April 1955, q'
began to rise, as shown in Figure 6.13. In this type of structure, the live load (i.e., the grain) is
much larger than the dead load; so by mid-June, the average net bearing pressure had tripled and
reached 4750 Ib/ft2 (227 kPa). Unfortunately, as the bearing pressure rose, the elevator began to
settle at an accelerating rate, as shown in Figure 6.14.

Figure 6.12 Elevation,views of the elevator (Nordlund and Deere, 1970:Reprinted by permission
of ASCE).
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Probable Sliding
Surface

Boring 3I
:

o 10 20 30

6.5 A 120-ft diameter cylindrical tank with an empty weight of 1,900,000 Ib (including the weight
of the cylindrical mat foundation) is to be built. The bottom of the mat will be at a depth of
2 ft below the ground surface. This tank is to be filled with water. The underlying soil is an
undrained clay with SIt = 1000 Ib/ft2 and"y = 118Ib/ft', and the groundwater table is at a depth
of 5 ft. Using Terzaghi's equations, compute the maximum allowable depth of the water in the
tank that will maintain a factor of safety of 3.0 against a bearing capacity failure. Assume the
weight of the water and tank is spread uniformly across the bottom of the tank.

Note: Unless otherwise stated, all foundations have level bases, are located at sites with level

ground surfaces, support vertical loads, and are oriented so the top of the foundation is flush with
the ground surface.

6.4 A column carrying a vertical downward dead load and live load of 150 k and 120 k, respec
tively, is to be supported on a 3-ft deep square spread footing. The soil beneath this footing is
an undrained clay with Su = 3000 Ib/ft2 and "y= 117 Ib/fi'. The groundwater table is below the

bottom of the footing. Compute the width B required to obtain a factor of safety of 3 against a
bearing capacity failure.

QUESTIONS AND PRACTICE PROBLEMS
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Figure 6.15 Cross section of collapsed elevator (Nordlund and Deere. 1970; Reprinted

by permission of ASCE).

The investigation of the Fargo Grain Elevator failure demonstrated the reliability of bear
ing capacity analyses. Even a modest exploration and testing program would have produced
shear strength values that would have predicted this failure. If such an investigation had been
performed. and if the design had included an appropriate factor of safety, the failure would not
have occurred. However, we should not be too harsh on the designers, since most engineers in
the early 1950s were not performing bearing capacity analyses.

Although bearing capacity failures of this size are unusual, this failure was not without
precedent. A very similar failure occurred in 1913 at a grain elevator near Winnipeg, Manitoba,
approximately 200 miles (320 km) north of Fargo (Peck and Bryant, 1953; White, 1953; Skaft
feld, 1998). This elevator rotated to an inclination of 27" from the vertical when the soil below

experienced a bearing capacity failure at an average q' of 4680 Ib/ft2 (224 kPa). The soil profile
is very similar to the Fargo site, as is the average q' values at failure.

Geotechnical researchers from the University of lllinois investigated the Winnipeg fail
ure in 1951. They drilled exploratory borings, performed laboratory tests, and computed a net
ultimate bearing capacity of 5140 Iblft2 (246 kPa). Once again, a bearing capacity analysis
would have predicted the failure, and a design with a suitable factor of safety would have pre
vented it. Curiously, the results of their study were published in 1953, only two years before
the Fargo failure. This is a classic example of engineers failing to learn from the mistakes of
others.

1

6.6 A 1.5-m wide, 2.5-m long, 0.5-m deep spread footing is underlain by a soil with c' = 10 kPa,

<1>' = 32°, "y= 18.8 kN/m·~. The groundwater table is at a great depth. Compute the maximum
load this footing can support while maintaining a factor of safety of 2.5 against a bearing ca
pacity failure.

6.7 A bearing wall carries a dead load of 120 kN/m and a live load of 100 kN/m. It is to be sup
ported on a 4QO-mm deep continuous footing. The underlying soils are medium sands with

c' = 0, <1>' = 37°,"y = 19.2 kN/m'. The groundwater table is at a great depth. Compute the mini
mum footing width required to maintain a factor of safety of at least 2 against a bearing capac
ity failure. Express your answer to the nearest 100 mm.

6.8 After the footing in Problem 6.7 was built, the groundwater table rose to a depth of 0.5 m
below the ground surface. Compute the new factor of safety against a bearing capacity failure.
Compare it with the original design value of 2 and explain why it is different.

6.9 A 5-ft wide, 8-ft long, 3-ft deep footing supports a downward load of 200 k and a horizontal

shear load of 25 k. The shear load acts parallel to the 8-ft dimension. The underlying soils
have CT= 500 Ib/ft2, <l>T= 28°, "y= 123 Ib/fe. Using a total stress analysis, compute the factor
of safety against a bearing capacity failure.

6.10 A spread footing supported on a sandy soil has been designed to support a certain column load
with a factor of safety of 2.5 against a bearing capacity failure. However, there is some uncer- ,

tainty in both the column load, P, and the friction angle. <1>. Which would have the greatest im
pact on the actual factor of safety: An actual P that is twice the design value, or actual <I> that
is half the design value? Use bearing capacity computations with reasonable assumed values
to demonstrate the reason for your response.
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(6.39)

(6.38)

6.6 BEARING CAPACITY ANAL VSIS IN SOil-lOCAL AND PUNCHING
SHEAR CASES

As discussed earlier, engineers rarely need to compute the local or punching shear bearing
capacities because settlement analyses implicitly protect against this type of failure. In ad
dition, a complete bearing capacity analysis would be more complex because of the fol
lowing:

• These modes of failure do not have well-defined shear surfaces, such as those

shown in Figure 6.1, and are therefore more difficult to evaluate.

• The soil can no longer be considered incompressible (Ismael and Vesic, 1981).

• The failure is not catastrophic (refer to Figure 6.2), so the failure load is more diffi
cult to define.

• Scale effects make it difficult to properly interpret model footing tests.

Terzaghi (1943) suggested a simplified way to compute the local shear bearing ca
pacity using the general shear formulas with appropriately reduced values of c' and <1>':

I C~dj = 0.67 c' I

I <1>~dj = tan -I (0.67 tan <1>') I

Vesic (1975) expanded upon this concept and developed the following adjustment
formula for sands with a relative density, D" less than 67%: •.

6.7 BEARING CAPACITY ON lA VERED SOilS

Thus far, the analyses in this chapter have considered only the condition where c', <1>', and
'Y are constant with depth. However, many soil profiles are not that uniform. Therefore,
we need to have a method of computing the bearing capacity of foundations on soilS
where c, <1>, and 'Y vary with depth. There are three primary ways to do this:

1. Evaluate the bearing capacity using the lowest values of c', <1>', and 'Y in the zone be
tween the bottom of the foundation and a depth B below the bottom. where B = the
width of the foundation. This is the zone in which bearing capacity failures occur
(per Figure 6.5), and thus is the only zone in which we need to assess the soil para
meters. This method is conservative, since some of the shearing occurs in the other,
stronger layers. However, many design problems are controlled by settlement any
way, so a conservative bearing capacity analysis may be the simplest and easiest so
lution. In other words, if bearing capacity does not control the design even with a
conservative analysis, there is no need to conduct a more detailed analysis.

or 2. Use weighted average values of c', <1>', and 'Y based on the relative thicknesses of
each stratum in the zone between the bottom of the footing and a depth B below the
bottom. This method could be conservative or unconservative, but should provide
acceptable results so long as the differences in the strength parameters are not too
great.

or 3. Consider a series of trial failure surfaces beneath the footing and evaluate the
stresses on each surface using methods similar to those employed in slope stability
analyses. The surface that produces the lowest value of qull is the critical failure sur
face. This method is the most precise of the three. but also requires the most effort
to implement. It would be appropriate only for critical projects on complex soil pro
tiles.

I <1>~dj = tan-I [(0.67 + Dr - 0.75D~) tan <1>'] I

Where:

C'.dj = adjusted effective cohesion

<1>'.dj = adjusted effective friction angle
Dr = relative density of sand, expressed in decimal form (0 ~ Dr~ 67%)

(6.40)
Example 6.5

Using the secondmethod describedabove, compute the factorof safety against a bearingca
pacity failurein the square footing shown in Figure 6.16.

Solution

Although Equation 6.40 was confirmed with a few model footing tests, both meth
ods are flawed because the failure mode is not being modeled correctly. However, local or
punching shear will normally only govern the final design with shallow, narrow footings
on loose sands, so an approximate analysis is acceptable. The low cost of such footings
does not justify a more extensive analysis, especially if it would require additional testing.

An important exception to this conclusion is the case of a footing supported by a
thin crust of strong soil underlain by very weak soil. This would likely be governed by
punching shear and would justify a custom analysis. 1'.,._ :'.-If.

Weightingfactors
Upperstratum: 1.1/1.8 = 0.611
Lowerstratum:0.7/1.8 = 0.389

Weightedvaluesof soil parameters:

c' = (0.611 )(5 kPa) + (0.389)(0) = 3 kPa

<1>' = (0.611)(32°) + (0.389)(38°) = W
'f = (0.611)(18.2 kN/m') + (0.389)(20.1 kN/m') = 18.9 kN/m'



~

200 Chapter 6 Shallow Foundations-Bearing Capacity 6.8 Accuracy of Bearing Capacity Analyses 201

13.0m -,

,
~. gl,1.1 Ill"=0

• ~N '0.7 m
u:;. ,

,
..±.--

800 kN

Fine-to-medium Sand
c'=O
.'= 38°
y= 20.1 kN/m3

Figure 6.16 Spread footing for Example 6.6.

Figure 6.17 Spread fOOling on a hard <:rust underlain by softer soils.

The computed factor of safety of 5.7 is much greater than the typical minimum values
of 2.5 to 3.5. Therefore, the footing is overdesigned as far as bearing capacity is con
cerned. However, it is necessary to check settlement (as discussed in Chapter 7) before
reducing the size of this footing. <= Answer

Groundwater case 1 (Dw :0;D)

-y' = -y - -Yw = 18.9 kN/m3 - 9.8 kN/m3 = 9.1 kN/m3

w, = (1.8 m)2(1.5 m)(17.5 kN/m3) + (1.8 m)2(0.4 m)(23.6 kN/m3) = 116 kN

Figure 6.17 shows a layered soil condition that deserves special attention: a shallow
foundation constructed on a thin crust underlain by softer soils. Such crusts are common
in many soft clay deposits, and can be deceiving because they appear to provide good
support for foundations. However, the shear surface for a bearing capacity failure would
extend into the underlying weak soils. This is especially problematic for wide founda
tions, such as mats. because they have correspondingly deeper shear surfaces.

This condition should be evaluated using the third method described above. In addi
tion, the potential for a punching shear failure needs to be checked.

cr~ = ~ -yH - u

qui' = 1.3c'Ne + cr'oNq + 0.4 -yBN~

Use Terzaghi's formula

For <1>' = 34°, Ne = 52.6, Nq = 36.5, N~ = 39.6

P + W, 800kN + 116kN _ 27kPa = 256kPa
q= -A--UD= (1.8m2)

= (1.3)(3)(52.6) + (27)(36.5) + (0.4)(9.1)(1.8)(39.6)

= 1450 kPa

Engineers have had a few opportunities to evaluate the accuracy of bearing capacity
analyses by evaluating full-scale bearing capacity failures in real foundations. and by con
ducting experimental load tests on full-size foundations.

Bishop and Bjerrum (1960) compiled the results of fourteen case studies of failures
or load tests on saturated clays. as shown in Table 6.2, and found the computed factor of
safety in each case was within 10 percent of the true value of 1.0. This is excellent agree
ment. and indicates the bearing capacity analyses are very accurate in this kind of soil.
The primary source of error is probably the design value of the undrained shear strength.
s••.In most practical designs. the uncertainty in s" is probably greater than 10 percent, but
certainly well within the typical factor of safety for bearing capacity analyses.

Shallow foundations on sands have a high ultimate bearing capacity, especially
when the foundation width. B. is large, because these soils have a high friction angle.
Small-model footings. such as those described in Section 6.1. can be made to fail. buLit is
very difficult to induce failure in large footings on sand. For example. Briaud and

6.8 ACCURACY OF BEARING CAPACITY ANALYSES

{=AnswerF = quit _ 1450 kPa
q - 256kPa = 5.7

= (17.5 kN/m3)(1.2 m) + (18.2 kN/m3)(0.7 m) - (9.8 kN/m3)(0.7 m)

= 27 kPa

1
.L



QUESTIONS AND PRACTICE PROBLEMS-SPREADSHEET ANALYSES

6.13 A certain column carries a vertical downward load of 424 k. It is to be supported on a 3-ft

deep rectangular footing. Because of a nearby property line. this footing may be no more than

6.12 a. Using the BEARtNG.XLS spreadsheet, solve Problem 6.7.

b. This footing has been built to the size determined in Part a of this problem. Sometime after
construction, assume the groundwater table rises to a depth of 0.5 m below the ground sur
face. Use the spreadsheet to determine the new factor of safety.
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6.11 A certain column carries a vertical downward load of 1200 kN. It is to be supported on a I m

deep, square footing. The soil beneath this footing has the following properties: 'I = 20.5
kN/m3, c' = 5 kPa, <1>' =36°. The groundwater table is at a depth of 1.5 m below the ground
surface. Using the BEARtNG.XLS spreadsheet, compute the footing width required for a factor
of safety of 3.5.

Bearing capacity analyses can easily be performed using a spreadsheet, such as Microsoft

Excel. These· spreadsheets remove much of the tedium of performing the analyses by

hand. For example, to find the required footing width, the engineer can simply input all of

the other parameters and, through a rapid process of trial-and-error, find the value of B
that produces the required allowable load capacity. Spreadsheets also facilitate "what-if'
studies.

A Microsoft Excel spreadsheet called BEARING.XLS has been developed in conjunc

tion with this book. It may be downloaded from the Prentice Hall web site, as described in

Appendix B. Figure 6.19 shows a typical screen.

6.9 Bearing Spreadsheet

Fi~ure 6.18 Results of static load tests on

full-sized spread footings (Adapted from
Briaud and Gibbens. 1994).

6.9 BEARING SPREADSHEET

Gibbens (1994) conducted static load tests on five spread footings built on a silty fine

sand. The widths of these footings ranged from 1 to 3 m, the computed ultimate bearing

capacity ranged from 800 to 1400 kPa, and the load-settlement curves are shown in Fig

ure 6.18. The smaller footings show no indiction of approaching the ultimate bearing ca

pacity, even at bearing pressures of twice quit and settlements of about 150 mm. The larger
footings appear to have an ultimate bearing capacity close to quit' but a settlement of well

over 150 mm would be required to reach it. These curves also indicate the design of the
larger footings would be governed by settlement, not bearing capacity, so even a conserv

ative evaluation of bearing capacity does not adversely affect the final design. For smaller

footings, the design might be controlled by the computed bearing capacity and might be

conservative. However, even then the conservatism in the design should not significantly
affect the construction cost.

Therefore, we have good evidence to support the claim that bearing capacity analy

sis methods as presented in this chapter are suitable for the practical design of shallow

foundations. Assuming reliable soil strength data is available, the computed values of q"u

are either approximately correct or conservative. The design factors of safety discussed in

Section 6.4 appear to adequately cover the uncertainties in the analysis.
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TABLE 6.2

EVALUATIONS OF BEARING CAPACITY FAILURES ON SATURATED CLAYS
(Bishop and Bjerrum, 1960).

Clay Properties
Computed

Moisture
LiquidPlasticPlasticityLiquidityFactor of

content
limitlimitindexindexSafety

Locality
IVIV/.IVpIpILF

Loading test, Marmoreni

10351520--0.250.92

Kensal Green
1.02

Silo, Transcona

501103080 0.251.09

Kippen

50702842 0.520.95

Screw pile, Lock Ryan
1.05

Screw pile, Newport
1.07

Oil tank, Fredrikstad

45552530 0.671.08

Oil tank A. Shellhaven

70872562 0.731.03

Oil tank B, Shellhaven
1.05

Silo, US

402035 1.370.98

Loading test, Moss

9168 1.391.10

Loading test, Hagalund

68551918 1.440.93

Loading test, Torp

2724 0.96

Loading test, Rygge

4537 0.95
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Figure 6.19 Typical screen from BEARING.XLS spreadsheet.

March 2.3. 2000

Example 6 4

most appropriate for quick hand calculations, whereas Brinch Hansen's are more

useful when greater precision is needed or special loading or geometry conditions
must be considered.

4. Shallow groundwater tables reduce the effective stress in the near-surface soils and

can therefore adversely affect bearing capacity. Adjustment factors are available to
account for this effect.

5. The allowable bearing capacity, qu' is the ultimate bearing capacity divided by a

factor of safety. The bearing pressure, q, produced by the unfactored structural load

must not exceed q",

6. Bearing capacity analyses should be based on the worst-case soil conditions that are

likely to occur during the life of the structure. Thus, we typically wet the soil sam

ples in the lab, even if they were not saturated in the field.

7. Bearing capacity analyses on sands and gravels are normally based on the effective

stress parameters, c' and <1>'. However, those on saturated clays are normally based

on the undrained strength, Sw

8. Bearing capacity computations also may be performed for the local and punching
shear cases. These analyses use reduced values of c' and (V

9. Bearing capacity analyses on layered soils are more complex because they need to

consider the c' and <1>' values for each layer.

10. Evaluations of foundation failures and static load tests indicate the bearing capacity

analysis methods presented in this chapter are suitable for the practical design of
shallow foundations.

416 k

VeSIC

14,097 Ib/ft"2

4,699 Ib/lt"2

T.;:rzaghl

Bearing Capacity

quit = 15,147 Iblft"]
q a ::; 5,049 Ib/ft"\~

AJlowable Column Load

p::; 450 k

Results

3 ft

so SO. Cl. CO. or RE

939 ft

n

E SI orE

2000 Ib/ft"2

(i deg
109Iblft'"'3

4 ft

Factor of Safety
F=

SOil Information

c=

phi ::

gamma ::;
Dw=

Foundabon Information

Shape

8=
L =

D=

Units of Measurement

Vocabulary

5 ft wide. The soil beneath this footing has the following properties: "y= 124 lb/ft', c' = 50

Ib/ft2, <1>' =34°. The groundwater table is at a depth of 6 ft below the ground surface. Using the
BEARING.XLS spreadsheet, compute the footing length required for a factor of safety of 3.0.

Allowable bearing capacity

Apparent cohesion

Bearing capacity factors

Bearing capacity formula

Bearing capacity failure

General shear failure

Local shear failure

Punching shear failure

Ultimate bearing capacity

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS
SUMMARY

Major Points

1. A bearing capacity failure occurs when the soil beneath the footing fails in shear.

There are three types of bearing capacity failures: general shear, local shear, and

punching shear.

2. Most bearing capacity analyses for shallow foundations consider only the general
shear case.

3. A variety of formulas have been developed to compute the ultimate bearing capac
ity, quit. These include Terzaghi's formulas and VesiC's formulas. Terzaghi's are

6.14 Conduct a bearing capacity analysis on the Fargo Grain Elevator (see sidebar) and back

calculate the average undrained shear strength of the soil. The groundwater table is at a depth
of 6 ft below the ground surface. Soil strata A and B have unit weights of 110 lb/ft): stratum D
has 95 Ib/ftJ. The unit weight of stratum C is unknown. Assume that the load on the founda
tion acted through the centroid of the mat.

6.15 Three columns, A, B, and C, are colinear, 500 mm in diameter, and 2.0 m on-center. They
have vertical downward loads of 1000, 550, and 700 kN, respectively, and are to be supported
on a single, 1.0 m deep rectangular combined footing. The soil beneath this proposed footing
has the following properties: "y= 19.5 kN/mJ, c' = 10 kPa, and <1>'= 31°. The groundwater
table is at a depth of 25 m below the ground surface.

.--4-
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a. Detennine the minimum footing length, L, and the placement of the columns on the foot
ing that will place the resultant load at the centroid of the footing. The footing must extend
at least 500 mm beyond the edges of columns A and C.

b. Using the results from part a, determine the minimum footing width, 8, that will maintain
a factor of safety of 2.5 against a bearing capacity failure. Show the final design in a
sketch.

Hint: Assume a value for 8, compute the allowable bearing capacity, then solve for 8. Re
peat this process until the computed 8 is approximately equal to the assumed 8.

6.16 Two columns, A and B, are to be built 6 ft 0 in apart (measured from their centerlines). Col
umn A has a vertical downward dead load and live loads of 90 k and 80 k, respectively. Col

umn B has corresponding loads of 250 k and 175 k. The dead loads are always present, but the
live loads mayor may not be present at various times during the life of the structure. It is also
possible that the live load would be present on one column, but not the other.

These two columns are to be supported on a 4 ft 0 in deep rectangular spread footing
founded on a soil with the following parameters: unit weight = 122 Ib/ft', effective friction
angle = 37°, and effective cohesion = lOO lb/ft'. The groundwater table is at a very great
depth.

a. The location of the resultant of the loads from columns A and B depends on the amount of
live load acting on each at any particular time. Considering all of the possible loading con
ditions, how close could it be to column A? To column B?

b. Using the results of part a, detennine the minimum footing length, L, and the location of
the columns on the footing necessary to keep the resultant force within the middle third of
the footing under all possible loading conditions. The footing does not need to be symmet
rical. The footing must extend at least 24 in beyond the centerline of each column.

c. Detennine the minimum required footing width, 8, to maintain a factor of safety of at least
2.5 against a bearing capacity failure under all possible loading conditions.

d. If the 8 computed in part c is less than the L computed in part b, then use a rectangular
footing with dimensions 8 x L. If not, then redesign using a square footing. Show your
final design in a sketch.

6.17 In May 1970, a 70 ft tall, 20 ft diameter concrete grain silo was constructed at a site in Eastern
Canada (Bozozuk, 1972b). This cylindrical silo, which had a weight of 183 tons, was sup
ported on a 3 ft wide, 4 ft deep ring foundation. The outside diameter of this foundation was

23.6 ft, and its weight was about 54 tons. There was no structural floor (in other words, the
contents of the silo rested directly on the ground).

Ihe silo was then filled with grain. The exact weight of this grain is not known, but was
probably. about 533 tons. Unfortunately, the silo collapsed on September 30, 1970 as a result
of a bearing capacity failure.

The soils beneath the silo are primarily marine silty clays. Using an average undrained
shear strength of 500 Ib/ft', a unit weight of 80 Ib/ft', and a groundwater table 2 ft below the
ground surface, compute the factor of safety against a bearing capacity failure, then comment
on the accuracy of the analysis, considering the fact that a failure did occur.

---
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Shallow Foundations-Settlement

From decayed fortunes every flatterer shrinks,
Men cease to build where the foundation sinks.

From the seventeenth-century British opera

The Duchess of Malft by John Webster (1624)

By the 1950s, engineers were performing bearing capacity analyses as a part of many rou

tine design projects. However, during that period many engineers seemed to have the mis

conception that any footing designed with an adequate factor of safety against a bearing ca

pacity failure would not settle excessively. Although settlement analysis methods were

available, Hough (1959) observed that these analyses, if conducted at all, were considered
to be secondary. Fortunately, Hough and others emphasized that bearing capacity and set

tlement do not go hand-in-hand, and that independent settlement analyses also need to be

performed. We now know that settlement frequently controls the design of spread footings,

especially when B is large, and that the bearing capacity analysis is, in fact, often secondary.

Although this chapter concentrates on settlements caused by the application of

slrUcturalloads on the footing, other sources of settlement also may be important. These

include the following:

• Settlements caused by the weight of a recently placed fill

• Settlements caused by a falling groundwater table

• Settlements caused by underground mining or tunneling

• Settlements caused by the formation of sinkholes

• Settlements caused by secondary compression of the underlying soils

• Lateral movements resulting from nearby excavations that indirectly cause settle
ments



---
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The design of most foundations must satisfy certain settlement requirements, as discussed
in Chapter 2. These requirements are usually stated in terms of the allowable total settle
ment, 8", and the allowable differential settlement, &0", as follows:

7.1 DESIGN REQUIREMENTS

Footing
t

\
Deptbof

Significant
Stress

Penetration

Figure 7.1 The stresses induced by a plate

load test do nOl penetrate very deep into the
soil. so its load-settlement behavior is not

the same as that of a full-sized footing.

(7.1)

(7.2)

~

180 :5 &D<l I

8 = settlement (or total settlement)

8" = allowable settlement (or allowable total settlement)

80 = differential settlement

80" = allowable differential settlement

Where:

The design must satisfy both of these requirements.
Note that there is no factor of safety in either equation, because the factor of safety

is already included in &" and 8D(/" The adjective "allowable" always indicates a factor of
safety has already been applied. The values of &" and 80" are obtained using the tech
niques described in Chapter 2. They depend on the type of structure being supported by
the foundation, and its tolerance of total and differential settlements. This chapter de
scribes how to compute 8 and 80 for shallow foundations.

Both 8 and 80 must be computed using the unfactored downward load as computed
using Equations 2.1 to 2.4. Chapter 8 discusses design loads in more detail.

7.2 OVERVIEW OF SETTLEMENT ANAL VSIS METHODS

of the near-surface soils. This can introduce large errors, and several complete foundation
failures occurred in spite of the use of plate load tests (Terzaghi and Peck, 1967).

In addition, because of the small size of the plate, the test reflects only the proper
ties of the uppermost soils and thus can be very misleading, especially when the soil prop
erties vary with depth. For example, D' Appolonia, et al. (1968) conducted a series of
plate load tests in northern Indiana and found that, even after adjusting the test results for
scale effects, the plate load tests underestimated the actual settlements by an average of a
factor of 2. The test for a certain 12-ft wide footing at the site was in error by a factor
of 3.2.

Because of these problems, and because of the development of better methods of
testing and analysis, current engineering practice rarely uses plate load tests for founda
tion design problems. However, these tests are still useful for other design problems, such
as those involving wheel loads on pavement subgrades, where the service loads act over
smaller areas.

Analyses Based on Plate Load Tests

Some of the earliest attempts to assess settlement potential in shallow foundations con
sisted of conducting plate load tests. This approach consisted of making an excavation to
the depth of the proposed footings, temporarily placing a loft (305 mm) square steel plate
on the base of the excavation, and loading it to obtain in-situ load-settlement data. Usually
the test continued until a certain settlement was reached, then the foundations were de

signed using the bearing pressure that corresponded to some specific settlement of the
plate, such as 0.5 in or 1.0 cm.

Although plate load tests may seem to be a reasonable approach, experience has
proven otherwise. This is primarily because the plate is so much smaller than the founda
tion, and we cannot always extrapolate the data accurately.

The depth of influence of the plate (about twice the plate width) is much shallower
than that of the real footing, as shown in Figure 7.1, so the test reflects only the properties

Analyses Based on Laboratory or In-Situ Tests

Today, nearly all settlement analyses are based on the results of laboratory or in-situ tests.
The laboratory methods are based on the results of consolidation tests, and thus are pri
marily applicable to soils that can be sampled and tested without excessive disturbance.
This is usually the preferred method for foundations underlain by clayey soils.

In-situ methods are based on standard penetration tests, cone penetration tests, or
other in-situ tests. In principle, these methods are applicable to all soil types, but have
been most often applied to sandy soils because they are difficult to sample and thus are
not well suited to consolidation testing.

This chapter discusses both laboratory and in-situ methods. both of which produce
predictions of the total settlement, 8. It also discusses methods of computing the differen
tial settlement, 80,

~
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7.3 INDUCED STRESSES BENEATH SHALLOW FOUNDATIONS

The bearing pressure from shallow foundations induces a vertical compressive stress
in the underlying soils. We call this stress ~O":, because it is the change in stress that is
superimposed on the initial vertical stress:

I ~O": = l,,(q - 0";/)) I (7.3)

Where:

~O": = induced vertical stress due to load from foundation

I" = stress influence factor

q = bearing pressure along bottom of foundation

0" :JJ' = vertical effective stress at a depth D below the ground surface

The q term reflects the increase in vertical stress caused by the applied structural
load and the weight of the foundation, while the aof)' term reflects the reduction in vertical
stress caused by excavation of soil to build the foundation. Thus, ~O"o reflects the net re
sult of these two effects.

Immediately beneath the foundation, the applied load is distributed across the base
area of the foundation, so I" = 1. However, as the load propagates through the ground, it is
spread over an increasingly larger area, so ~O": and I" decrease with depth, as shown in
Figure 7.2.

Boussinesq's Method

1 7.3 Induced Stresses Beneath Shallow Foundations

2

~
~

Continuous Footing

211

Boussinesq (1885) developed the classic solution for induced stresses in an elastic mater
ial due to an applied point load. Newmark (1935) then integrated the Boussinesq equation
to produce a solution for I" at a depth zf beneath the corner of a rectangular foundation of
width B and length L, as shown in Figure 7.3. This solution produces the following two
equations:

If B2 + L2 + i} < B2L2/zl

1 [( 2BLzf YB2 + L2 + zj ) (B2 + L2 + 2zJ)I" = 4'TT zj (B2 + L2 + zj) + B2L2 B2 + L2 + zj

2BLz YB2 + L2 + Z2 ]
+ 'TT - sin-1 f f

ir (B2 + L2 + ir) + B2L2f f

(7.4)
2

4

5

o I I 0
Yf/B

Yf = horizontal distance from centerHne of footing

zf = depth below bottom of footing
B = footing width

la = stress innence factor

YJlB

Otherwise:

1 [( 2BLz YB2 + L2 + Z2 ) (B2 + L2 + 2ir)
I -_ f f f

" - 4'TT zj (B2 + L2 + zj) + B2L2 B2 + L2 + zj

. _ 2BLzrYB2 + L2 + zJ ]
+ SIn 1 _

zj (B2 + e + zj) + B2L2

(7.5)

Figure 7.2 Stress bulbs based on Newmark's solution of Boussinesq's equation for square and continuous footings.



Notes:

1. The sin-1 term must be expressed in radians.

2. Newrnark's solution is often presented as a single equation with a tan-I term, but

that equation is incorrect when B2 + L2 + zl < B2L2!z/

3. It is customary to use B as the shorter dimension and L as the longer dimension, as
shown in Figure 7.3.

where:

/" = strain influence factor at a point beneath the corner of a rectangular founda-
tion

B = width of the foundation

L = length of the foundation

zf= vertical distance from the bottom of the foundation to the point (always> 0)
q = bearing pressure

Using superposition, Newmark's solution of Boussinesq's method also can be used
to compute /la, at other locations, both beneath and beyond the footing. This technique is
shown in Figure 7.4, and illustrated in Example 7.2.

I
j
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I [( 2BLzJ YW + L2 + zJ ) (B2 + L2 + 2Z;)Irr = 41T z} (B2 + L2 + z}) + B2L2 B2 + L' + :}

+ . _I 2BLz,YB2 + L2 + z; ]
sm -------

z} (B2 + L2 + z}) + B2L'

= ~ [( 2(1.2)(1.2)(1.5) v'5.i3O ) ((1.2)2 + (1.2)' + 2(1.5)2)41T (1.5)'(5.130) + (1.2)'(1.2)2 5.130

. _I 2(1.2)(1.2)(1.5) \1'5.130 ]
+ sm -------

(1.5)2(5.130) + (1.2)2(1.2)2

= 0.146

6.a, = Irr(q - a;o)

= (0.146)(181 - 6)

= 26 kPa <= Answer

P+Wj 250kN+lOkN
q = -- - Uo = ------ 0 = 181kPa

A (1;2 m)2

B2 + L2 + :; = 1.22+ 1.22+ 1.52= 5.130
B2L21zi = (1.2)2(1.2)2/(1.5)2= 0.9216
B2 + L2 + :; > B2L2/z;. Therefore, use Equation 7.5

7.3 Induced Stresses Beneath Shallow Foundations
7~~,

I
I
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Figure 7.3 Newmark's solution for in
duced vertical stress beneath the corner of a

rectangular footing.
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Example 7.1

Al.2 m x 1.2m square footing supportsa columnload of 250 kN. The bottomof this footing
is 0.3 m below the ground sUIface,the groundwater table is at a great depth, and the unit
weight of the soil is 19.0 kN/m3• Compute the induced vertical stress, 6.a" at a point 1.5 m
below the cornerof this footing.

Footing

F

E

C

B

Solution

To Compute Stress at Point A Due to Load from Footing EFHI:
(dcr/)A = (dcr/)ACGt- (dcr/)ACDF- (dcr/)ABGH + (dcr,,')ABDE

Unless stated otherwise, we can assume the top of this footing is essentially flush with the
groundsurface.

a';]) = 'VD - u = (19.0 kN/m3)(0.3 m) - 0 = 6 kPa

Wf = (1.2 m)(1.2 m)(O.3m)(23.6 kN/m3) = 10kN

Figure 7.4 Using Newmark's solution and
superposition to find the induced vertical

stress at any point beneath a rectangular
footing.

G D A

L-j1,
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1 7.3 Induced Stresses Beneath Shallow Foundations 215.

Example 7.2

Compute the induced vertical stress, Aa:, at a point 1.5m below the center of the footingde
scribed in Example7.1.

Solution

Since Newmark's solution of Boussinesq's equation considersonly stressesbeneath the cor
ner of a rectangular footing, we must divide the real footing into fourequal quadrants.These
quadrants meet at the center of the footing, which is where we wish to compute Aa,. Since
each quadrant imparts one-quarter of the total load on one-quarterof the total base area, the
bearingpressure is the same as computed in Example7.1. However,the remainingcomputa
tions must be redone using B = L = 1.2m/2 = 0.6 m.

B2 + L2 + z] = 0.62 + 0.6' + 1.52= 2.970
B2L2iz7 = (0.6)'(0.6)'/(1.5)2 = 0.0576
B2 + L2 + zj > B'L'/z7- Therefore, use Equation7.5

The Westergaard solution produces ~<T, values equal to or less than the Boussinesq
values. As Poisson's ratio, v, increases, the computed stress becomes smaller, eventually
reaching zero at v = 0.5. Although some geotechnical engineers prefer Westergaard, at
least for certain soil profiles, Boussinesq is more conservative. and probably more appro
priate for most problems.

Simplified Method

The Boussinesq equations are tedious to solve by hand, so it is useful to have simple ap
proximate methods of computing stresses in soil for use when a quick answer is needed.
or when a computer is not available.

The following approximate formulas compute the induced vertical stress. <T,. be
neath the center of a shallow foundation. 1 They produce answers that are within 5 percent
of the Boussinesq values, which is more than sufficient for virtually all practical prob
lems.

For circular foundations (adapted from Poulos and Davis. 1974):

I [( 2BLzrVB2 + L2 + z] ) (B2 + L2 + 2Z7)lIT = -4 ' (' , ') 2" ., "l .,'IT Zj B- + L- + Zj + B L- B- + L- + z(

2BLz VB2 + L' + Z2 ]
+ sin-I- ., 1., ., .f .,

Zj (B2 + L- + Zj) + B2L-

= ~ [( 2(0.6)(0.6)(1.5) v'2.97O ) (0.6)2 + (0.6)2 + 2(1.5)')4'IT (Q)'(2.970) + (0.6)'(0.6)2 2.970

. _I 2(0.6)(0.6)(1.5) '112.970 ]
+ sm -------

(1.5)'(2.970) + (0.6)2(0.6)2

= 0.602

Since there are four identical "sub-footings,"we must multiply the computedstress by four.

Aa: = 4 Ja(q - a~)

= 4(0.602)(181 ..,.6)

[ ( I ) 1.50]A<T,= 1- I + (~)' (q-<T~/))

For square foundations:

[ ( I )1.76]A<T, = I - I + (~)' (q - <T;/))

For continuous foundations of width B:

au, ~ [1- (I + (~)' r}-.~)

(7.6)

(7.7)

(7.8)

= 42kPa {=Answer

For rectangular foundations of width B and length L:

'Equations 7.4 and 7.5 compute the induced vertical stress beneath the comer of the loaded area. while Equa

tions 7.6 to 7.9 compute it beneath the ,.•.oler of the loaded area.

Westergaard's Method

Westergaard (1938) solved the same problem Boussinesq addressed, but with slightly
different assumptions. Instead of using a perfectly elastic material, he assumed one that
contained closely spaced horizontal reinforcement members of infinitesimal thickness,
such that the horizontal strain is zero at all points. His equation also can be integrated over
an area and thus may be used to compute ~<T, beneath shallow foundations (Taylor,
1948).

ACT, =
[ ( I )2'60-0'84BIL]I - I + (~) 1.38+0.628/L (q - <T~)

(7.9)



7.2 Examine the stress bulbs for square and continuaus faatings shown in Figure 7.2. Why do.

thase far continuous faatings extend deeper than those for square foatings?

7.1 The consalidatian settlement camputations described in Chapter 3 considered 1l0', to. be can
stant with depth. Hawever, in this chapter. ~O', decreases with depth. Why?

217

7.3 A 1500-mm square, 400-mm deep square faoting supports a column laad af 350 kN. The un

derlying soil has a unit weight of 18.0 kN/m.1 and the graundwater table is at a depth of 2 m
belaw the ground surface. Compute the change in vertical stress. 1l0'" beneath the center af
this faoting at a paint 500 mm belaw the battam af the faating:

a. Using the simplified methad .

b. Using Newmark's integratian of Boussinesq's method.

7.4 Settlement Analyses Based on Laboratory Tests

QUESTIONS AND PRACTICE PROBLEMS
1!

-=
c."
Cl
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Figure 7.5 Distributionof induced stress.
.lo.. in layered strata.

Where:

6.<T: = induced vertical stress beneath the center of a foundation

B = width or diameter of foundation

L = length of foundation

zf = depth from bottom of foundation to point

q = bearing pressure

<T:v' = vertical effective stress at a depth D below the ground surface

7.4 A column that carries a vertical dawnward load af 120 k is supparted an a 5-ti square. 2-ti
deep spread footing. The sail belaw has a unit weight af 124Ib/ft·' abave the groundwater table
and 127 lb/ft' belaw. The ground water table is at a depth af 8 ft below the ground surface.

a. Develop a plat of the initial vertical stress, 0' ~,', (i.e., the stress present before the faating
was built) vs. depth from the ground surface to. a depth of 15 ti belaw the ground surface.

b. Using the simplified method, develap a plat of ~O', vs. depth below the center af the bot
tarn af the faating and plot it on the diagram develaped in part a.

c. Using Newmark's integratian af Baussinesq's methad, campute 1l0', at depths of 2 ft and
5 ft below the center of the battam af the foating and platthem on the diagram.

7.4 SETTLEMENT ANALYSES BASED ON LABORATORY TESTS

Stresses in Layered Strata

Thus far, our computations have assumed the soil beneath the foundation is homoge

neous, which in this context means the modulus of elasticity, E, shear modulus, G, and

Poisson's ratio, v, are constants. This is an acceptable assumption for many soil profiles,

even when there are only slight variations in the soil. However, when the strata beneath

the foundation are distinctly stratified, the stress distribution changes.

One common condition consists of a soil layer underlain by a much stiffer bedrock

(Et < E2), as shown in Figure 7.5. In this case, there is less spreading of the load, so the

induced stresses in the soil are greater than those computed by Boussinesq. Conversely, if

we have a stiff stratum underlain by one that is softer (E, > E2), the load spreading is en

hanced and the induced stresses are less than the Boussinesq values.

Usually, engineers do not explicitly consider these effects, but we must be mindful

of them to properly interpret settlement analyses. Poulos and Davis (1974) provide meth

ods for computing these stresses in situations where an explicit analysis is warranted. Al

ternatively, a finite element analysis could be used.

Many different physical processes can contribute to settlement of shallow foundations.

Some of these, as listed on the first page of this chapter, are beyond the scope of our dis

cussion. However, the most common source of settlement, and usually the only signifi

cant source, is consolidation. In Chapter 3 we reviewed the process of consolidation, and

noted that it is caused by shifting of the solid particles in response to an increase in the
vertical effective stress.

To evaluate consolidation settlement, we begin by drilling exploratory borings into

the ground and retrieving undisturbed soil samples. We then bring these samples to a soil
mechanics laboratory and conduct consolidation tests, which measure the stress-strain

properties of the soil. The test results are presented in terms of Cc, C,.. eo, and <Tu:' as dis

cussed in Chapter 3. Finally, we perform settlement analyses based on these parameters.

This approach is usable only if we can obtain good-quality samples suitable for con

solidation testing. Such samples can easily be obtained in most clayey or silty soils. How
ever, they are very difficult to obtain in clean sands. Therefore, the methods discussed in

this section are most applicable to foundations to be supported on clays or silts. Settle

ment of foundations on sands is most often evaluated using in-situ tests, as discussed in
the next section.



218 Chapter 7 Shallow Foundations-Settlement

---

I
7.4 Settlement Analyses Based on Laboratory Tests 219

Classical Method

Computation of Effective Stresses

We will cover two methods of using consolidation test data to compute total settle
ment: The classical method and the Skempton and Bjerrum method.

The classical method of computing total settlement of shallow foundations is based on

Terzaghi's theory of consolidation. It assumes settlement is a one-dimensional process, in
which all of the strains are vertical.

However, such an analysis would not apply to square spread footings, such as the
one shown in Figure 7.6, because footings are much more rigid than plate steel tank
floors. Although the center of the footing "wants" to settle more than the edge, the rigidity
of the footing forces the settlement to be the same everywhere.

A third possibility would be a mat foundation, which is more rigid than the tank, but
less rigid than the footing. Thus, there will be some differential settlement between the
center and the edge, but not as much as with a comparably-loaded steel tank. Chapter 10
discusses methods of computing differential settlements in mat foundations, and the cor
responding flexural stresses in the mat.

When performing settlement analyses on spread footings, we account for this rigid
ity effect by computing the settlement using AlJ': values beneath the center of the footing,
then multiplying the result by a rigidity factor, r. Table 7.1 presents r-values for various
conditions.

Many engineers choose to ignore the rigidity effect (i.e., they use r = I for all con
ditions), which is conservative. This practice is acceptable, especially on small or moderate
size structures, and usually has a small impact on construction costs. The use of r < I is
most appropriate when the subsurface conditions have been well defined by extensive
subsurface investigation and laboratory testing, which provides the needed data for a
more "precise" analysis.

(7.10)
I lJ';j = lJ';0 + AlJ', I

To apply Terzaghi's theory of consolidation, we need to know both the initial vertical ef
fective stress, lJ':0', and the final vertical effective stress, lJ',/, at various depths beneath the
foundation. The values of lJ':0' are computed using the techniques described in Section 3.4,
and reflect the pre-construction conditions (i.e., without the proposed foundation). We
then compute lJ' ,,/ using the following equation:

Foundation Rigidity Effects Settlement Computation

According to Figure 7.2, the value of AlJ'z is greater under the center of a foundation than
it is at the same depth under the edge. Therefore, the computed consolidation settlement
will be greater at the center.

For example, consider the cylindrical steel water tank in Figure 7.6. The water inside
the tank weighs much more than the tank itself, and this weight is supported directly on the
plate-steel floor. In addition, the floor is relatively thin, and could be considered to be per
fectly flexible. We could compute the settlement beneath both the center and the edge,
using the respective values of AlJ',. The difference between these two is the differential set
tlement, liD'which could then be compared to the allowable differential settlement, &D"'

SteelTank

We compute the consolidation settlement by dividing the soil beneath the foundation into
layers, computing the settlement of each layer, and summing. The top of first layer should
be at the bottom of the foundation, and the bottom of the last layer should be at a depth
such that AlJ', < 0.10 lJ',o', as shown in Figure 7.7. Unless the soil is exceptionally soft, the
strain below this depth is negligible, and thus may be ignored.

TABLE 7.1 r-VALUES FOR COMPUTATION OF TOTAL SETTLEMENT
AT THE CENTER OF A SHALLOW FOUNDATION, AND METHODOLOGY
FOR COMPUTING DIFFERENTIAL SETTLEMENT

Foundation

Figure7.6 Influenceof foundationrigidityon settlement.Thesteeltankontheleftis
veryflexible.so thecentersettlesmorethantheedge.Conversely,thereinforcedcon
cretefootingonTherightisveryrigid, andthussettlesuniformly.

Foundationrigidity

Perfectlyflexible
(i.e., steel tanks)

Intermediate
(i.e., mat foundations)

Perfectlyrigid
(i.e., spread footings)

r for computationof 3
at center of foundation

1.00

0.85-1.00,

typicallyabout 0.90

0.85

Methodologyfor computing3D

ComputeLl.crzbelowedge and use r = 1.

Use methoddescribedin Chapter 10.

Entire footingsettlesuniformly,so long as
bearingpressureis uniform.Computedif
ferentialsettlementbetweenfootingsor
along lengthof continuousfooting using
methoddescribedin Section7.7.
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Since strain varies nonlinearly with depth, analyses that use a large number of thin

layers produce a more precise results than those that use a few thick layers. Thus, com

puter analyses generally use a large number of thin layers. However, this would be too te
dious to do by hand, so manual computations normally use fewer layers. For most soils,

the guidelines in Table 7.2 should produce reasonable results.
The consolidation settlement equations in Chapter 3 (Equations 3.25-3.27) must be

modified by incorporating the r factor, as follows:

Where:

Example 7.3

B

2B

4B

Continuous Footing

Approximate Layer Thickness

B/2

B

2B

Square Footing

I
2

3

Layer Number

As discussed earlier, many engineers choose to ignore the rigidity effect, which

means the r factor drops out of these equations.

3, = ultimate consolidation settlement

r = rigidity factor (see Table 7.1)

C, = compression index

C,. = recompression index

eo = initial void ratio

H = thickness of soil layer

aj( = initial vertical effective stress at midpoint of soil layer

a,/ = final vertical effective stress at midpoint of soil layer

cr/ = preconsolidation stress at midpoint of soil layer

TABLE 7.2 APPROXIMATE THICKNESSES OF SOIL LAYERS FOR MANUAL
COMPUTATION OF CONSOLIDATION SETTLEMENT OF SHALLOW FOUNDATIONS

I. Adjust the number and thickness of the layers to account for changes in soil propenies. Locate each layer en

tirely within one soil stratum.

2. For rectangular footings, use layer thicknesses between those given for square and continuous footings.

3. Use somewhat thicker layers (perhaps up to 1.5 times the thicknesses sho" nj if the ground water table is very
shallow.

4. For quick, but less precise, analyses, use a single layer with a thickness of about 38 (square footings) or 68

(continuous footings).

(7.11)
. C, (a;,)3, = r2:--Hlog -,

I + eo er:o

p-1'1
1=_------._1

For normaily consolidated soils (a:o' '" a,.'):

Figure 7.7 The classical method divides
the soil beneath the footing into layers. The

best precision is obtained when the upper

most layer is thin. and they become progres

sively thicker with depth.

For overconsolidated soils-Case I (a:j' < er,.'):

Cr (er;,)3, = r2:--Hlog ~
I + eo er:o

(7.12)

The allowable settlement for the proposed square footing in Figure 7.8 is 1.0 in. Using the
classical method, compute its settlement and determine if it satisfies this criterion.

Solution

For overconsolidated soils-Case II (a:o' < a,.'< er,/):

[ Cr ( a;.) C, (a~,)]3, = r2: --Hlog -, + --Hlog ~
I + eo er:o I + eo a,

(7.13)

W, = (6 ft)2(2 ft)(150 lb/ft) = 10,800 Ib

p + W, 100,000 Ib + 10.800 Ib ,

q = -- - UD = ()' - 0 = 3078 Ib/ft-A 6ft-

<T;" = (1I5Ib/ft3)(2 ft) = 230lb/ft'

]...
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lOOk

~

2ft

I, 6ft I

10ft

Example 7.4

The allowable settlement for the proposed continuous footing in Figure 7.9 is 25 mm. Using
the classical method. compute its settlement and determine if it satisfies this criterion.,

Solution

P = PI) + PL = 40 kN/m + 25 kN/m = 65 kN/m

W,/b = (1.2 m)(O.5 m)(23.6 kN/m') = 14 kN/m

P/b + W,/b 65 kN/m + 14 kN/m

q = B' - UI) = 1.2 m - 0 = 66 kPa

s. = 3000 Ibln2
c,,/(I+e) = 0.11
Cr/(1 +e) = 0.02

cr,: =40001bln2
y = 1151blftl

er~1) = (18.0 kN/m')(0.5 m) = 9 kPa

Using Equations 3.13. 3.23. 7.7. 7.\0. 7.12. and 7.13 with r= 0.85,

Figure 7.8 Proposed spread footing for

Example 7.3.

Using Equations 3.13, 7.7, 7.10, and 7.12 with r = 0.85,

At midpoint of soil layer
Layer

H O'~<ler_a~
, C,. Cr

8,.er,.
----

No. (ft)Zj (ft)(lb/ft")(lb/fi2)(lb/ft")(lb/ft2)CaseI + eoI + eo(in)

1

3.01.5402268030824402QC-l-0.110.020.54

2

6.06.092092518454920QC-I0.110.020.37

3

12.015.0151819017085518QC-I0.110.020.13-2= 1.04

Round off to II = 1.0 in

~Answer

8 S 80, so the settlement criterion has been satisfied

~Answer

Note: In this case. errn' > q. so the soil must be overconsolidated case 1. Therefore. there is no
need to compute er,.', or to list the C/(l +eo) values. J Figure 7.9 Proposed fOOling for Exam

pie 7.4.
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In addition, Skempton and Bjerrum accounted for differences in the way excess
pore water pressures are generated when the soil experiences lateral strain. This is re
flected in the parameter 1jI, as shown in Figure 7.11.

According to Skempton and Bjerrum's method, the settlement of a shallow founda
tion is computed as:

when a load is placed on a bowl of Jello®, and occurs immediately after application
of the load.

• Consolidation settlement, 3, (also known as primary consolidation settlement), is
that caused by the change in volume of the soil that results from changes in the ef
fective stress.

At midpointof soil layer

Layer

H (J~Aa,a;
, Cc C,

8,.a,. ----
No. (m)Zf(m)(kPa)(kPa)(kPa)(kPa)CaseI + eoI + eo(mm)

I

1.00.50185068318QC-I0.130.0420

2

1.01.50362763336OC-I0.130.048

3

1.52.7551156661OC-I10.130.04]0

4

2.04.506587375OC-I0.130.043

5

3.07.0087592487OC-I0.160.053-~= 44

8 = 44 mm <= Answer 8 > 8",so the settlement criterion has not been satisfied

<=Answer

Skempton and Bjerrum Method

The classical method is based on the assumption that settlement is a one-dimensional
process in which all of the strains are vertical. This assumption is accurate when evaluat
ing settlement beneath the center of wide fills, but it is less accurate when applied to shal
low foundations, especially spread footings, because their loaded area is much smaller.
Therefore, Skempton and Bjerrum (1957) presented another method of computing the
total settlement of shallow foundations. This method accounts for three-dimensional ef

fects by dividing the settlement into two components:

13 = 3" + 1j13, I

Where:

3 = settlement

3,/= distortion settlement (per Equation 7.15)

IjI = three-dimensional adjustment factor (from Figure 7.11)

3, = consolidation settlement (per Equations 7.4-7.13)

Based on elastic theory, the distortion settlement is:

3" = (q - a;,,)B
E Ill," -

(7.14)

(7.15)

1.11

II.X

IXIt>6 X III 12 14

OvcrconsoliJalion Ralio. OCR

4

0.4

11.2
o

'1111.6

Figure 7.11 ljJ factors for Skempton and
Bjem.m method (Adapted from Leonards.
1976).

p

~

• Distortion settlement, 3", (also called immediate settlemellf, initial settlement, or
undrained settlement) is that caused by the lateral distortion of the soil beneath the
foundation, as shown in Figure 7.10. This settlement is similar to that which occurs

Figure 7.10 Distortion settlement beneath

a spread footing.

-l
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Where:

Figure 7.12 Influence factors I, and I, for use in Equation 7.15 (Adapted from Christian and Car

rier, 1978; used with permission). The recommended function for continuous footings is the au

thor's interpretation. z, is the distance from the bottom of the fooling to some very hard strata, such

as bedrock. Usually, the zJB ratio is very large.

Janbu, Bjerrum, and Kjaemsli (1956) first proposed this formula. Since then, Christian
and Carrier (1978) revised the procedure and Taylor and Matyas (1983) shed additional
light on its theoretical basis. The updated influence factors are shown in Figure 7.12.

(7.16)lE" = 300s" I

E" = 300 s" = (300)(3000 Ib/ft2) = 900,000 [b/ft2

DIB = 2/6 = 0.3 :.11 = 0.98

LIB = I, z,./B = 00 :. 12 = 0.7

The thickness of the silty clay stratum is not given, but it appears to extend to a great depth.
Therefore, use a large value of z,.
Distortion settlement

Eql:lation 7.15 implicitly uses a Poisson's ratio of 0.5, which is the usual design
value for saturated soils.

The undrained modulus of elasticity, E", is the most difficult factor to assess. Soil
does not have linear stress-strain properties, so E" must represent an equivalent linear ma
terial. One method of measuring it is to apply incremental loads on an undisturbed sample
in a triaxial compression machine and measure the corresponding deformations. Unfortu
nately, this method tends to underestimate the modulus, sometimes by a large margin (Si
mons, 1987). It appears that measurements of the modulus are exceptionally sensitive to
sample disturbance and the test results can be in error by as much as a factor of 3. Al
though careful sampling and special laboratory test techniques can reduce this error, di
rect laboratory testing is generally not a reliable method of measuring the modulus of
elasticity.

Normally, geotechnical engineers obtain E" for this analysis using empirical corre
lations with the undrained shear strength, s". This is convenient because we already have
s" from the bearing capacity analysis, and thus don't need to spend any extra money on
additional tests. This correlation is very rough, and the ratio EJs" varies between about
100 and 1500 (Duncan and Buchignani, 1976). However, the following equation should
produce ad values that are accurate to within ±5 mm, which should be sufficient for nearly
all design problems:

If the soil has a large organic content, the modulus may be smaller than suggested
by Equation 7.16 and the distortion settlement will be correspondingly higher. For exam
ple, Foott and Ladd (1981) reported E" ~ 100 s" for normally consolidated Taylor River
Peat at shear stress levels comparable to those that might be found beneath a spread foot
ing.

If the computed distortion settlement is large, it may be necessary to obtain a more
precise assessment of E", perhaps using pressuremeter or dilatometer tests. In that case, a
more sophisticated analysis, such as that proposed by D' Appolonia, Poulos, and Ladd
(1971) may be justified.

Example 7.5

Solve Example 7.3 using the Skempton and Bjerrum method.

Solution

~

Zh E"

Continuous (LIB = ~ )
2.5

2.0
E

IIwr~b
1.5

12
1.0 t I/£----4d

Square
0.51

~I ICircul

0

0.1
1101001000

Zh/B

p

r~~
I, B I I

ad = distortion settlement

q = bearing pressure

rr:f)' = vertical effective stress at a depth D below the ground surface
B = foundation width

1,,12 = influence factors (per Figure 7.12)

E" = undrained modulus of elasticity of soil

1.0

"~ut:0.8

0

5101520
DIB
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8" = (q - a',D)BE 1,1," -

(3078Ib/ft' - 230 lb/ft')(6 ft)

= 900,000 lb/ft' (0.98)(0.7)

= 0.013 ft

8. Using Equation 7.11, 7.12, or 7.13, compute 8" for each layer, then sum. Note that
the some layers may require the use of one of these equations, while other layers
may require another. If using the classical method, this is the computed settlement.

If the analysis is being performed using the Skempton and Bjerrum method, con
tinue with the following steps:

= 0.2 in

Consolidationsettlement

Per Figure7.11, use \jI = 0.9

Total settlement

8 = 8" + \jI8, = 0.2 in + (0.9)(1.0 in) = 1.1 in

General Methodology

*=Answer

9. Determine the average undrained shear strength, s", in the soils between the bottom
of the footing and a depth B below the bottom, then use Equation 7.16 to estimate
the undrained modulus, E",

10. Use Equation 7.15 to compute the distortion settlement, 8,/.

11. Use Figure 7.11 to determine the three-dimensional adjustment coefficient, 1jI.

12. Compute the settlement using Equation 7.14.

QUESTIONS AND PRACTICE PROBLEMS

In summary, the general methodology for computing total settlement of shallow founda
tions based on laboratory tests is as follows:

1. Drill exploratory borings at the site of the proposed foundations and obtain undis
turbed samples of each soil strata. Also use these borings to develop a design soil
profile.

2. Perform one or more consolidation tests for each of the soil strata encountered be
neath the foundation, and determine the parameters C,f( I + eo), C/( I + eo)' and er,,:

for each strata using the techniques describe in Chapter 3. In many cases, all of the
soil may be considered to be a single stratum, so only one set of these parameters is
needed. However, if multiple clearly defined strata are present, then each must have
its own set of parameters.

3. Divide the soil below the foundation into layers. Usually, about three layers provide
sufficient accuracy, but more layers may be necessary if multiple strata are present
or if additional precision is required. For square foundations, the bottom of the low
est layer should be about 3B to 5B below the bottom of the foundation; for continu
ous foundations it should be about 6B to 9B below the bottom of the foundation.

When using three layers, choose their thicknesses approximately as shown in Table
7.2.

4. Compute er,o at the midpoint of each layer.

5. Using any of the methods described in Section 7.3, compute Aer, at the midpoint of
each layer. For hand computations, it is usually best to used Equations 7.6 to 7.9.

6. Using Equation 7.10, compute er,/ at the midpoint of each layer.

7. If the soil might be overconsolidated case n, use Equation 3.23 to compute er,' at
the midpoint of each layer.

-L

7.5 A proposedoffice buildingwill include an 8-ft 6-in square, 3-ft deep spread footing that will
support a verticaldownward load of 160k. The soil below this footingis an overconsolidated
clay (OC case I) with the following engineering properties:CJ(\ + e,,) = 0.10, C,.I(\ + e,,) =
0.022, and 'I = 113lb/ft.1.This soil strata extends to a great depth and the groundwatertable is
at a depth of 50 ft below the ground surface. Using the classicalmethodwith hand computa
tions, determinethe total settlementof this footing.

7.6 A 1.0-msquare,0.5-m deep footingcarries a downward load of 200 kN. It is underlainby an
overconsolidated clay (OC case I) with the following engineering properties: C, = 0.20,
C,_ = 0.05, e = 0.7, and 'I = 15.0 kN/m' above the groun~watertable and 16.0 kN/mJ below.
The groundwatertable is at a depth of 1.0 m below the ground surface.The secondarycom
pression settlement is negligible. Using the classical method with hand computations,deter
mine the total settlementof this footing.

7.7 Solve Problem7.5 using Skemptonand Bjerrum's methodwith s" = 3500 lb/ft2and OCR = 3.

7.8 SolveProblem7.6 using Skemptonand Bjerrum's methodwith s" = 200 kPa and OCR = 2.

7.5 SETTLEMENT SPREADSHEET

Settlement analyses of shallow foundations, as presented in Section 7.4, can be performed
using a spreadsheet such as Microsoft® Excel. Such spreadsheet solutions allow the use of
much thinner layers, which improves accuracy and flexibility, and allows the analyses to
be performed much more quickly. Spreadsheets are especially useful when the engineer
wishes to size a footing to satisfy a particular settlement criterion, which is the most com
mon design problem. Such analyses may be performed by quickly trying various values of
footing width, B, until the required settlement is obtained.



230 Chapter 7 Shallow Foundations-Settlement 7.6 Settlement Analyses Based on In-Situ Tests 231

March :23,~OOO

Example 7 4

UnIts SI E or SI

Shape CO SQ, Cl, CO, or RE
B:. 12 m

L:;: m

D = 05 m

p = 65 kNlm

Dt.I::: 1"':, m

I] 35

Results

q = 66 kPa

,j~lta = 48 90 mm

a,: = 5000 lb/ftz, and 'Y= 118Ib/ftJ• This soil strata extends to a great depth and the groundwa
tertable is at a depth of 10 ft below the ground surface. The allowable settlement is 1.0 in. Using
the SETTLEMENT.XLS spreadsheet, develop a plot of allowable column load vs. footing width.

7.6 SETTLEMENT ANALYSES BASED ON IN-SITU TESTS

The second category of settlement analysis techniques consists of those based on in-situ
tests. Most of these analyses use results from the standard penetration test (SPT) or the
cone penetration test (CPT). However, other in-situ tests, especially the dilatometer test
(DMT) and the pressure meter test (PMT) also may be used.

In principle, settlement analyses based on in-situ tests are suitable for all soil types.
However, in practice they are most often used on sandy soils, because they are so difficult
to sample. Many different methods have been proposed (for example, Meyerhof, 1965,
Burland and Burbidge, 1985), but we will consider only Schmertmann's method.

Figure 7.13 Typical screen from SETTLEMENT.XLS spreadsheet.

A Microsoft Excel spreadsheet SEITLEMENT.XLS has been developed in conjunction
with this book and may be downloaded from the Prentice Hall website. Downloading in
structions are presented in Appendix B. A typical screen is shown in Figure 7.13.

Equivalent Modulus of Elasticity

Schmertmann's method (Schmertmann, 1970, 1978; and Schmertmann, et aI., 1978) was
developed primarily as a means of computing the settlement of spread footings on sandy
soils. It is most often used with cone penetration test (CPT) results, but can be adapted to
other in-situ tests. This method was developed from field and laboratory tests, most of
which were conducted by the University of Florida. Unlike many of the other methods,
which are purely empirical, the Schmertmann method is based on a physical model of set
tlement, which has been calibrated using empirical data.

Schmertmann's Method
Cc/(1+e) Cr/(1+>?) slgmam'r)amma zf sl'Jmac' sJt;lmaZrj'dBltasigma "31'JlT

(kPa) (~,NJm"2.) imOI ~kPa) 'l.;Pa) (kPa) (!<.F
0.5 IS
06 013 004 300 13 005 310
0.1 013 004 300 18 015 312

Depth to SOil Laver

Top E·otte·m

~ (m)
00
05
06

aUESTIONS AND PRACTICE PROBLEMS-SPREADSHEET ANALYSES

7.9 Using the SETTLEMENT.XLS spreadsheet, solve Problem 7.5. Since the soil is stated as being
"overconsolidated case I," you should use a large value for a",'.

7.10 Using the SETTLEMENT.XLS spreadsheet and the data in Problem 7.5, determine the required
footing width to obtain a total settlement of no more than 1.0 in. Select a width that is a multi
ple of 3 in. Would it be practical to build such a footing?

7.11 Solve Problem 7.6 using the SETTLEMENT.XLS spreadsheet.

7.12 Using the SETTLEMENT.XLS spreadsheet and the data in Problem 7.6, determine the required
footing width to obtain a total settlement of no more than 25 mm. Select a width that is a mul

tiple of 100 mm. Would it be practical to build such a footing?

The classical method of computing foundation settlements described the stress-strain
properties using the compression index, Cc, for normally consolidated soils, or the recom
pression index, Cr, for overconsolidated soils. Both of these parameters are logarithmic,
as discussed in Chapter 3.

Schmertmann's method uses the equivalent modulus of elasticity, E" which is a lin
ear function and thus simplifies the computations. However, soil is not a linear material
(i.e., stress and strain are not proportional), so the value of Es must reflect that of an
equivalent unconfined linear material such that the computed settlement will be the same
as in the real soil.

The design value of E, implicitly reflects the lateral strains in the soil. Thus, it is
larger than the modulus of elasticity, E (also known as Young's modulus), but smaller than
the confined modulus, M.

Es From Cone Penetration Test (CPT) Results

7.13 A proposed building is to be supported on a series of spread footings embedded 36 inches into
the ground. The underlying soils consist ofsiltyclays with CJ(l + eo) =0.12, C,I(I + eo) =0.030,

Schmertmann developed empirical correlations between E, and the cone resistance, qc'

from a cone penetration test (CPT). This method is especially useful because the CPT

->-..
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TABLE 7.3 Es-VALUES FROM CPT RESULTS [Adapted from Schmertmann, et al.
(1978), Robertson and Campanella (1989), and other sources.]

scatter is probably caused in part by the lack of precision in the SPT, and in part to the in
fluence of other factors beside N6o. Nevertheless, the following relationship should pro
duce approximate, if somewhat conservative, values of E,:

Soil Type

Young,normallyconsolidatedclean silica sands (age < 100 years)

Aged, normallyconsolidatedclean silica sands (age> 3000 years)

Overconsolidatedclean silica sands

Normallyconsolidatedsilty or clayeysands

Overconsolidatedsilty or clayey sands

USCS
GroupSymbol

EJq,

SW orSP

2.5-3.5

SW orSP

3.5-6.0

SW orSP

6.0-10.0

SM orSC

1.5

SM orSC

3

lE, = 130 v'5CR + I3,N6o I

Where:

E, = equivalent modulus of elasticity

130' 13, = correlation factors from Table 7.4
OCR = overconsolidation ratio

N60 = SPT N-value corrected for field procedures

(7.17)

i ~

ll..

provides a continuous plot of q, vs. depth, so our analysis can model E, as a function of
depth. Table 7.3 presents a range of recommended design values of E, Iq,. It is usually
best to treat all soils as being young and normally consolidated unless there is compelling
evidence to the contrary. Such evidence might include:

• Clear indications that the soil is very old. This might be established by certain geo

logic evidence.
• Clear indications that the soil is overconsolidated. Such evidence would not be based

on consolidation tests on the sand (because of soil sampling problems), but might be
based on consolidation tests performed on samples from interbedded clay strata. Al
ternatively, overconsolidation could be deduced from the origin of the soil deposit.
For example, lodgement till and compacted fill are clearly overconsolidated.

When interpreting the CPT data for use in Schmertmann's method, do not apply an
overburden correction to q,..

Es From Standard Penetration Test (SPT) Results

Schmertmann's method also may be used with E, values based on the standard penetra
tion test. However, these values are not as precise as those obtained from the cone pene
tration test because:

• The standard penetration test is more prone to error, and is a less precise measure
ment, as discussed in Chapter 4.

• The standard penetration test provides only a series of isolated data points, whereas
the cone penetration test provides a continuous plot.

Nevertheless, SPT data is adequate for many projects, especially those in which the loads
are small and the soil conditions are good.

Several direct correlations between E,. and N6f) have been developed, often produc

ing widely disparate results (Anagnostopoulos, 1990; Kulhawy and Mayne, 1990). This 1

Once again, most analyses should use OCR = I unless there is clear evidence of overcon
solidation.

E, From Dilatometer Test (DMT) Results

The dilatometer test (DMT) measures the modulus directly, and this data also could be
used as the basis for a Schmertmann analysis. Alternatively, Leonards and Frost (1988)
proposed a method of combining CPT and DMT data to assess both compressibility and
overconsolidation and use the results in a modified version of Schmertmann's method.

E, From Pressuremeter Test (PMT) Results

The pressuremeter test also measures the modulus, and also could be used with Schmert
mann's method. However, special analysis methods intended specifically for pressureme
ter data also are available.

Strain Influence Factor

Schmertmann conducted extensive research on the distribution of vertical strain, E" below
spread footings. He found the greatest strains do not occur immediately below the footing,
as one might expect, but at a depth of 0.5 B to B below the bottom of the footing, where B

is the footing width. This distribution is described by the strain influence factor, I" which
is a type of weighting factor. The distribution of I, with depth has been idealized as two
straight lines, as shown in Figure 7.14.

TABLE 7.4 FACTORS FOR EQUATION 7.17.

130f3,

SoilType

(lb/fe)(kPa)(lb/ft2)(kPa)

Clean sands (SW and SP)

100,0005,00024,0001,200

Silty sands and clayeysands (SM and SC)

50,0002,50012,000600
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The exact value of lE at any given depth may be computed using the following equa
tions:

Square and circular foundations:

IEp = peak strain influence factor
q = bearing pressure

rr' zD = vertical effective stress at a depth D below the ground surface

rr':p = initial vertical effective stress at depth of peak strain influence factor (for
square and circular foundations (L /B = 1), compute rr':p at a depth of
D+B/2 below the ground surface; for continuous footings (L /B ;:: 10), com
pute it at a depth of D+B)

(7.21)
(7.22)

(7.23)

(7.24)

(7.26)

(7.25)

Continuous foundations (liB;::lO):

For zf= 0 to B: lE = 0.2 + (Z/B)(lEP - 0.2)
For Zf= B to 4B: lE = 0.333IEp(4 - z,lB)

Rectangular foundations (1 < liB < 10):

lE = lE' + 0.1 11 (IEc - IE,)(L/B - 1)

Where:

zf = depth from bottom of foundation to midpoint of layer
lE = strain influence factor

lE<"= lE for a continuous foundation

IEp = peak lE from Equation 7.18

IEr = lE for a square foundation;:: 0

C = 1-05(~)
I . ,

q - rr,o

Cz = 1 + 0.2 log (~)0.1

I C3 = 1.03 - 0.03 L/B 2: 0.731

Where:

1) = settlement offooting

Cl = depth factor

Cz = secondary creep factor (see discussion in Section 7.8)

C3 = shape factor = 1 for square and circular foundations

q = bearing pressure

rrzD' = effective vertical stress at a depth D below the ground surface

lE = influence factor at midpoint of soil layer

H = thickness of soil layer

E, = equivalent modulus of elasticity in soil layer

t = time since application of load (yr) (t~.1 yr)
B = foundation width

L = foundation length

The procedure for computing lE beneath rectangular foundations requires computation of

lE for each layer using the equations for square foundations (based on the IEp for square
foundations) and the lE for each layer using the equations for continuous foundations
(based on the Iep for continuous foundations), then combining them using Equation 7.23.

Schmertmann's method also includes empirical corrections for the depth of embed
ment, secondary creep in the soil, and footing shape. These are implemented through the
factors Cl' Cz, and C3:

(7.19)
(7.20)

(7.18)

-'1/8=0.5

:f = Depth Below Bottom of Footing
8 = Width of Footing
L = Length of Footing

lE = 0.1+(z/B)(2Iep - 0.2)
lE = 0.667IEp(2 - zr/B)

...
.•.

,..-:/8= 1.0,,,,,,,,,,,,
" Ll8> 10,,,,,,,,,,

4

3

o

=t2N"

For zf = 0 to B/2:

For zf = B/2 to 2B:

Iep = 0.5 + 0.1 ~q -,rr;orr,p

The peak value of the strain influence factor, lop is:

Where:

Figure 7.14 Distribution of strain influ
ence factor with depth under square and

continuous footings (Adapted from Schmert

mann 1978; used with permission of ASCE).
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These formulas may be used with any consistent set of units, except that t must be ex
pressed in years. If no time is given, use t = 50 yr (C2 = 1.54).

Finally, this information is combined using the following formula to compute the
settlement, 0:
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Slrain-Inllw:ncc

Factor. If:

-5L
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,~/E,,,/
/1/
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/
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/
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.1/1

~/I

160120xo~o

Cone Bearing. q,.(kg/cm2)

(2)--- Strata Number

~

o

12

~

Fi~ure 7.15 CPT results al McDol1i.1ld"s farm (Adapted from Rohcrtson and Camralll...·lIa. 19XX).

7.6 Settlement Analyses Based on In-Situ Tests1II
j
j

(7.27)
, IH

, )" _E_
o = Cl C2Cl(Q - cr,v ~ E,

Analysis Procedure

1. Perform appropriate in-situ tests to define the subsurface conditions.

2. Consider the soil from the base of the foundation to the depth of influence below
the base. This depth ranges from 2B for square footings or mats to 4B for con
tinuous footings. Divide this zone into layers and assign a representative E, value
to each layer. The required number of layers and the thickness of each layer depend
on the variations in the E vs. depth profile. Typically 5 to 10 layers are appro
priate.

3. Compute the peak strain influence factor, lE'" using Equation 7.18.

4. Compute the strain influence factor, lE' at the midpoint of each layer. This factor
varies with depth as shown in Figure 7.14, but is most easily computed using Equa
tions 7.19 to 7.23.

5. Compute the correction factors, C" Cc, and Cl, using Equations 7.24 to 7.26.

6, Compute the settlement using Equation 7.27.

The Schmertmann method uses the following procedure:
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Example 7.6

The results of a CPT sounding performed at McDonald's Farm near Vancouver,British Co
lumbia, are shown in Figure 7.15. The soils at this site consist of young. normally consoli
dated sands with some interbedded silts, The groundwater table is at a depth of 2.0 m below
the ground surface,

A 375 kN/m load is to he supportedon a 2.5 m x 30 m footing to be founded at a depth
of 2.0 m in this soiL Use Schmertmann's method to compute the settlement of this footing
soon after construction and the settlement50 years after construction.

Solution

Use E, = 2.5 qc

I kPa = 0.01020 kg/cm'
Depth of influence = D + 4B = 2.0 + 4(2,5) = 12.0 m

Layer No, Depth (m)q, (kg/cm',E, (kPa)

1

2.0-3.0 204.902

2

3.0-5.0 307.353

3

5.0-6.0 4110.049

4

6.0-7.0 6816.667

5

7.0-8.0 9022.059

6

8.0-9.Q 5814.216

7

9.0-12.010826.471



Solution

Example 7.7

Equations 7.28 and 7.29 are especially useful when only minimal subsurface data is
available, as is often the case with the SPT, and the soil appears to be fairly homogeneous.
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(7.28)

(7.29)

<=Answer

<=Answer

8 = 38 (1.54) = 59 mm

= (0.896)(1)(0.73)(197 - 34)(35.73 x 10-5)

= 0.038 n\

= 38 mm

I,H
8 = Cl C2 C3 (q - <T;o) ~ e-

.,.

l\ = Cl Cz C3 (q - <J";/»)(2/,1' + 0.1 )B
E,

l\ = Cl Cz C, (q - rr;/»)(/", + 0.025)B
E,.

C, = I + 0.2 log ( O~I) = I + 0.2 log ( ~.~) = 1.54

Att= 50 y~:

For continuous footings (UB ~ 10):

E, = 130 VQCR + I3IN60 = 50.000v'I + (12,000)(28) = 386,000 lb/ft'

<T;o = (120 Ib/ft3)(3 ft) = 360Ib/ft'

A 200-k column load is to be supported on a 3-ft deep square footing underlain by a silty
sand with an average N60 of 28 and 'I = 120 Ib/fr1. The groundwater table is at a depth of 50 ft
below the ground surface. The allowable total senlement is 0.75 in. Using the simplified
Schmertmann method. determine the required footing width.

Simplified Schmertmann Method

If E, is constant with depth between the bottom of the foundation and the depth of intlu
ence (2 zJB for square and circular foundations to 4 z, /B for continuous footings). then
Equation 7.24 simplifies to the following:

For square and circular foundations (UB = 1):

7.6 SettlementAnalyses Basedon In-Situ Tests

C3 = 1.03 - 0.03 L/B 2: 0.73

= 1.03 - 0.03 (30/2.5)

= 0.67

Chapter7 Shallow Foundations-Settlement

C2 = I

W,fb = (2.5 m)(2.0 m)(23.6 kN/m3) = 118 kN/m

P/b + IV/b 375 kN/m + 118 kN/m

q = --B-- - Uo = ---2.-5 -m--- - 0 = 197 kPa

Use C., = 0.73

(. rr~ ) (34 kPa )Cl = I - 0.5 ---'. = I - 0.5 = 0.896q - <TeO 197 kPa - 34 kPa

<T;D = 'ID = (17)(2) = 34 kPa

I", = 0.5 + O.I ) q - <T.:D = 0.5 + 0.1 f 197 kPa - 34 kPa = 0.666<T:" \j 59 kPa

Layer E,z, H
No.

ikPa)(m)I,(m)I,HIE,

I

.+.9020.50.2931.05.98 x 10-;

2

7..3532.00.5732.015.58 x 10-;

3

10.0-+93.50.5771.05.74 x 10-;

4

16.6674.50.4881.02.93 x 10-;

5

22.0595.50.3991.01.81 x 10-5

6

1.+.2166.50.3101.02.18 x 10-5

7

26.-+718.50.1333.01.51 x 10-5

I=

35.73 x 10-5

<T;p (at z = D + B) = '5:.-yH - U

= (17 k.'\"/m3)(2 m) + (20 kN/m3)(2.5 cm) - (9.8 kN/m3)(2.5 m)

= 59 kPa

Use-y = 17 kN/m3 above groundwate~ table and 20 kN/m3 below (from Table 3.2).

Att=O.1 yr:

238



Note; All depths for CPT and SPT data are measured from the ground surface.

QUESTIONS AND PRACTICE PROBLEMS

7.15 A 190-k column load is to be supported on a lO·ft square, 3-ft deep spread fOOlingunderlain
by young, normally consolidaled sandy soils. The resulls of a representative CPT sounding at
Ihis site are as follows:

-i

241

1

-<= Answer (as a multiple of 3 in)

Depth (fll q, (kg/cm')

0.0-6.0

30

6.0-10.0

51

10.0-18.0

65

18.0-21.0

59

21.0-40.0

110

UseB = 8ft9in

C, C, C, (q -- 0",,,)(1.,. + 0.025)8
1\ = on .• • ._, _

E,

:- -- ".......•

(200,000 + 4508' ')0.75 in (0.933)(1.54)(1) ------iT------ - 360Ib/ft- (0.675 + 0.025)8

12 iniii = --------- 'J86-:000lb-7it"2 -------~-,._-~-----------.---

8 = 8.75 ft

Application to Mat Foundations

7.14 A 250·k column load is 10 be supported on a 9 ft x 9 ft square footing embedded 2 ft below
the ground surface. The underlying soil is a silly sand with an average N"" of 32 and a unit
weighl of 129 lb/fll. The ground water table is at a depth of 35 ft. Using the simplified
Schmertmann method, compute the selllement of this fOOlingat t = 50 yr.

Schmertmann's method was developed primarily for spread footings, so the various em

pirical data used to calibrate the method have heen developed with this lypc of foundation

in mind. In principle, the method also may hc used with mat foundations. Hdwevcr, it

-teriuS-toQyerestimate the seulemcnt of mats heeausc their dcpth of influence is much
greater and the;: equivalent modulus values at these depths is largcr than prcdicted hy the
methods describM.earlier in this section.

Therefore, when-applying Schmertmann's method to Illat foundations, it is best to
progressively increase the E,yaIues with depth, such that E, at 30 m ( 100 ft) is about three

times that predicted by the mclhods described earlier in this section.,

7.6 Settlement Analyses Based on In-Situ Tellts

C, C2 C) (q - 0",,,)(1,,, + 0.025)B
1\ = -.--------.--

E.•

Wf = (8.75 ft)'(3 ft)(150 Ib/ft)) = 34,500 Ib

( t ) (SOYI')C2 = I + 0.2 log 0.1 = I + 0.2 log Qj- = 1.54

C, = I - 0.5 (q-~;/~J = I - 0.5 (3062Ib7~-~{~~o Ib/t'(2) = 0.933

0';,. @z = 7.37 ft = (120 lb/ft))(7.37 ft) = 885 Ib/ft'

f·-0'0 J3062lb/ft2 ..:. 3601b/ft'
1 = 0.5 + 0.1 -- = 0.5 + 0.1 no = 0.675
,,. 0';,. ~85 Ib/ft'

P + Wf 200,000 Ib + 34,500 Ib _ 0 = 3062 Ih/ft'
q = --8'- - u = (8.75 ft)2

P + "j. 200,000 Ib + 22,000 lb _ 0 = 4,530 Ib/ft2
q = ~. - u = (7 ft)2

c) = 1

Wf = (7 ft)2(3 ft)(150 tb/ft') = 22,000 lb

Chapter 7 Shallow Foundations-Settlement

0';,. @z = 6.5 ft = (120 lb/ft')(6.5 ft) = 780 Ih/ft'

fl-":'~;; (4530IbW-=36<J-fil/fl21", = 0.5 + 0.1 v--.,.;~n = 0.5 + 0.\ V------780 tb/ni-- = 0.731

( u~j) ) (360 lb/ft' )
C = I - 0.5 --'.- = I - 0.5 --------- = 0.957

I q _ 0';" 4530 Ib/ft' - 360 Ib/ft'

(200,000 + 450 B2 ')75 . (0.957)( 1.54)( I )--'--2--- - 3601h/ft' (n.731 + 0.(25)8O. ID B . _

12in/ii - --- 386,000 Ib/ft2------·

B = 9 ft3in

Reevaluate with B = 8 ft 9 in

Estimate B = 7 ft

240
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The groundwater table is at a depth of IS ft; the unit weight of the soil is\124 Ib/ft3 above the
groundwater table and 130 Ib/ft3 below. Using Schmertmann's method with hand computa
tions, compute the total settlement of this footing 30 years after construction.

7.16 A 650-kN column load is supported on a l.5-m wide by 2.0-m long by 0.5 m deep spread
footing. The soil below is a well graded, normally consolidated sand with 'Y= 17.0 kN/m3anct
the following SPT N"o values:

l
I
I,!

7.8 Settlement of Shallow Foundations on Stratified Soils

QUESTIONS AND PRACTICE PROBLEMS-SPREADSHEET ANAL VSES

Note: All depths for CPT and SPT data are measured from the ground surface.

7.17 Solve Problem 7.14 using the SCHMERTMANN.XLSspreadsheet.
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Depth (m)

N60

1.0

12

2.0

13

3.0

13

4.0

18

5.0

22

7.18 Solve Problem 7.15 using the SCHMERTMANN.XLSspreadsheet.

7.19 Solve Problem 7.16 using the SCHMERTMANN.XLSspreadsheet.

7.7 SCHMERTMANN SPREADSHEET

The groundwater table is at a depth of 25 m. Using Schmertmann's method and hand compu
tations. compute the total settlement at t = 30 yr.

Depth to Soil Layer
Top

BottomEszlI epsilonstraindela
Im)

(ml(kPal(ml i%)(mm)
00

20
20

2249020102350770415409

When computing the settlement of shallow foundations on soil profiles that are primarily

clays or silts, we normally use the methods based on laboratory tests as discussed in Sec

tion 7.4. Conversely, when the soil profile consists primarily of sands, we normally use

methods based on in-situ tests, as discussed in Section 7.6. However, when the profile is

stratified and includes both types of soil, it can be difficult to determine which method to
use.

If the soil profile consists predominantly of clays and silts, then it is probably best
to use the methods described in Section 7.4. Determine the values of CJ(1 + eo) and

C,.I(1 + eo) for the clayey and silty strata using laboratory consolidation tests, and those

for the sandy strata using Table 3.7.

Conversely, if the profile is primarily sandy, then it is probably better to use

Schmertmann's method. The equivalent modulus, E" for normally consolidated clayey

layers may be computed using the following equation:

7.21 A proposed building is to be supported on a series of spread footings embedded 36 inches into
the ground. The underlying soils consist of silty sands with N"o= 30, an estimated overconsol
idation ratio of 2, and 'Y= 118 Iblft'. This soil strata extends to a great depth and the ground

water table is at a depth of lOft below the ground surface. The allowable settlement is 1.0 in.
Using the SCH~IERTMANN.X1.Sspreadsheet, develop a plot of allowable column load vs. footing
width.

7.20 A 300-k column load is to be supported on a lO-ft square, 4-ft deep spread footing. Cone pen
etration tests have been conducted at this site, and the results are shown in Figure 7.15. The

groundwater table is at a depth of 6 ft, 'Y = 121Ib/ft', and 'Y"l = 125 lb/ft!.

a. Compute the settlement of this footing using the SCHMERTMANI'.XLSspreadsheet.

b. The design engineer is considering the use of vibroflotation to densify the soils at this site
(see discussion in Chapter 19). This process would increase the q,. values by 70 percent.
and make the soil slightly overconsolidated. The unit weights would increase by 5 Ib/ft!.
Use the spreadsheet to compute the settlement of a footing built and loaded after densifica
tion by vibrot1otation.

7.8 SETTLEMENT OF SHALLOW FOUNDATIONS ON STRATIFIED SOILS

197 kPa

6077 mm

q=
delta ::;:

Results

2m

18 kNIm'\3

50 yr

SI E orSI
RE sa. Cl. co. or RE

25 m

30 m

2 m

11250 kN

Figure 7.16 Typical screen from SCHMERTMANN.XLSspreadsheet.

March 23. 2000

Exampl~7 6

B=
L=
D=
p=

Dw=

gamma =

t =

Input
Units

Shape

Date

tdentificabon

The SEITLEMENT.XLSspreadsheet described earlier in this chapter can be modified to com

pute settlements using the Schmertmann method. This has been done, and a spreadsheet

called SCHMERTMANN.XLSis available from the Prentice Hall website. Figure 7.16 is a typ

ical screen from this spreadsheet.
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E,
2.300<

Cj(l + eo)
<7.30)

For overconsolidated soils, substitute C, for C, in Equation 7.30.
Another option is to conduct two parallel analyses, one for the clayey strata using

laboratory test data. and another for the sandy strata using in-situ data. and adding the two
computed settlements.

7.9 DIFFERENTIAL SETTLEMENT

Differential settlement, S/), is the difference in settlement between two foundations, or the
difference in settlement between two points on a single foundation. Excessive differential
settlement is troublesome because it distorts the structure and thus introduces serviceabil

ity problems, as discussed in Chapter 2.
Normally we design the foundations for a structure such that all of them have the

same computed total settlement, S. Therefore, in theory, there should be no differential
settlement. However, in reality differential settlements usually occur anyway. There are
many potential sources of these differential settlements, including:

• Variations in the soil profile. For example, part of structure might be underlain by
stiff natural soils, and part by a loose, uncompacted fill. Such a structure may have
excessive differential settlement because of the different compressibility of these
soil types, and possibly because of settlement due to the weight of the fill. This
source of differential settlements is present to some degree on nearly all sites be
cause of the natural variations in all soils, and is usually the most important source
of differential settlement.

• Variations in the structural loads. The various foundations in a structure are de

signed to accommodate different loads according to the portion of the structure they
support. Normally each would be designed for the same total settlement under its
design load, so in theory the differential settlement should be zero. However, the
ratio of actual load to design load may not be same for all of the foundations. Thus,
those with a high ratio will settle more than those with a low ratio.

• Design controlled by bearing capacity. The design of some of the foundations
may have been controlled by bearing capacity. not settlement. so even the design
settlement may be less than that of other foundations in the same structure.

• Construction tolerances. The as-built dimensions of the foundations will differ

from the design dimensions, so their settlement behavior will vary accordingly.

The rigidity of the structure also has an important influence on differential settle
ments. Some structures, such as the steel frame in Figure 7.17, are very flexible. Each
foundation acts nearly independent of the others, so the settlement of one foundation has
almost no impact on the other foundations. However, other structures are much stiffer,
perhaps because of the presence of shear walls or diagonal bracing. The braced steel
frame structure in Figure 7.18 is an example of a more rigid structure. In this case, the

Figure 7.17 This steel-frame structure has no diagonal bracing or shear walls, and thus \vould be c1assitied as nflexible,"

structure tends to smooth over differential settlement problems. For example, if one foun
dation settles more than the others, a rigid structure will redirect some of its load, as
shown in Figure 7.19, thus reducing the differential settlement.

Computing Differential Settlement of Spread Footings

There are at least two methods of predicting differential settlements of spread footings.
The first method uses a series of total settlement analyses that consider the expected vari
ations in each of the relevant factors. For example, one analysis might consider the best-

Figure 7.18 The diagonat bracing in this steet-frame structure has been installed to re

sist seismic loads. However, a side benefit is that this bracing provides more rigidity.
which helps even out potential differential settlements. Shear walls have a simitar effect.

The two bays in the center of the photograph have no diagonal bracing. and thus would be
more susceptible to differentiat settlement problems.
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Figure 7.19 Influence of structural rigidity on differential settlements: (a) a very flexible structure has little load transfer.

and thus could have larger differential settlements; (b) a more rigid structure has greater capacity for load transfer, and thus

provides more resistance to excessive differential settlements.

A

~

~

(a)

(b)

cL
C

Figure 7.20 Total and differential settlements of spread footings on clays (Adapted from Bjerrum, 1963).

case scenario of soil properties, loading, and so forth, while another would consider the
worst-case scenario. The difference between these two total settlements is the differential
settlement.

The second method uses OD/O ratios that have been observed in similar structures on
siinilar soil profiles. For example, Bjerrum (1963) compared the total and differential set
tlements of spread footings on clays and sands, as shown in Figures 7.20 and 7.21. Pre
sumably, this data was obtained primarily from sites in Scandinavia, and thus reflects the
very soft soil conditions encountered in that region. This is why much of the data reflects
very large settlements.

Sometimes locally-obtained OD/O observations are available. Such data is more use
ful than generic data, such as Bjerrum's, because it implicitly reflects local soil condi
tions. This kind of empirical local data is probably the most reliable way to assess OD/O

ratios.

In the absence of local data, the generic OD/O ratios in Table 7.5 may be used to pre
dict differential settlements. The values in this table are based on Bjerrum's data and the
author's professional judgement, and are probably conservative.

Remedying Differential Settlement Problems

If the computed differential settlements in a structure supported on spread footings are ex
cessive (OD> OD,,)' the design must be changed, even if the total settlements are accept
able. Possible remedies include:

• Enlarge all of the footings until the differential settlements are acceptable. This
could be done by using the allowable differential settlement, OD" and the OD/O ratio
to compute a new value of 0", then sizing the footings accordingly. Example 7.8 il
lustrates this technique.
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Fi~ure 7.22 Use of grade beams to tic spread footings lOgclhcr.

A "t1exible" steel frame building is to be built on a series of spread footing foundations
supportedon a natural clayey soil. The allowable total and differentialsettlementsare 20 and

• Connect the footings with grade heams, as shown in Figure 7.22. These beams pro
vide additional rigidity to the foundation system, thus reducing the differential set
tlements. The effectiveness of this method could bc evaluated using a structural
analysis.

• Replace the spread footings with a mat foundation. This method provides even
more rigidity, and thus further reduces the differential settlements. Chapter 10 dis
cusses the analysis and design of mats.

• Replace the spread footings with a system of deep foundations, as discussed in
Chapter 11.

• Redesign the superstructure so that it can accommodate larger differential settle
ments, so that the structural loads are lower, or both. For example, a masonry struc
ture could be replaced by a wood-frame structure,

• Provide a method of releveling the structure if the differential settlements become
excessive. This can be done by temporarily lifting selected columns from the foot
ing and installing shims between the base plate and the footing.

• Accept the large differential settlements and repair any damage as it occurs. For
some structures, such as industrial buildings, where minor distress is acceptable,
this may be the most cost-effective alternative.

Example 7.8

7.9 Differential Settlement1
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Figure 7.21 Total and differential settlement of spread footings on sands (Adapted from Bjerrum.
1963).

PredominantSoil Type Below Footings

Sandy

Natural soils

Compactedfills of uniform thicknessunderlainby stiff
natural soils

Clayey

Natural soils

Compactedfills of uniform thicknessunderlain by stiff
natural soils
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12mm, respectively.The footings have been designed such that their total settlementwill not
exceed 20 mm, as determinedby the analysis techniquesdescribed in this chapter.
Will the differential settlementsbe within tolerable limits?

Solution

According to Table 7.5, the '6D/'6 ratio is about 0.8. Therefore, the differential settlements
may be as large as (0.8)(20 mm) = 16mm. This is greater than the allowable value of 12 mm,
and thus is unacceptable.Therefore, it is necessary to design the footings such that their total
settlement is no greater than (12 mm)/(0.8) = 15 mm. Thus, in this case the allowable total
settlementmust be reduced to '6"= 15 mm.

Mats

Because of their structural continuity, mat foundations generally experience less differen
tial settlement, or at least the differential settlement is spread over a longer distance and
thus is less troublesome. In addition, differential settlements in mat foundations are much

better suited to rational analysis because they are largely controlled by the structural rigid
ity of the mat. We will cover these methods in Chapter 10.

QUESTIONS AND PRACTICE PROBLEMS

7.22 A steel frame office building with no diagonal bracing will be supported on spread footings
founded in a natural clay. The computed total settlement of these footingsis 20 mm. Compute
the differential settlement.

7.23 A reinforced concrete building with numerous concrete shear walls will be supported on
spread footings founded in a compacted sand. The computed total settlementof these footings
is 0.6 in. Compute the differential settlement.

7.10 RATE OF SETTLEMENT

Clays

If the clay is saturated, it is safe to assume the distortion settlement occurs as rapidly as
the load is applied. The consolidation settlement will occur over some period, depending
on the drainage rate.

Terzaghi's theory of consolidation includes a methodology for computing the rate
of consolidation settlement in saturated soils. It is controlled by the rate water is able to
squeeze out of the pores and drain away. However, because the soil beneath a footing is
able to drain in three dimensions, not one as assumed in Terzaghi's theory, the water will
drain away more quickly, so consolidation settlement also will occur more quickly. Davis
and Poulos (1968) observed this behavior when they reviewed fourteen case histories. In
four of these cases, the rate was very much faster than predicted, and in another four
cases, the rate was somewhat faster. In the remaining six cases, the rate was very close to

or slightly slower than predicted, but this was attributed to the drainage conditions being
close to one-dimensional. They also presented a method of accounting for this effect.

Rate estimates become more complex for some partially saturated soils, as dis
cussed in Chapters 19 and 20.

Sands

The rate of settlement in sands depends on the pattern of loading. If the load is applied
only once and then remains constant, then the settlement occurs essentially as fast as the
load is applied. The placement of a fill is an example of this kind of loading. The dead
load acting on a foundation is another example.

However, if the load varies over time, sands exhibit additional settlement that typi
cally occurs over a period of years or decades. The live loads on a foundation are an ex
ample, especially with tanks, warehouses, or other structures in which the live load
fluctuates widely and is a large portion of the total load.

A series of long-term measurements on structures in Poland (Bolenski, 1973) has
verified this behavior. Bolenski found that footings with fairly constant loads, such as those
supporting office buildings, exhibit only a small amount of additional settlement after con
struction. However, those with varying loads, such as storage tanks, have much more long
term settlement. Burland and Burbidge (1985) indicate the settlement of footings on sand
30 years after construction might be 1.5 to 2.5 times as much as the post-construction set
tlement. This is the reason for the secondary creep factor, C2, in Schmertmann's equation.

7.11 ACCURACY OF SETTLEMENT PREDICTIONS

After studying many pages of formulas and procedures, the reader may develop the mis
taken impression that settlement analyses are an exact science. This is by no means true. It
is good to recall a quote from Terzaghi (1936):

Whoeverexpects from soil mechanics a set of simple, hard-and-fastrules for settlementcom
putations will be deeply disappointed. He might as well expect a simple rule for constructing
a geologic profile from a single test boring record. The nature of the problem strictly pre
cludes such rules.

Although much progress has been made since 1936, the settlement problem is still a
difficult one. The methods described in this chapter should be taken as guides, not dicta
tors, and should be used with engineering judgment. A vital ingredient in this judgement
is an understanding of the sources of error in the analysis. These include:

• Uncertainties in defining the soil profile. This is the largest single cause. There have
been many cases of unexpectedly large settlements due to undetected compressible
layers, such as peat lenses.

• Disturbance of soil samples.

• Errors in in-situ tests (especially the SPT).

• Errors in laboratory tests.
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Figure 7.23 Comparison between computed and measured settlements of spread foot

ings. Each bar represents the 90 percent confidence interval (i.e .. 90 percent of the settle

ment predictions will be within this range). The line in the middle of each bar represents

the average prediction. and the number to the right indicates the number of data points
used to evaluate each method. (Based on data from Burland and Burbridge. 1985: Butler.

1975: Schmertmann. 1970; and Wahls. 1985).

• Uncertainties in defining the service loads, especially when the live load is a large

portion of the total load.

• Construction tolerances (Le., footing not built to the design dimensions).

• Errors in determining the degree of overconsolidation.

• Inaccuracies in the analysis methodologies.

• Neglecting soil-structure interaction effects.

We can reduce some of these errors by employing more extensive and meticulous

exploration and testing techniques, but there are economic and technological limits to
such efforts.

Because of these errors, the actual settlement of a spread footing may be quite dif-

ferent from the computed settlement. Figure 7.23 shows 90 percent confidence intervals

for spread footing settlement computations.

The Leaning Tower of Pisa

During the Middle Ages, Europeans began to build larger and heavier structures, pushing the
limits of design well beyond those of the past. In Italy, the various republics erected towers and
campaniles to symbolize their power (Kerisel, 1987). Unfortunately, vanity and ignorance often

lead to more emphasis on creative architecture than on structural integrity, and many of these
structures collapsed. Although some of these failures were caused by poor structural design,
many were the result of overloading the soil. Other monuments tilted, but did not collapse. The
most famous of these is the campanile in Pisa, more popularly known as the Leaning Tower of
Pisa.

Construction of the tower began in the year 1173 under the direction of Bananno Pisano

and continued slowly until 1178. This early work included construction of a ring-shaped footing
64.2 ft (19.6 m) in diameter along with three and one-half stories of the tower. By then, the av

erage bearing pressure below the footing was about 6900 Ib/ft2 (330 kPa) and the tower had al
ready begun to tilt. Construction ceased at this level, primarily because of political and
economic unrest. We now know that this suspension of work probably saved the tower, because
it provided time for the underlying soils to consolidate and gain strength.

Nearly a century later, in the year 1271, construction resumed under the direction of a
new architect. Giovanni Di Simone. Although it probably would have been best to tear down the
completed portion and start from scratch with a new and larger foundation. Di Simone chose to
continue working on the uncompleted tower, attempting to compensate for the tilt by tapering
the successive stories and adding extra weight to the high side. He stopped work in 1278 at the
seventh cornice. Finally. the tower was completed with the construction of the belfry during a
third construction period. sometime between 1360 and 1370. The axis of the belfry is inclined at
an angle of 3° from the rest of the tower. which was probably the angle of tilt at that time. Alto
gether. the project had taken nearly two hundred years to complete.

Both the north and south sides of the tower continued to settle (the tilt has occurred be

cause the south side settled more than the north side). so that by the early nineteenth century, the
tower had settled about 2.5 meters into the ground. As a result, the elegant carvings at the base
of the columns were no longer visible. To "rectify" this problem, a circular trench was exca

vated around the perimeter of the tower in 1838 to expose the bottom of the columns. This
trench is known as the catino. Unfortunately, construction of the trench disturbed the groundwa

ter table and removed some lateral support from the side of the tower. As a result, the tower sud
denly lurched and added about half a meter to the tilt at the top. Amazingly, it did not collapse.
Nobody dared do anything else for the next hundred years.

During the 1930s, the Fascist dictator Benito Mussolini decided the leaning tower pre
sented an inappropriate image of the country, and ordered a fix. His workers drilled holes
through the floor of the tower and pumped 200 tons of concrete .into the underlying soil. but this
only aggravated the problem and the tower gained an additional 0.1 degree of tilt.

During most of the twentieth century the tower has been moving at a rate of about 7 sec
onds of arc per year. By the end of the century the total tilt was about 5.5 degrees to the south
which means that the top of the tower structure was 5.2 m (17.0 ft) off of being plumb. The av
erage bearing pressure under the tower is 497 kPa (10,400 Ib/fr), but the tilting caused its
weight to act eccentrically on the foundation. so the bearing pressure is not uniform. By the
twentieth century, it ranged from 62 to 930 kPa (1,300-19,600 Ib/ft2), as shown in Figure 7.24.
The tower is clearly on the brink of collapse. Even a minor earthquake could cause it to topple.
so it became clear that some remedial measure must be taken.
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The subsurface conditions below the tower have been investigated, including an exhaus
tive program sponsored by the Italian government that began in 1965. The profile, shown in
Figure 7.25, is fairly uniform across the site and consists of sands underlain by fat

This problem has attracted the attention of both amateurs and professionals, and the au
thorities have received countless "solutions," sometimes at the rate of more than fifty per week.

Some are clearly absurd, such as tying helium balloons to the top of the tower, or installing a se
ries of cherub statues with flapping wings. Others, such as large structural supports (perhaps
even a large statue leaning against the tower?), may be technically feasible, but aesthetically un
acceptable.

In 1990 the interior of the tower was closed to visitors, and in 1993 about 600 tons of

lead ingots were placed on the north side of the tower as a temporary stabilization measure.

Figure 7.25 Soil profile below tower (Adapted from Mitchell, et aI., 1977; Used by per
mission of ASCE).
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Then, in 1995, engineers installed a concrete ring around the foundation and began drilling
tiedown anchors through the ring and into the dense sand stratum located at a depth of about
40 ft (see profile in Figure 7.25). The weights caused the underlying soils to compress and
slightly reduced the tilt, but construction of the anchors disturbed the soil and produced a sud
den increase in the tilt of the tower. In one night the tower moved about 1.5 mm, which is the

equivatentto a year's worth of normal movement. As a result, the work was quickly abandoned
and more lead ingots were added to the north side.

Clay

Ll~T I

q=150kP~-1a ~ q=864kPa

Figure 7.24 Current configura

tion of the tower (Adapted from
Costnazo, lamiolkowski, Lancel

10lla and Pepe, 1994 and Terzaghi,
1934a).
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A period of inactivity followed, but in 1997 an earthquake in nearby Assisi caused a
tower in that city to collapse-and that tower was not even leaning! This failure induced a new
cycle of activityat Pisa, and the overseeing committee approved a new methodof stabilizingthe
tower: soit extraction.

The method of soil extraction consists of carefulIy drilling diagonal borings into the
ground beneaththe north side of the tower and extracting small amountsof soi1:The overlying
soils then collapse into the newly created void, which should cause the north side of the tower to
settle, thus decreasingthe tilt. The objective of this effort is to reduce the tilt from 5.5 degrees to
5.0 degrees,which is the equivalent of returning the tower to its position of three hundred years
ago. There is no interest in making the tower perfectly plumb.

Soil extraction has been successfully used to stabilize structures in Mexico City, and ap
pears to be the most promising method for Pisa. This process must proceedvery slowly, perhaps
over a period of months or years, while continuously monitoring the movements of the tower.
When this book was published, the soil extraction work had begun and the tilt had been very
slightly reduced.If this effort is successful, the temporary lead weights will no longer be neces
sary, and the life of the tower should be extended for at least three hundredyears.

Recommended reference: Costanzo, D.; Jarniolkowski, M., Lancellotta, R., and Pepe, M.C.
(1994), Leaning Tower of Pisa: Description of the Behavior, Settlement 94 Banquet Lecture,
Texas A&M University

We can draw the following conclusions from this data:

• Settlement predictions are conservative more often than they are unconservative
(Le., they tend to overpredict the settlement more often than they underpredict it).
However, the range of error is quite wide.

• Settlement predictions made using the Schmertmann method with CPT data are
much more precise than those based on the SPT. (Note that these results are based
on the 1970 version of Schmertmann's method. Later refinements, as reflected in
this chapter, should produce more precise results.)

• Settlement predictions in clays, especially those that are overconsolidated, are usu
ally more precise than those in sands. However, the magnitude of settlement in
clays is often greater.

SUMMARY

Major Points

1. Foundations must meet two settlement requirements: total settlement and differen
tial settlement.

2. The load on spread footings causes an increase in the vertical stress, Aa" in the soil
below. This stress increase causes settlement in the soil beneath the footing.

3. The magnitude of Aa, directly beneath the footing is equal to the bearing pressure,
q. It decreases with depth and becomes very small at a depth of about 2B below
square footings or about 6B below continuous footings.

4. The distribution of Aa, below a footing may be calculated using Boussinesq's
method, Westergaard's method, or the simplified method.

5, Settlement analyses in clays and silts are usually based on laboratory consolidation
tests. The corresponding settlement analysis is an extension of the Terzaghi settle
ment analyses for fills, as discussed in Chapter 3.

6. Settlement analyses based on laboratory tests may use either the classical method,
which assumes one-dimensional consolidation, or the Skempton and Bjerrum
method, which accounts for three-dimensional effects.

7. Settlement analyses in sands are usually based on in-situ tests. The Schmertmann
method may be used with these test results.

8. Differential settlements may be estimated based on observed ratios of differential to
total settlement.

9. Settlement estimates based on laboratory consolidation tests of clays and silts typi
cally range from a 50 percent overestimate (unconservative) to a 100 percent under
estimate (conservative).

10. Settlement estimates based on CPT data from sandy soils typically range from a 50
percent overestimate (unconservative) to a 100 percent underestimate (conserva
tive). However, estimates based on the SPT are much less precise.

Vocabulary

Many of the soil factors that cause the scatter in Figure 7.23 do not change over
short distances, so predictions of differential settlements should be more precise than
those for total settlements. Therefore, the allowable differential settlement criteria de

scribed in Table 2.2 (which include factors of safety of at least 1.5) reflect an appropriate
level of conservatism.

Allowable differential
settlement

Allowable settlement

Boussinesq's method
Classical method

Differential settlement

Distortion settlement

Induced stress

Plate load test

Rigidity

Schmertmann's method

Settlement

Skempton and Bjerrum
method



'---------------
8

Spread Footings-Geotechnical Design

Chapter 7 Shallow Foundations-Settlement

A 6OO-mm wide, 500-mm deep continuous footing carries a vertical downward load of
85 kN/m. The soil has"y = 19kN/m3. Using Boussinesq's method, compute t::.a: at a depth of
200 mm below the bottom of the footing at the following locations:

• Beneath the center of the footing

• 150 mm from the center of the footing

• 300 mm from the center of the footing (Le., beneath the edge)

• 450 mm from the center of the footing

Plot the results in the form of a pressure diagram similar to those in Figure 5.10 in Chapter 5.

7.24

258

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

7.25

7.26

7.27

Hint: Use the principle of superposition.

A 3-ft square, 2-ft deep footing carries a column load of 28.2 k. An architect is proposing to
build a new 4 ft wide, 2 ft deep continuous footing adjacent to this existing footing. The side
of the new footing will be only 6 inches away from the side of the existing footing. The new

footing will carry a load of 12.3 klft. "y= ll9lb/ft3.

Develop a plot of t::.a: due to the new footing vs. depth along a vertical line beneath the center
of the existing footing. This plot should extend from the bottom of the existing footing to a

depth of 35 ft below the bottom of this footing.

Using the data from Problem 7.25, C,I(l + eo) =0.08 and -y=1l9lb/ft3, compute the consolida
tion settlement of the old footing due to the construction and loading of the new footing. The
soil is an overconsolidated (case I) silty clay, and the groundwater table is at a depth of 8 ft

below the ground surface.

Using the SCHMERTMANN.XLS spreadsheet and the subsurface data from Example 7.6, develop

a plot of footing width, 8, vs. column load, P, for square spread footings embedded 3 ft below
the ground surface. Develop a P vs. 8 curve for each of the following settlements: 0.5 in, 1.0
in, and 1.5 in, and present all three curves on the same diagram.

Your greatest danger is letting the urgent things
crowd out the important.

From Tyranny of the Urgent by Charles E. Hummel'

This chapter shows how to use the results of bearing capacity and settlement computa

tions, as well as other considerations, to develop spread footing designs that satisfy geo

technical requirements. These are the requirements that relate to the safe transfer of the

applied loads from the footing to the ground. Chapter 9 builds on this information, and

discusses the structural design aspects, which are those that relate to the structural in

tegrity of the footing and the connection between the footing and the superstructure.

8.1 DESIGN FOR CONCENTRIC DOWNWARD LOADS

The primary load on most spread footings is the downward compressive load, P. This

load produces a bearing pressure q along the bottom of the footing, as described in Sec

tion 5.3. Usually we design such footings so that the applied load acts through the cen

troid (i.e., the column is located in the center of the footing). This way the bearing

pressure is uniformly distributed along the base of the footing (or at least it can be as

sumed to be uniformly distributed) and the footing settles evenly.

'© 1967 by InterVarsity Christian Fellowship of the USA. Used by permission of InterVarsity Press-USA.
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Figure 8.1 Depth of embedment for spread footings.
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300
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600

700

800

900

1000

Minimum
D

(mm)

Load
Plb

(kN/m)

0-170

170-250

250-330

330-410

410-490

490-570

570-650

650-740

12

18

24

30

36

Minimum
D

(in)

Load
P!h

(kift)

0-10

10-20

20-28

28-36

36-44

TABLE 8.2 MINIMUM DEPTH OF EMBEDMENT
FOR CONTINUOUS FOOTINGS

8.1 Design for Concentric Downward Loadsl
1

D

Footing Depth

260

TABLE 8,1 MINIMUM DEPTH OF EMBEDMENT FOR
SQUARE AND RECTANGULAR FOOTINGS

The depth of embedment, D, must be at least large enough to accommodate the required
footing thickness, T, as shown in Figure 8.1. This depth is measured from the lowest adja
cent ground surface to the bottom of the footing. In the case of footings overlain by a slab
on-grade floor, D is measured from the subgrade below the slab.

Tables 8.1 and 8.2 present minimum D values for various applied loads. These are
the unfactored loads (i.e., the greatest from Equations 2.1-2.4). These D values are in

tended to provide enough room for the required footing thickness, T. In some cases, a
more detailed analysis may justify shallower depths, but D should never be less than 300
mm (12 in). The required footing thickness, T, is governed by structural concerns, as dis
cussed in Chapter 9.

Load
P

(k)

0-65

65-140

140-260

260-420

420-650

Minimum
D

(in)

12

18

24

30

36

Load
P

(kN)

0-300

300-500

500-800

800-1100

1100-1500

1500-2000

2000-2700

2700-3500

Minimum
D

(mm)

300

400

500

600

700

800

900

1000

Sometimes it is necessary to use embedment depths greater than those listed in Ta
bles 8.1 and 8.2. This situations include the following:

• The upper soils are loose or weak, or perhaps consist of a fill of unknown quality. In
such cases. we usually extend the footing through these soils and into the underly
ing competent soils.

• The soils are prone to frost heave. as discussed later in this section. The customary
procedure in such soils is to extend the footings to a depth that exceeds the depth of
frost penetration.

• The soils are expansive. One of the methods of dealing with expansive soils is to
extend the footings to a greater depth. This gives them additional flexural strength,
and places them below the zone of greatest moisture fluctuation. Chapter 19 dis
cusses this technique in more detail.

• The soils are prone to scour, which is erosion caused by flowing water. Footings in
such soils must extend below the potential scour depth. This is discussed in more
detail later in this chapter.

• The footing is located near the top of a slope in which there is some, even remote,
possibility of a shallow landslide. Such footings should be placed deeper than usual
in order to provide additional protection against undermining from any such slides.

Sometimes we also may need to specify a maximum depth. It might be governed by
such considerations as:

• Potential undermining of existing foundations, structures. streets, utility lines, etc.

• The presence of soft layers beneath harder and stronger near-surface soils, and the
desire to support the footings in the upper stratum.
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8.1 Design for Concentric Downward Loads 2€3

A desire to avoid working below the groundwater table, and thus avoid construction
dewatering expenses.

• A desire to avoid the expense of excavation shoring, which may be needed for foot
ing excavations that are more than 1.5 m (5 ft) deep.

Footing Width

Sometimes bearing capacity and settlement concerns can be addressed by increasing the
footing depth. For example, if the near-surface soils are poor, but those at slightly greater
depths are substantially better, bearing capacity and settlement problems might be solved
by simply deepening the footing until it reaches the higher quality stratum. However, in
more uniform soil profiles, we usually satisfy bearing capacity and settlement require
ments by adjusting the footing width, B. Increasing B causes the bearing pressure, q, to
decrease, which improves the factor of safety against a bearing capacity failure and de
creases the settlement.

Most structures require many spread footings, perhaps dozens of them, so it is in
convenient to perform custom bearing capacity and settlement analyses for each one. In
stead, geotechnical engineers develop generic design criteria that are applicable to the
entire site, then the structural engineer sizes each footing based on its load and these
generic criteria. We will discuss two methods of presenting these design criteria: the al
lowable bearing pressure method and the design chart method.

a. Using Equation 5.1 or 5.2, write the bearing pressure, q, as a function of B.
b. Using Equation 6.4, 6.5,6.6, or 6.13, along with Equation 6.36, write the allow

able bearing capacity, q", as a function of B.
c. Set q = q" and solve for B.

d. Using Equation 6.4, 6.5, 6.6, or 6.13, along with Equation 6.36 and the B from
Step c, determine the allowable bearing capacity, q".

S. Using the techniques described in Chapter 2, determine the allowable total and dif

ferential settlements, a" and aD". Normally the structural engineer performs this step
and provides these values to the geotechnical engineer.

6. Using local experience or Table 7.5, select an appropriate aD/a ratio.

7. If aD,,;::: a" (aD/a), then designing the footings to satisfy the total settlement require
ment (a ::; a,,) will implicitly satisfy the differential settlement requirement as well
(aD::; aD,,)' Therefore, continue to Step 8 using a". However, if aD" < a" (aD/a), it is
necessary to reduce a" to keep differential settlement under control (see Example
7.8). In that case, continue to Step 8 using a revised a" = ao" / (aD/a).

8. Using the a" value obtained from Step 7, and the techniques described in Chapter 7,
perform a settlement analysis on the footing with the largest applied normal load.
This analysis is most easily performed using the SEITLEMENT.XLS or SCHMERTMANN

.XLS spreadsheets. Determine the maximum bearing pressure, q, that keeps the total
settlement within tolerable limits (i.e., a ::; a,,).

9. Set the allowable bearing pressure, qA equal to the lower of the q" from Step 4 or q
from Step 8. Express it as a multiple of 500 Ib/ft" or 25 kPa.

If the structure will include both square and continuous footings, we can develop
separate qA values for each.

We use the most lightly loaded footing for the bearing capacity analysis because it
is the one that has the smallest B and therefore the lowest ultimate bearing capacity (per
Equations 6.4-6.6). Thus, this footing has the lowest q" of any on the site, and it is conser
vative to design the other footings using this value.

However, we use the most heavily loaded footing (i.e., the one with the largest B)

for the settlement analysis, because it is the one that requires the lowest value of q to sat
isfy settlement criteria. To understand why this is so, compare the two footing in Figure
8.2. Both of these footings have the same bearing pressure, q. However, since a greater
volume of soil is being stressed by the larger footing, it will settle more than the smaller

footing. For footings on clays loaded to the same q, the settlement is approximately pro
portional to B, while in sands it is approximately proportional to BD'. Therefore, the larger
footing is the more critical one for settlement analyses ..

The geotechnical engineer presents qA' along with other design criteria, in a written

report. The structural engineer receives this report, and uses the recommended qA to design
the spread footings such that q::; qA- Thus, for square, rectangular. and circular footings:

Allowable Bearing Pressure Method

The allowable bearing pressure, qAo is the largest bearing pressure that satisfies both bear
ing capacity and settlement criteria. In other words, it is equal to the allowable bearing ca
pacity, q", or the q that produces the greatest acceptable settlement, whichever is less.
Normally we develop a single qA value that applies to the entire site, or at least to all the
footings of a particular shape at that site.

Geotechnical engineers develop qA using the following procedure:

1. Select a depth of embedment, D, as described earlier in this chapter. If different
depths of embedment are required for various footings, perform the following com
putations using the smallest D.

2. Determine the design groundwater depth, D" .. This should be the shallowest ground
water depth expected to occur during the life of the structure.

3. Determine the required factor of safety against a bearing capacity failure (see Fig
ure 6.11).

4. Using the techniques described in Chapter 6, perform a bearing capacity analysis on
the footing with the smallest applied normal load. This analysis is most easily per
formed using the BEARING.XLS spreadsheet. Alternatively, it may be performed as
follows:

i

J
t-

P + Wf

q = -A- - Uo :5 q, (8.1)
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~. = weight of foundation

Wrlb = weight of foundation per unit length

b = unit length of foundation (normally 1 m or 1 ft)

qA = allowable bearing pressure

Uf) = pore water pressure along base of footing. Uf) = 0 if the groundwater table

is at a depth greater than D. Otherwise, Uf) = '(.. (D - D,,).

Solution

As part of an urban redevelopment project, a new parking garage is to be built at a site for
merly occupied by two-story commercial buildings. These old buildings have already been
demolished and their former basements have been backfilled with well-graded sand, sandy

silt, and silty sand. The lower level of the proposed parking garage will be approximately
flush with the existing ground surface, and the design column loads range from 250 to 900 k.

The allowable total and differential settlements are 1.0 and 0.6 inches, respectively.
A series of five exploratory borings have been drilled at the site to evaluate the subsur

face conditions. The soils consist primarily of the basement backfill, underlain by alluvial sands
and silts. The groundwater table is at a depth of about 200 ft. Figure 8.3 shows a design soil
profile compiled from these borings, along with all of the standard penetration test N,,,, values.

The basement backfills were not properly compacted and only encompass portions of
the site. Therefore, in the interest of providing more uniform support for the proposed spread
footing foundations, the upper ten feet of soil across the entire site will be excavated and re
compacted to form a stratum of properly compacted fill. This fill will have an estimated over
consolidation ratio of 3 and an estimated N", of 60. A laboratory direct shear test on a
compacted sample of this soil produced c' = 0 and "" = 35°.

Determine the allowable bearing pressures, qA' for square and continuous footings at
this site, then use this qA to determine the required dimensions for a square footing that will
support a 300 k column load.

The footing width must be determined using the unfactored design load (Le., the largest

load computed from Equations 2.1-2.4), even if the superstructure has been designed

using the factored load.

ExampleS.!

8.1 Design for Concentric Downward Loads

(8.3)

(8,2)

1

f!.cr,/q = 0.1

P,

~

f!.cr,/q = 0.1

Figure 8.2 These two footings are loaded to the same q, but each has a different width
and a correspondingly different P. The larger footing induces stresses to a greater depth in
the soil. so it settles more than the smaller footing.

P/b + ~/bB=--
qA + UD

Setting q = qA and rewriting gives:

264

Where:

A = required base area

for square footings, A = If

for rectangular footings, A = BL

for circular footings, A = -rrB2/4

B = footing width or diameter

L = footing length

P = applied normal load (unfactored)

PIb = applied normal load per unit length (unfactored)

Stepl
Step 2
Step3
Step4-

Step 5
Step 6-

Step 7
Step8-

Use an estimated D of 3 ft

The groundwater table is very deep, and is not a concern at this site
UseF=2.5

Using the BEARING.XLS spreadsheet with P = 250 k, the computed allowable
bearing pressure, q" is 10,500 Ib/ft2
Per the problem statement, 8" = 1.0 in and 8D" = 0.6 in
Using Table 7.5 and assuming the parking garage is a "flexible" structure, the
design value of 8018 is 0.5
S/R, > 8" (8D/8), so the total settlement requirement controls the settlement analysis
Using Table 7.3 and Equation 7.17, the equivalent modulus values for each SPT
data point are as follows:
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Boring No.

Depth (ft)Soil TypeN60130131E, (lb/ft2) NIi)

0-

0102030405060708090 100110120
14

SW20100,00024,000580,000

25

SP104100,00024,0002,596,000

11 Fill (Excavate
I and Recompact)I

35SP88100,00024,0002,212,000 Y= 123lblft3
101

45SW96100,00024,0002,404,000

2

14SW44100,00024,0001,156,000

J•A y•
2

25SP122100,00024,0003,028,000

14

SP&SW72100,00024,0001,828,000
*

3
25

SW90100,00024,0002,260,000
-

3 .::
11 ._ ~.~I~VJ-aIlU

I Ia y••A<:J4 15SW46100,00024,0001,204,000 Cl

4

25SW102100,00024,0002,548,000 30 -1 j
•• ~_ ••.• ~ '1
I I *

5

19SW92100,00024,0002,308,000

~l
• = Boring I• = Boring"
•

5
29SP68100,00024,0001,732,000

A = Boring 2 * = Boring 55
40SW74100,00024,0001.876,000 Y = Boring 3*

5

45SW60100,00024,0001,540,000

49

SW56100,00024,0001,444,000
*•5 ---50-J II I *

The equivalent modulus of the proposed compacted fill is: Fi~ure 8.3
Design soil protile and SPT results for proposed parking garage site.

E, = 80 voeR + I3IN60 = 7000 v'3 + (16,000)(60)7' 1,100,000 Ib/it2

300,000 + 450 82

6500 + 0

8=VA=)P+""JqA + UD

For a 300 k column load, ""J= (3 ft)( 150 Ib/ftJ) 82 = 450 82
Based on this data, we can perform the settlement analysis using the following equivalent
modulus values:

Depth (ft) E, (lb/ft2)

0-10

1,100,000

10-20

1,000,000

>20

1,700,000

=7ftOin <=Answer

Using the SCHMERTMANN.XLS spreadsheet with P = 900 k and 8a = 1.0 in produces q = 6,700
lb/fr

Step 9 - 6,700 < 10,500, so settlement controls the design. Rounding to a multiple of 500
Ib/ft2 gives:

qA = 6500 Iblft2 <=Answer

1

Design Chart Method

The allowable bearing pressure method is sufficient for most small to medium-size struc

tures. However, larger structures, especially those with a wide range of column loads,

warrant a more precise method: the design chart. This added precision helps us reduce
both differential settlements and construction costs.
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Instead of using a single allowable bearing pressure for all footings, it is better to
use a higher pressure for small ones and a lower pressure for large ones. This method re
duces the differential settlements and avoid the material waste generated by the allowable

bearing pressure method. This concept is implicit in a design chart such as the one in Fig
ure 8.4.

Use the following procedure to develop design charts:

1. Determine the footing shape (i.e., square, continuous, etc.) for this design chart. If
different shapes are to be used. each must have its own design chart.

2. Select the depth of embedment, D, using the guidelines described earlier in this
chapter. If different D values are required for different footings, perform these com
putations using the smallest D.

3. Determine the design groundwater depth, D". This should be the shallowest ground
water depth expected to occur during the life of the structure.

4. Select the design factor of safety against a bearing capacity failure (see Figure
6.11).

Figure SA A typical design ch an for spread footings.

5. Set the footing width B equal to 300 mm or I ft, then conduct a bearing capacity
analysis and compute the column load that corresponds to the desired factor of
safety. Plot this (B, P) data point on the design chart. Then select a series of new B

values, compute the corresponding P, and plot the data points. Continue this process
until the computed P is slightly larger than the maximum design column load. Fi
nally, connect these data points with a curve labeled "bearing capacity." The
spreadsheet developed in Chapter 6 makes this task much easier.

6. Develop the first settlement curve as follows:
a. Select a settlement value for the first curve (e.g., 0.25 in).
b. Select a footing width, B, that is within the range of interest and arbitrarily se

lect a corresponding column load, P.Then, compute the settlement of this foot
ing using the spreadsheets developed in Chapters 6 and 7, or some other suitable
method.

c. By trial-and-error, adjust the column load until the computed settlement
matches the value assigned in step a. Then, plot the point B, P" on the design
chart.

d. Repeat steps band c with new values of B until a satisfactory settlement curve
has been produced.

7. Repeat step 6 for other settlement values, thus producing a family of settlement
curves on the design chart. These curves should encompass a range of column loads
and footing widths appropriate for the proposed structure.

8. Using the factors in Table 7.5, develop a note for the design chart indicating the de
sign differential settlements are _% of the total settlements.

1. Compute the design load, P, which is the largest load computed from Equations 2.1,
2.2, 2.3a, or 2.4a. Note that this is the unfactored load, even if the superstructure has
been designed using the factored load.

2. Using the bearing capacity curve on the design chart, determine the minimum re
quired footing width, B, to support the load P while satisfying bearing capacity re
quirements.

3. Using the settlement curve that corresponds to the allowable total settlement, 8", de
termine the footing width, B, that corresponds to the design load, P. This is the min
imum width required to satisfy total settlement requirements.

4. Using the 80/8 ratio stated on the design chart, compute the differential settlement,
80, and compare it to the allowable differential settlement, 80".

5. If the differential settlement is excessive (80 > 80,,), then use the following proce
dure:

a. Use the allowable differential settlement, 80a> and the 80/8 ratio to compute a
new value for allowable total settlement, 8", This value implicitly satisfies both
total and differential settlement requirements.

Once the design chart has been obtained, the geotechnical engineer gives it to the
structural engineer who sizes each footing using the following procedure:

B(m)B

for
8= 20 mm

B

for Bearing
Capacity

Design P

?tkNl
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b. Using the settlement curve on the design chart that corresponds to this revised
1\a' determine the required footing width, B. This footing width is smaller than
that computed in step 3, and satisfies both total and differential settlement
criteria.

6. Select the larger of the B values obtained from the bearing capacity analysis (step 2)
and the settlement analysis (step 3 or 5b). This is the design footing width.

7. Repeat steps I to 6 for the remaining columns.

These charts clearly demonstrate how the bearing capacity governs the design of
narrow footings, whereas settlement governs the design of wide ones.

The advantages of this method over the allowable bearing pressure method include:

• The differential settlements are reduced because the bearing pressure varies with the
footing width.

• The selection of design values for total and differential settlement becomes the di
rect responsibility of the structural engineer, as it should be. (With the allowable
bearing pressure method, the structural engineer must give allowable settlement
data to the geotechnical engineer who incorporates it into qA-)

• The plot shows the load-settlement behavior, which we could use in a soil-structure
interaction analysis.

1000 -

HOO/\00

Plkl 400

2000

0

Figure 8.5

Dilh:rcmiaJ Settlement = 5(Yi( llfTntal Settlemcnt

H l) 10 I] 12 I~ 14 15 16
B(ftj

Design chart for Example 8.2.

Example 8.2

Develop a design chart for the proposed arena described in Example 8.1, then use this chart
to determine the required width for a footing that is to support a 300-k column load.

Solution

Bearing capacity analyses (based on BEARING.XLS spreadsheet)

B (ft) P(k)

2

29

3

74

4

146

5

251

6

395

7

582

8

818

9

1109

~,
~-

'f
-it

Settlement analyses (based on SCHMERTMANN.XLS spreadsheet)

Column loads to obtain a specified total settlement

B=2ftB=7ftB = 12 ftB= 17 ft

5 = 0.25 in

32 k145 k280 k450 k
5 = 0.50 in

56 k260k510k830 k
5=0.75 in

77k365 knOk1190 k
5 = 1.00 in

97 k465 k925 k
5 = 1.25 in

115k555 k1120 k

The result of these analyses are plotted in Figure 8.5.

According to this design chart, a 300-k column load may be supported on a 5 ft. 6 in wide
footing. This is much smaller than the 7 ft. 0 in wide footing in Example 8.1.
Use B = 5 Ct6 in ~Answer

QUESTIONS AND PRACTICE PROBLEMS

8.1 Which niethod of expressing footing width criteria (allowable bearing pressure or design
chart) would be most appropriate for each of the following structures?
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a. A ten-story reinforced concrete building

b. A one-story wood frame house

c. A nuclear power plant

d. A highway bridge

8.9 Several cone penetration tests have been conducted in a young, normally consolidated

silica sand. Based on these tests, an engineer has developed the following design soilprofile:

DESIGN FOR ECCENTRIC OR MOMENT LOADS

This soil has an average unit weight of 18.1 kN/m' above the groundwater table and
20.8 kN/m' below. The groundwater table is at a depth of 3. I m.

Using this data with the spreadsheets described in Chapters 6 and 7, create a design
chart for 1.0-m deep square footings. Consider footing widths of up to 4 m and column loads
up to 1500 kN. a factor of safety of 2.5, and a design life of 50 years.

Hint: In a homogeneous soil, the critical shear surface for a bearing capacity failure ex
tends to a depth of approximately B below the bottom of the footing. See Chapter 4 for a cor
relation between q, in this zone and <1>'.

Sometimes it becomes necessary to build a footing in which the downward load, P, does

not act through the centroid, as shown in Figure 8.6a. One example is in an exterior foot

ing in a structure located close to the property line, as shown in Figure 5.2. The bearing
pressure beneath such footings is skewed, as discussed in Section 5.3.

8.2 Explain why an 8-ft wide footing with q = 3000 Ib/ft' will settle more than a 3-ft wide one
with the same q.

8.3 Under what circumstances would bearing capacity most likely control the design of spread
footings? Under what circumstances would settlement usually control?

8.4 A proposed building will have column loads ranging from 40 to 300 k. All of these columns
will be supported on square spread footings. When computing the allowable bearing pressure,
qA' which load should be used to perform the bearing capacity analyses? Which should be
used to perform the settlement analyses?

8.5 A proposed building will have column loads ranging from 50 to 250 k. These columns are to
be supported on spread footings which will be founded in a silty sand with the following engi
neering properties: 'Y = 119 lb/ft' above the groundwater table and 122 lb/ft' below, c' = 0,
<l>' = 32°, N60 = 30. The groundwater table is 15 ft below the ground surface. The required fac
tor of safety against a bearing capacity failure must be at least 2.5 and the allowable settle
ment. 8", is 0.75 in.

Compute the allowable bearing pressure for square spread footings founded 2 ft below
the ground surface at this site. You may use the spreadsheets described in Chapters 6 and 7 to
perform the computations, or you may do so by hand. Then, comment on the feasibility of
using spread footings at this site.

8.6 A proposed office building will have column loads between 200 and 1000 kN. These columns
are to be supported on spread footings which will be founded in a silty clay with the following
engineering properties: 'Y = 15.1 kN/m' above the groundwater table and 16.5 kN/m' below,
s" = 200 kPa, C,/(1+eo) = 0.020, 0-",' = 400 kPa. The groundwater table is 5 m below the
ground surface. The required factor of safety against a bearing capacity failure must be at least
3 and the allowable settlement, 8", is 20 mm.

Compute the allowable bearing pressure for square spread footings founded 0.5 m
below the ground surface at this site. You may use the spreadsheets described in Chapters 6
and 7 to perform the computations, or you may do so by hand. Then, comment on the feasibil
ity of using spread footings at this site.

8.7 A series of columns carrying vertical loads of 20 to 90 k are to be supported on 3-ft deep
square footings. The soil below is a clay with the following engineering properties:
'Y = 105 lb/ft' above the groundwater table and 110 Ib/ft' below, S" = 3000 Ib/ft', C, /( I + eo) =
0.03 in the upper 10 ft and 0.05 below. Both soil strata are overconsolidated Case 1. The

groundwater table is 5 ft below the ground surface. The factor of safety against a bearing ca
pacity failure must be at least 3. Use the spreadsheets described in Chapters 6 and 7 to com
pute the allowable bearing pressure, qA' The allowable settlement is 1.4 in.

8.2

Depth (m)

0-2.0

2.0-3.5

3.5-4.0

4.0-6.5

-~~~-

q, (kg/cm')

40

78

125

100

f""'\M

tP

,J~
8.8 Using the information in Problem 8.7, develop a design chart. Consider footing widths of up

to 12 ft.
Figure 8.6
men! load. (a) Spread footing subjected to an eccentric downward load: (b) Spread footing subjected to a mo-
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Example 8.3

5. Compare qequiv with the allowable bearing pressure, qu. If qequiv :5;qu then the design
is satisfactory. If not, then increase the footing size as necessary to satisfy this criterion.

(8.4)

(8.5)

(8.6)

P + WJ

qequiv = s;z:- - Uo

b. Compute the effective footing dimensions:

I B' = B - 2eBI

I L' = L - 2eLI

A 5-ft square,2-ft deep footing supportsa vertical load of 80 k and a moment load of 60 ft-k.
The underlyingsoil has an allowable bearing pressure,qA' of 3500 Ib/ft2 and the groundwater
table is at a great depth. Is this design satisfactory?

This produces an equivalent footing with an area A' = B'x L' as shown in Figure 8.7.
4. Compute the equivalent bearing pressure using:

/ 11

", ,, ," ,

~eB / / ,;

:LL--j ,','- ' '
__ /1_- / /

-, --L-I I r_, ', ', ', '

_nn_ I / /
, un "

: n / _,'
I 1 I ,
I / i /1/

Figure8.7 Equivalentfootingforevaluatingthebearingcapacityof footingswithec
centricor appliedmomentloads.Notethattheequivalentfootinghasnoeccentricity.

Solution

UsingEquation5.5:

Wf = (5 ft)(5 ft)(2 ft)(150 lb/ft3) = 7500lb

B' = B - Zes = 5 - (2)(0.686) = 3.63 ft

P + Wf 800,000lb + 7,500 lb 2

qequiv = -A- - UD = (3.63 ft)(5 ft) 0 = 4821lb/ft

:. OK for eccentric loading
e $~

6

e=~- 60ft-k
P + Wf - 80 k + 7.5 k 0.686ft

B 5 ft

"6 = 6 = 0.833 ft

Since qequiv > qA (4821 > 3500), this design is not satisfactory. This is true even
though eccentric loading requirement (e :5;B/6) has been met. Therefore, a larger Bis required. <= Answer

Further trials will demonstratethat B = 6 ft 0 in satisfiesall of the designcriteria.

t

if

1. Developprelirninary values for the plan dimensions B and L. If the footing is
square, then B = L. These values might be based on a concentric downward load
analysis, as discussed in Section 8.1, or on some other method.

2. Determine if the resultant of the bearing pressure acts within the middle third of the
footing (for one-way loading) or within the kern (for two-way loading). The tests
for these conditions are described in Equations 5.9 and 5.10, and illustrated in Ex
amples 5.4 and 5.5. If these criteria are not satisfied, then some of the footing will
tend to lift off the soil, which is unacceptable. Therefore, any such footings need to
be modified by increasing the width or length, as illustrated in Example 5.5.

3. Using the following procedure, determine the effective footing dimensions, B' and
L', as shown in Figure 8.7 (Meyerhof, 1963; Brinch Hansen, 1970):
a. Using Equations 5.3 to 5.6, compute the bearing pressure eccentricity in the B

and/or L directions (eB' eL)'

Another, more common possibility is a footing that is subjected to an applied mo
ment load, M, as shown in Figure 8.6b. This moment may be permanent, but more often it
is a temporary load due to wind or seismic forces acting on the structure. These moment
loads also produce a skewed bearing pressure.

Use the following process to design for footings with eccentric or moment loads:
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Figure 8.8 Shear load acting on a spread

footing.

2n

(8.11)

(8.12)

fJ.

0.70

0.55-0.60

0.45-0.55

0.35-0.45

0.30-0.35

0.40-0.50

0.30-0.35

IV:5Val

V = applied shear load

~a = allowable footing shear load capacity
P = downward load acting on the footing

Wr = weight of footing
B = footing width

D = depth of embedment

fJ. = coefficient of friction (from Table 8.3 or Equation 8.12)

fJ. a = allowable coefficient of friction

A= equivalent passive fluid density

Aa = allowable equivalent passive fluid density

4>= friction angle of soil (use 4>'for drained loading conditions or 4>T for
undrained loading conditions)

F = factor of safety (typically 1.5 to 2.0 for fJ. and 2 to 3 for A)

I fJ. = tan(0.74>') I

The footing must then be designed so that:

MII or Rock Classification

Where:

Clean sound rock

Clean gravel, gravel-sand mixtures. coarse sand

Clean fine-ta-medium sand, silty medium-ta-coarse sand, silty or clayey gravel

Clean fine sand, silty or clayey fine to medium sand

Fine sandy silt, nonplastic silt

Very stiff and hard residual or overconsolidated clay

Medium stiff and stiff clay and silty clay

When quoting or using fJ. and A, it is important to clearly indicate whether they are
ultimate and allowable values. This is often a source of confusion, which can result in

compounding factors of safety, or designing without a factor of safety. Normally, geo
technical engineering reports quote allowable values of these parameters.

The engineer also must be careful to use the proper value of P in Equation 8.8. Typ
ically, multiple load combinations must be considered, and the shear capacity must be sat
isfactory for each combination. Thus, the P for a particular analysis must be the minimum

TABLE 8.3 DESIGN VALUES OF fJ. FOR CAST-iN-PLACE CONCRETE
(U.S. Navy, 1982b)

8.3 Design for Shear Loads

(8.9)

(8.8)

(8.10)

(8.7)

Chapter 8 Spread Footings-Geotechnical Design

(P + Wr)fJ. + Pp - p"

~a = F

[ Via = (P + WI)fJ.a + 0.5 AaBD2\8
. -y[ tan2( 45° + 4>/2) - tan2( 45° - 4>/2)]
A =------

a F

Passive and active forces are discussed in Chapter 23. However, rather than individ

ually computing them for each footing, it is usually easier to compute A, which is the net
result of the active and passive pressures expressed in terms of an equivalent fluid den

sity. In other words, we evaluate the problem as if the soil along one side of the footing is
replaced with a fluid that has a unit weight of A, then using the principles of fluid statics
to compute the equivalent of Pp - Pa. Thus, for square footings, Equation 8.7 may be
rewritten as:

Equation 8.10 considers only the frictional strength of the soil. In some cases, it
may be appropriate to also consider the cohesive strength using the techniques described
in Chapter 23.

r

Some footings are also subjected to applied shear loads, as shown in Figure 8.8. These
loads may be permanent, as those from retaining walls, or temporary, as with wind or
seismic loads on buildings.

Shear loads are resisted by passive pressure acting on the side of the footing, and by

sliding friction along the bottom. The allowable shear capacity, ~a' for footings located
above the groundwater table at a site with a level ground surface is:

8.3 DESIGN FOR SHEAR LOADS

276
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Solution

QUESTIONS AND PRACTICE PROBLEMS

Per Table 8.3: f.l. = 0.35-0.45
Per Equation 8.11: f.l. = tan [0.7(29)]= 0.37
:. Use f.l. = 0.38

normal load that would be present when the design shear load acts on the footing. For ex

ample, if V is due to wind loads on a building, P should be based on dead load only be
cause the live load might not be present when the wind loads occur. If the wind load also
causes an upward normal load on the footing, then P would be equal to the dead load
minus the upward wind load.

Many spread footings are subjected to wind or seismic loads in addition to the static
loads. For purposes of foundation design, these loads are nearly always expressed in
terms of equivalent static loads, as discussed in Section 2.1. In some cases, engineers
might use dynamic analyses to evaluate the seismic loads acting on foundations, but such
methods are beyond the scope of this book.

Wind and seismic loads are primarily horizontal, so they produce shear loads on the
foundations and thus require a shear load capacity evaluation as discussed in Section 8.3.
In addition, wind and seismic loads on the superstructure can produce additional normal
loads (either downward or upward) on the foundations. These loads are superimposed on
the static normal loads. In some cases, such as single pole transmission towers, wind and
seismic loads impart moments onto the foundation.

When these loads are expressed as equivalent static loads, the methods of evaluat
ing the load capacity of foundations is essentially the same as for static loads. However,
geotechnical engineers usually permit a 33 percent greater load-bearing capacity for load
comminations that include wind or seismic components. This increase is based on the fol
lowing considerations:

and a very deep groundwater table. Using a factor of safety of 2.5, determine if this design is
acceptablefor bearing capacity.

For example, if the allowable bearing pressure, qA' for static loads computed using the
technique described in Section 8.1 is 150 kPa, the allowable bearing pressure for load com
binations that include wind or seismic components would be (1.33)(150 kPa) = 200 kPa.

• The shear strength of soils subjected to rapid loading, such as from wind or seismic
loads, is greater than that during sustained loading, especially in sands. Therefore
the ultimate bearing capacity and ultimate lateral capacity is correspondingly larger.

• We are willing to accept a lower factor of safety against a bearing capacity failure
or a lateral sliding failure under the transitory loads because these loads are less
likely to occur.

• Settlement in soils subjected to transitory loading is generally less than that under
an equal sustained load, because the soil has less time to respond.

• We can tolerate larger settlements under transitory loading conditions. In other
words, most people would accept some cracking and other minor distress in a struc
ture following a design windstorm or a design earthquake, both of which would be
rare events.

8.12 A 4-ft square spread footing embedded 1.5ft into the ground is subjectedto the followingde
sign loads: P = 25 k, V = 6 k. The underlying soil is a well-gradedsand with c' = 0, <1>' = 36°,
'Y= 126 Ib/ftJ, and a very deep groundwater table. Using a factor of safety of 2.5 on bearing
capacity, 2 on passive pressure, and 1.5 on sliding friction. determine if this design is accept
able for bearingcapacity and for lateral load capacity.

8.4 DESIGN FOR WIND OR SEISMIC LOADS

<=Answer
v S Vf.(20 S 34) so the footing has sufficient lateral load capacity

Footings subjected to applied shear loads also have a smaller ultimate bearing capacity,
which may be assessed using the i factors in Vesic's method, as describedin Chapter 6. This
reduction in bearing capacity is often ignored when the shear load is small (i.e., less than
about 0.20 P), but it can become significantwith larger shear loads.

f.l. 0.38

f.l.a = F = T5 = 0.25

120[tan2(45 + 29/2) - tan2(45 - 29/2)] J

Aa = 2 = 1521b/ft

Wf = (6)(6)(2.5)(150) = 13,500Ib

)( 152) ,Vfa = (112 + 12.5)(0.25) + (0.5 1000 (6)(2.5-) = 34 k <=Answer

8.11

8.10 A square spread footing with B = 1000 mm and D = 500 mm supportsa column with the fol
lowing design loads: P = 150kN, M = 22 kN-m.The underlying soil has an allowablebearing
pressure of 200 kPa. Is this design acceptable?If not, compute the minimumrequired footing
width and express it as a multiple of 100mm.

A 3 ft X 7 ft rectangular footing is to be embedded2 ft into the ground and will support a sin

gle centrally-locatedcolumn with the following design loads: P = 50 k, M = 80 ft·k (acts in
long direction only). The underlying soil is a silly sand with c' = 0, <1>' = 310, 'Y= 123 Ib/ftJ,

Example 8.4

A 6 ft x 6 ft x 2.5 ft deep footing supports a column with the following design loads:
P = 112k. V = 20 k. The soil is a silty fine-ta-medium sand with <1>' = 29°. and the ground
water table is well below the bottom of the footing. Check the shear capacity of this footing
and determine if the design will safely withstand the design shear load.
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Most building codes allow this one-third increase for short term loads [ICBO
1612.3, 1809.2, and Table 18-I-A], [BOCA 1805.2], [ICC 1605.3.2 and Table 1804.2]. In
addition. most building codes permit the geotechnical engineer to specify allowable bear
ing pressures based on a geotechnical investigation. and implicitly allow the flexibility to
express separate allowable bearing pressures for short- and long-term loading conditions.

This one-third increase is appropriate for most soil conditions. However, it probably
should not be used for foundations supported on soft clayey soils, because they may have
lower strength when subjected to strong wind or seismic loading (Krinitzky. et al., 1993).
In these soils, the foundations should be sized using a design load equal to the greatest of
Equations 2.1 to 2.4 and the qA value from Chapter 8.

There are two ways to implement this one-third increase in the design process for
downward loads:

Method 1:

1. Compute the long duration load as the greater of that produced by Equations 2.1
and 2.2.

2. Size the foundation using the load from Step I. the q, from Chapter 8, and Equation
8.2 or 8.3.

3. Compute the short duration load as the greater of that produced by Equations 2.3
and 2.4.

4. Size the foundation using the load from Step 3, 1.33 times the qA from Chapter 8.
and Equation 8.2 or 8.3.

S. Use the larger of the footing sizes from Steps 2 and 4 (i.e., the final design may be con
trolled by either the long term loading condition or the short term loading condition).

This method is a straightforward application of the principle described above, but can be
tedious to implement. The second method is an attempt to simplify the analysis while pro
ducing the same design:

Method 2:

1. Compute the design load as the greatest of that produced by Equations 2.1, 2.2.
2.3a, and 2.4a.

2. Size the foundation using the load from Step 1, the qA from Chapter 8, and Equation
8.2 or 8.3.

Therefore, the author recommends using Method 2.
The design process for shear loads also may use either of these two methods. Once

again, it is often easier to use Method 2.

Special Seismic Considerations

Loose sandy soils pose special problems when subjected to seismic loads, especially if
these soils are saturated. The most dramatic problem is soil liquefaction, which is the sud
den loss of shear strength due to the build-up of excess pore water pressures (see Coduto,

;J:

Figure 8.9 The soils beneath these apartment buildings in Niigata. Japan liquified dur

ing the 1964 earthquake. which produced bearing capacity failures. These failures report

edly occurred very slowly. and the buildings were very strong and rigid. so they remained
virtually intact as they tilted. Afterwards. the occupants of the center building were able to

evacuate by walking down the exterior wall (Earthquake Engineering Research Center Li
brary. University of California. Berkeley. Steinbrugge Collection).

1999). This loss in strength can produce a bearing capacity failure, as shown in Figure
8.9. Another problem with loose sands, even if they are not saturated and not prone to liq
uefaction, is earthquake-induced settlement. In some cases, such settlements can be very
large.

Earthquakes also can induce landslides, which can undermine foundations built

near the top of a slope. This type of failure occurred in Anchorage, Alaska, during the
1964 earthquake, as well as elsewhere. The evaluation of such problems is a slope stabil
ity concern, and thus is beyond the scope of this book.

8.5 L1GHTLV-LOADED FOOTINGS

The principles of bearing capacity and settlement apply to all sizes of spread footings.
However, the design process can be simplified for lightly-loaded footings. For purposes
of geotechnical foundation design, we will define lightly-loaded footings as those sub

jected to vertical loads less than 200 kN (45 k) or 60 kN/m (4 klft). These include typical
one- and two-story wood-frame buildings, and other similar structures. The foundations
for such structures are small, and do not impose large loads onto the ground, so extensive



Minimum Dimensions

Presumptive allowable bearing pressures have been used since the late nineteenth

century, and thus predate bearing capacity and settlement analyses. Today they are used
primarily for lightweight structures on sites known to be underlain by good soils. Al
though presumptive bearing pressures are usually conservative (i.e., they produce larger
footings), the additional construction costs are small compared to the savings in soil ex
ploration and testing costs.

However, it is inappropriate to use presumptive bearing pressures for larger struc
tures founded on soil because they are not sufficiently reliable. Such structures warrant

more extensive engineering and design, including soil exploration and testing. They also
should not be used on sites underlain by poor soils.
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subsurface investigation and soil testing programs are generally not cost-effective. Nor
mally it is less expensive to use conservative designs than it is to conduct extensive inves
tigations and analyses.

Presumptive Allowable Bearing Pressures

Spread footings for lightweight structures are often designed using presumptive allowable
bearing pressures (also known as prescriptive bearing pressures) which are allowable
bearing pressures obtained directly from the soil classification. These presumptive bear
ing pressures appear in building codes, as shown in Table 8.4. They are easy to imple
ment, and do not require borings, laboratory testing, or extensive analyses. The engineer
simply obtains the qA value from the table and uses it with Equation 8.2 or 8.3 to design
the footings.
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TABLE 8.4 PRESUMPTIVE ALLOWABLE BEARING PRESSURES
FROM VARIOUS BUILDING CODESa,c

If the applied loads are small, such as with most one- or two-story wood-frame structures,

bearing capacity and settlement analyses may suggest that extremely small footings
would be sufficient. However, from a praCtical perspective, very small footings are not
acceptable for the following reasons:

ICBO values reproduced from the 1997 edition of the Unifonn Building Code, © 1997, with permission of the publisher,

the International Conference of Building Officials. Boca Values copyright 1996, Building Officials and Code Administra

tors International, Inc., County Club Hills, IL. Reproduced with permission.

'The values in this table are for illustrative purposes only and are not a complete description of the code provisions. Portions

of the table include the author's interpretations to classify the presumptive bearing values into uniform soil groups. Refer to
the individual codes for more details.

"The Uniform Building Code values in soil are intended to provide a factor of safety of at least 3 against a bearing capacity
failure, and a total settlement of no more than 0.5 in (12 mm) (ICBO, 1997). The lower value for each soil is intended for

footings with B = 12 in (300 mm) and D = 12 in (300 mm) and may be increased by 20 percent for each additional foot of

width and depth to the maximum value shown. Exception: No increase for additional width is allowed for clay, sandy clay.

silty clay, or clayey silt.

'The Standard Building Code (SBCCI, 1997) does not include any presumptive allowable bearing pressures.

Soil or Rock
Classification

Massive crystalline
bedrock

Sedimentaryrock

Sandy gravel or gravel

Sand, silly sand, clayey
sand, silly gravel, or
clayey gravel

Clay, sandy clay, silly .
c1ay,tJr.clayey.silt

Uniform Building
Codeb

(ICBO, 1997)

4,000-12,000

(200-600)

2,000--6,000

(100-300)

2,000-6,000

(100-300)

1,500-4,500
(75-225)

1,000-3,000
(50-150)

Allowable Bearing Pressure, qA Ib/ft2 (kPa)

National Building Code
(BOCA, 1996) and International

Building Code (ICC, 2000)

12,000

(600)

6,000

(300)

5,000
(250)

3,000

(150)

2,000
(100)

CanadianCode
(NRCC, 1990)

40,000-200,000

(2,000-10,000)

10,000-80,000

(500-4000)

4,000-12,000

(200-600)

2,000-8,000
(100-400)

1,000-12,000
(50--600)

it
11.
'fl

• Construction of the footing and the portions of the structure that connect to it would
be difficult.

• Excavation of soil to build a footing is by no means a precise operation. If the foot
ing dimensions were very small, the ratio of the construction tolerances to the foot

ing dimensions would be large, which would create other construction problems.
• A certain amount of flexural strength is necessary to accommodate nonuniformities

in the loads and local inconsistencies in the soil, but an undersized footing would
have little flexural strength.

Therefore, all spread footings should be built with certain minimum dimensions. Figure
8.10 shows typical minimums, In addition, building codes sometimes dictate other mini

mum dimensions. For example, the Uniform Building Code and the International Building
Code stipulate certain minimum dimensions for footings that support wood-frame struc
tures. The minimum dimensions for continuous footings are presented in Table 8.5, and
those for square footings are presented in Note 3 of the table. This code also allows the

geotechnical engineer to supercede these minimum dimensions [UBC 1806.1, IBC
1805.21].

Potential Problems

Although the design of spread footings for lightweight structures can be a simple process,
as just described, be aware that such structures are not immune to foundation problems,
Simply following these presumptive bearing pressures and code minimums does not nec

essarily produce a good design, Engineers need to know when these simple design guide
lines are sufficient, and when additional considerations need to be included.

Most problems with foundations of lightweight structures are caused by the soils
below the foundations, rather than high loads from the structure. For example, founda-
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12 in.

I
(300 mm)

I

9 in.

(200 mm)u
I 12 in. (300 mm) I..

Figure 8.10 Minimum dimensions for spread footings. If the footing is reinforced. the
thickness should be at least 12 in (3000 mm).

tions placed in loose fill may settle because of the weight of the fill or because of infiltra

tion of water into the fill. Expansive soils, collapsible soils, landslides, and other prob
lems also can affect foundations of lightweight structures. These problems may justify
more extensive investigation and design effort.

QUESTIONS AND PRACTICE PROBLEMS

8.13 A certain square spread footing for an office building is to support the following downward

design loads: dead load = 800 kN, live load = 500 kN. seismic load = 400 kN. The 33 percent
increase for seismic load capacity is applicable to this site.

a. Compute the design load.

b. Using the design chart from Example 8.2. determine the required width of this footing
such that the total settlement is no more than 20 mm.

8.14 A three-story wood-frame building is to be built on a site underlain by sandy clay. This build
ing will have wall loads of 1900 lb/ft on a certain exterior wall. Using the minimum dimen
sions presented in Table 8.4 and presumptive bearing pressures from the International

Building Code as presented in Table 8.5. compute the required width and depth of this foot
ing. Show your final design in a sketch.

TABLE 8.5 MINIMUM DIMENSIONS FOR CONTINUOUS FOOTINGS THAT SUPPORT

WOOD-FRAME BEARING WALLS PER UBC AND IBC (ICBO, 1997 and ICC, 2000)

Number of Thickness ofFootingFootingFooting Depth
floors

FoundationWidth.Thickness,Below Undisturbed

supported

WallBTGround Surface, D
by the foundation

(mm)(in)(mm)(in)(mill)(in)(mm)(in)

1

150630012150630012

2

200837515175745018

3

2501045018200860024

I. Where unusual conditions or frost conditions are found. footings and foundations shall be as required by UBC Section
1806.1 or !BC Section 1805.2.1.

2. The ground under the floor may be excavated to the elevation of the lOpof the footing.

3. Interior stud bearing walls may be supported by isolated footings. The footing width and length shall be twice the width
shown in this table and the footings shall be spaced not more than 6 ft (1829 mm) on center.

4. In Seismic Zone 4. continuous footings shall be provided with a minimum of one No. 4 bar top and bottom.

5. Foundations may support a roof in addition to the stipulated number of floors. Foundations supporting roofs only shall
be as required for supporting one floor.

8.6 FOOTINGS ON OR NEAR SLOPES

Yesic's bearing capacity formulas in Chapter 6 are able to consider footings near sloping
ground, and we also could compute the settlement of such footings. However, it is best to
avoid this condition whenever possible. Special concerns for such situations include:

• The reduction in lateral support makes bearing capacity failures more likely.

• The foundation might be undermined if a shallow (or deep!) landslide were to
occur.

• The near-surface soils may be slowly creeping downhill, and this creep may cause
the footing to move slowly downslope. This is especially likely in clays.

However, there are circumstances where footings must be built on or near a slope.
Examples include abutments of bridges supported on approach embankments, founda
tions for electrical transmission towers, and some buildings.

Shields, Chandler, and Gamier (1990) produced another solution for the bearing ca
pacity of footings located on sandy slopes. This method, based on centrifuge tests, relates
the bearing capacity of footings at various locations with that of a comparable footing
with D = 0 located on level ground. Figures 8.11 to 8.13 give this ratio for 1.5:1 and 2:1
slopes.

The Uniform Building Code and the International Building Code require setbacks
as shown in Figure 8.14. We can meet these criteria either by moving the footing away
from the slope or by making it deeper.
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Figure 8.13 Bearing capacity of footings near or on a 1.5H: IV sandy slopes. The con

tours are the bearing capacity divided by the bearing capacity of a comparable footing lo
cated at the surface of level ground. expressed as a percentage. (Adapted from Shields,
Chandler and Garnier, 1990; Used by permission of ASCE).

o

2

2o
A

3
-6

1]

o

A=~
DI

11=1f
L

'V=[j

B

Figure 8.11 Definition of tenns for computing bearing capacity of footings near or on

sandy slopes (Adapted from Shields, Chandler and Gamier, 1990; Used by permission of
ASCE).

Steeper than IH: 1V

H

Figure 8.14 Footing setback as required
by the Uniform Building Code [1806.5] and

the International Building Code [1805.3] for
slopes steeper than 3 horizontal to 1 vertical.

The horizontal distance from the footing to
the face of the slope should be at least H13.

but need not exceed 40 ft (12 m). For slopes
that are steeper than 1 horizontal to I verti

cal, this setback distance should be mea

sured from a line that extends from the toe

of the slope at an angle of 45°. (Adapted

from the 1997 edition of the Uniform Build
ing Code, © 1997, with the permission of
the publisher, the International Conference

of Building Officials and the 2000 edition of

the International Building Code).

[j,'

3

A.

Figure 8.12 Bearing capacity of footings near or on a 2H; 1V sandy slopes. The con

tours are the bearing capacity divided by the bearing capacity of a comparable footing lo

cated at the surface of level ground, expressed as a percentage. (Adapted from Shields,

Chandler and Gamier, 1990; Used by permission of ASCE).
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Figure 8.15 Approximate depth of frost penetration in the United States (U.S. Navy, 1982a).

To be considered frost-susceptible, a soil must be capable of drawing significant
quantities of water up from the groundwater table into the frozen zone. Clean sands and

1. There is a nearby source of water; and

2. The soil is frost-susceptible.
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To design foundations in soils that are prone to frost heave, we need to know the

depth of frost penetration. This depth could be estimated using Figure 8.15, but as a prac
tical matter it is normally dictated by local building codes. For example, the Chicago
Building Code specifies a design frost penetration depth of 1.1 m (42 in). Rarely, if ever,
would a rigorous thermodynamic analysis be performed in practice.

Next, the engineer will consider whether ice lenses are likely to form within the

frozen zone, thus causing frost heave. This will occur only if both of the following conditions are met:

However, this setback criteria does not justify building foundations above unstable
slopes. Therefore, we also should perform appropriate slope stability analyses to verify
the overall stability.

Frost Heave

In many parts of the world, the air temperature in the winter often falls below the freezing
point of water (0° C) and remains there for extended periods. When this happens, the
ground becomes frozen. In the summer, the soils become warmer and return to their un
frozen state. Much of the northern United States, Canada, central Europe, and other places
with similar climates experience this annual phenomenon.

The greatest depth to which the ground might become frozen at a given locality is
known as the depth of frost penetration. This distance is part of an interesting thermody
namics problem and is a function of the air temperature and its variation with time, the
initial'soil temperature, the thermal properties of the soil, and other factors. The deepest
penetrations are obtained when very cold air temperatures are maintained for a long dura
tion. Typical depths of frost penetration in the United States are shown in Figure 8.15.

These annual freeze-thaw cycles create special problems that need to be considered
in foundation design.

The most common foundation problem with frozen soils is frost heave, which is a ri.sing
of the ground when it freezes.

When water freezes, it expands about 9 percent in volume. If the soil is saturated and
has a typical porosity (say, 40 percent), it will expand about 9% x 40% '" 4% in volume
when it freezes. In climates comparable to those in the northern United States, this could
correspond to surface heaves of as much as 25 to 50 mm (1-2 in). Although such heaves
are significant, they are usually fairly uniform, and thus cause relatively little damage.

However, there is a second, more insidious source of frost heave. If the groundwater
table is relatively shallow, capillary action can draw water up to the frozen zone and form
ice lenses, as shown in Figure 8.16. In some soils, this mechanism can move large quanti
ties of water, so it is not unusual for these lenses to produce ground surface heaves of 300
mm (1 ft) or more. Such heaves are likely to be very irregular and create a hummocky
ground surface that could extensively damage structures, pavements, and other civil engi
neering works.

In the spring, the warmer weather permits the soil to thaw, beginning at the ground
surface. As the ice melts, it leaves a soil with much more water than was originally pre
sent. Because the lower soils will still be frozen for a time, this water temporarily cannot
drain away, and the result is a supersaturated soil that is very weak. This condition is
often the cause of ruts and potholes in highways and can also effect the performance of
shallow foundations and floor slabs. Once all the soil has thawed, the excess water drains

down and the soil regains its strength. This annual cycle is shown in Figure 8.17.

8.7 FOOTINGS ON FROZEN SOILS
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Figure 8.17 Idealized freeze-thaw cycle in temperate climates. During the summer. none of the

ground is frozen. During the fall and winter. it progressively freezes from the ground surface down.
Then. in the spring. it progressively thaws from the ground surface down.

foundations are shallower than the normal frost depth. Both heated and nonheated build
ings can use this technique (NAHB, 1988 and 1990).

Alternatively, the natural soils may be excavated to the frost penetration depth and
replaced with soils that are known to be frost-free. This may be an attractive alternative
for unheated buildings with slab floors to protect both the floor and the foundation from
frost heave.

Although frost heave problems are usually due to freezing temperatures from nat
ural causes, it is also possible to freeze the soil artificially. For example, refrigerated
buildings such as cold-storage warehouses or indoor ice skating rinks can freeze the soils
below and be damaged by frost heave, even in areas where natural frost heave is not a
concern (Thorson and Braun, 1975). Placing insulation or air passages between the build
ing and the soil and/or using non-frost-susceptible soils usually prevents these problems.

A peculiar hazard to keep in mind when foundations or walls extend through frost
susceptible soils is adfreezing (CGS, 1992). This is the bonding of soil to a wall or founda
tion as it freezes. If heaving occurs after the adfreezing, the rising soil will impose a large

I:: : I Unfrozen Soil

~ Frozen Soil

~ Recently Thawed, Moisture-Softened Soil

•••• Ice Lens

Figure 8.16 Formation of ice lenses. Water is drawn up by capillary action and freezes when it
nears the surface. The frozen water forms ice lenses that cause heaving at the ground surface. Foun

dations placed below the depth of frost penetration are not subject to heaving.

gravels are not frost-susceptible because they are not capable of significant capillary rise.
Conversely, clays are capable of raising water through capillary rise, but they have a low
permeability and are therefore unable to deliver large quantities of water. Therefore,.clays
are capable of only limited frost heave. However, intermediate soils, such as silts and fine
sands, have both characteristics: They are capable of substantial capillary rise and have a
high permeability. Large ice lenses are able to form in these soils, so they are considered
to be very frost -susceptible.

The U.S. Army Corps of Engineers has classified frost-susceptible soils into four
groups, as shown in Table 8.6. Higher group numbers correspond to greater frost suscepti
bility and more potential for formation of ice lenses. Clean sands and gravels (i.e., < 3%
finer than 0.02 mm) may be considered non frost-susceptible and are not included in this
table.

The most common method of protecting foundations from the effects of frost heave
is to build them at a depth below the depth of frost penetration. This is usually wise in all
soils, whether or not they are frost-susceptible and whether or not the groundwater table is
nearby. Even "frost-free" clean sands and gravels often have silt lenses that are prone to
heave, and groundwater conditions can change unexpectedly, thus introducing new
sources of water. The small cost of building deeper foundations is a wise investment in
such cases. However, foundations supported on bedrock or interior foundations in heated
buildings normally do not need to be extended below the depth of frost penetration.

Builders in Canada and Scandinavia often protect buildings with slab-on-grade
floors using thermal insulation, as shown in Figure 8.18. This method traps heat stored in
the ground during the summer and thus protects against frost heave, even though the

Summer Fall Winter Spring
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Permafrost

2-lnch Rigid Polystyrene

70°F

Polyethylene
Vapor

Retarder

Slab-on-Grade Floor

Heat Flow
From House

50°F

40°F

Continuous

Footing

The Alaska Pipeline project is an excellent example of a major engineering work
partially supported on permafrost (Luscher et. al, 1975).

Scour is the loss of soil because of erosion in river bottoms or in waterfront areas. This is

an important consideration for design of foundations for bridges, piers, docks, and other
structures, because the soils around and beneath the foundation could be washed away.

Scour around the foundations is the most common cause of bridge failure. For ex
ample, during spring 1987, there were seventeen bridge failures caused by scour in the
northeastern United States alone (Huber, 1991). The most notable of these was the col

lapse of the Interstate Route 90 bridge over Schoharie Creek in New York (Murillo,

Figure 8.18 Thermal insulation traps heat in the soil, thus protecting a foundation from frost heave
(NAHB. 1988, 1990).

Grade Sloped at
0.5 in/ft

Minimum

New Frost Line

50°F

20°F

@

8.8 FOOTINGS ON SOILS PRONE TO SCOUR

Optional
Perimeter

Drain

USCSGroup Symbolsb

GW, GP, GW-GM,GP-GM

CL,CH

ML,MH
SM

CL,CL-ML

GM, GW-GM.GP-GM
SW, SP, SM, SW-SM, SP-SM

GM,GC
SM,SC

Soil Types'

Gravels with 3-10% finer than 0.02 mm

a. Gravels with 10-20% finer than 0.02 mm
b. Sands with 3-15% finer than 0.02 mm

a. Gravels with more than 20% finer than 0.02 mm
b. Sands. except very fme silty sands. with more

than 15% finer than 0.02 mm
c. Clays with Jp> 12. except varved clays

a. Silts and sandy silts
b. Fine silty sands with more than 15%finer than

0.02 mm

c. Lean clays with Jp< 12

d. Varvedclays and other fine-grained,banded
sediments

upward load on the structure, possibly separating structural members. Placing a lO-mm
(0.5 in) thick sheet of rigid polystyrene between the foundation and the frozen soil re
duces the adfreezing potential.

In areas where the mean annual temperature is less than O°C, the penetration of freezing
in the winter may exceed the penetration of thawing in the summer and the ground can
become frozen to a great depth. This creates a zone of permanently frozen soil known as
permafrost. In the harshest of cold climates, such as Greenland, the frozen ground is con
tinuous, whereas in slightly "milder" climates, such as central Alaska, central Canada,
and much of Siberia, the permafrost is discontinuous. Areas of seasonal and continuous
permafrost in Canada are shown in Figure 8.19.

In areas where the summer thaws occur, the upper soils can be very wet and weak
and probably not capable of supporting any significant loads, while the deeper soils re
main permanently frozen. Foundations must penetrate through this seasonal zone and well
into the permanently frozen ground below. It is very important that these foundations be
designed so that they do not transmit heat to the permafrost, so buildings are typically
built with raised floors and a ducting system to maintain subfreezing air temperatures be
tween the floor and the ground surface.

F3

Group

Fl
(least susceptible)

F2

F4

(most susceptible)

TABLE 8.6 FROST SUSCEPTIBILITY OF VARIOUS SOILS ACCORDING TO THE U.S. ARMY

CORPS OF ENGINEERS (Adapted from Johnston. 1981).

'Ip = Plasticity Index (explained in Chapter 3).

'See Chapter 3 for an explanation of USCS group symbols.
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Figure 8.19 Zones of continous and discontinuous permafrost in Canada (Adapted from Crawford
and Johnson. 1971).

1987), a failure that killed ten people. Figures 8.20 and 8.21 show another bridge that col
lapsed as a result of scour.

Scour is part of the natural process that moves river-bottom sediments downstream.
It can create large changes in the elevation of the river bottom. For example, Murphy
(1908) describes a site on the Colorado River near Yuma, Arizona, where the river bed
consists of highly erodible fine silty sands and silts. While passing a flood, the water level
at this point rose 4.3 m (14 ft) and the bottom soils scoured to depths of up to 11 m
(36 ft)! If a bridge foundation located 10.7 m (35 ft) below the river bottom had been built
at this location, it would have been completely undermined by the scour and the bridge
would have collapsed.

:r

£.i

Figure 8.20 One of the mid-channel piers supporting this bridge sank about 1.5 m when

it was undermined by scour in the river channel.

Figure 8.21 Deck view of the bridge shown in Figure 8.20. The lanes on the right side

of the fence are supported by a separate pier that was not undermined by the scour.
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TABLE 8.7 TYPICAL PRESUMPTIVE ALLOWABLE BEARING PRESSURES

FOR FOUNDATIONS ON BEDROCK (Adapted from US Navy, 1982b)

AllowableBearingPressure, qA

Scour is often greatest at places where the river is narrowest and constrained by lev
ees or other means. Unfortunately, these are the locations most often selected for bridges.
The presence of a bridge pier also creates water flow patterns that intensify the scour.
However, methods are available to predict scour depths (Richardson et al., 1991) and en
gineers can use preventive measures, such as armoring, to prevent scour problems (TRB,
1984).

8.9 FOOTINGS ON ROCK

In comparison to foundations on soil, those on bedrock usually present few difficulties for
the designer (Peck, 1976). The greatest problems often involve difficulties in construc
tion, such as excavation problems and proper removal of weathered or disturbed material
to provide good contact between the footing and the bedrock.

The allowable bearing pressure on rock may be determined in at least four ways
(Kulhawy and Goodman, 1980):

Rock Type

Massivecrystalline igneousand metamorphic
rock: Granite,diorite, basalt,gneiss, thoroughly
cementedconglomerate

Foliatedmetamorphicrock: Slate, schist

Sedimentaryrock: Hard-cementedshales, siltstone,
sandstone,limestonewithout cavities

Weatheredor broken bedrockof any kind; com
paction shale or other argillaceousrock in sound
condition

Rock
Consistency

Hard and
sound (minor
cracks OK)

Medium hard,
sound (minor
cracks OK)

Medium hard,
sound

Soft

(lb/ft~)

120,000-200,000

60,000-80.000

30,000-50,000

16.000-24.000

(kPa)

6000-10,000

3000-4000

1500-2500

800-1200

• Presumptive allowable. bearing pressures

• Empirical rules

• Rational methods based on bearing capacity and settlement analyses
• Full-scale load tests

When supported on good quality rock, spread footings are normally able to support
moderately large loads with very little settlement. Engineers usually design them using
presumptive bearing pressures, preferably those developed for the local geologic condi
tions. Typical values are listed in Table 8.7.

If the rock is very strong, the strength of the concrete may govern the bearing ca
pacity of spread footings. Therefore, do not use an allowable bearing value, qu' greater
than one-third of the compressive strength of the concrete (0.33 !/).

When working with bedrock, be aware of certain special problems. For example,
soluble rocks, including limestone, may have underground cavities that might collapse,
causing sinkholes to form at the ground surface. These have caused extensive damage to
buildings in Florida and elsewhere.

Soft rocks, such as silts tone, claystone, and mudstone, are very similar to hard soil,
and often can be sampled, tested, and evaluated using methods developed for soils .

!
.~

QUESTIONS AND PRACTICE PROBLEMS

8.15 A 4 ft square. 2 ft deep spread footing carries a compressivecolumn load of 50 k. The edge of
this footing is I ft behind the top of a 40 ft tall. 2H:IV descendingslope. The soil has the fol
lowing properties: c = 200 Ib/ft~,4> = 31°. 'I = 121 Ib/ft'. and the groundwater table is at a
great depth. Compute the factor of safety against a bearing capacity failure and comment on
this design.

8.16 Classify the frost susceptibilityof the following soils:

a. Sandy gravel (GW) with 3% finer than 0.02 mm.

b. Well graded sand (SW) with 4% tiner than 0.02 mm.
c. Silty sand (SM) with 20% finer than 0.02 mm.
d. Fine silty sand (SM) with 35% finer than 0.02 mm.

e. Sandy silt (ML) with 70% finer than 0.02 mm.

f. Clay (CH) with plasticity index = 60.

8.17 A compactedfill is to be placed at a site in North Dakota.The followingsoils are availablefor
import: Soil I - silty sand; Soil 2 - lean clay; Soil 3 - Gravelly coarse sand. Which of these
soils would be least likely to have frost heave problems?

8.18 Would it be wise to use slab-on-gradefloors for houses built on permafrost?Explain.

8.19 What is the most common cause of failure in bridges?

8.20 A single-storybuilding is to be built on a sandy silt in Detroit. How deep must the exterior
footings be below the ground surface to avoid problemswith frostheave?
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SUMMARY COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

1. The depth of embedment, D. must be great enough to accommodate the required
footing thickness, T. In addition, certain geotechnical concerns, such as loose soils
or frost heave, may dictate an even greater depth.

2. The required footing width, B, is a geotechnical problem, and is governed by bear
ing capacity and settlement criteria. It is inconvenient to satisfy these criteria by
performing custom bearing capacity and settlement computations for each footing.
so we present the results of generic computations in a way that is applicable to the
entire site. There are two methods of doing so: the allowable bearing pressure
method and the design chart method.

3. Footings subjected to eccentric or moment loads need to be evaluated using the
"equivalent footing."

4. Footings can resist applied shear loads through passive pressure and sliding friction.

S. Wind and seismic loads are normally treated as equivalent static loads. For most
soils, load combinations that include wind or seismic components may be evaluated
using a 33 percent greater allowable bearing pressure.

6. The design of lightly-loaded footings is often governed by minimum practical di
mensions.

7. Lightly-loaded footings are often designed using an presumptive allowable bearing
pressure, which is typically obtained from the applicable building code.

8. The design of footings on or near slopes needs to consider the sloping ground.

9. Footings on frozen soils need special cpnsiderations. The most common problem is
frost heave, and the normal solution is to place the footing below the depth of frost
penetration.

10. Footings in or near riverbeds are often prone to scour, and must be designed accord
ingly.

11. Rock usually provides excellent support for spread footings. Such footings are typi
cally designed using a presumptive allowable bearing pressure.

8.22 The soil at a certain site has the following geotechnical design parameters: qA = 4000 tb/ftz,

l1-a = 0.28, and Aa = 200 Ib/ftJ• The groundwater table is at a depth of 20 ft. A column that is to

8.21 A 2.0-m square,0.5-m deep spread footing carries a concentricallyapplied downward load of
1200 kN and a moment load of 300 m-kN. The underlying soil has an undrained shear
strength of 200 kPa. The design must satisfy the eccentric load requirements described in
Chapter 5, and it must have a factor of safety of at teast 3 against a bearing capacity failure.
Determineif these requirementsare being met. If not, adjust the footingdimensionsuntil both
requirementshave been satisfied.

700600500
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300 400200100

20

30

50

40

..c:

C."
Cl

o
o

Sand and

Silly Sand
y = 124 Ib/ft'

Well-graded
Sand with

Occasional
Gravel

y = 125 Ib/ft'

Sand and

Silty Sand I 10
Y = 120 Ib/ft'

Permafrost
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Figure 8.22 ePT data and synthesis of boring for Problems 8.23 and 8.24.
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be supported on a square spread footing on this soil will impart the following load combina
tions onto the footing: P = 200 k, V = 18 k.

Determine the required footing width and depth of embedment.

Six cone penetration tests and four exploratory borings have been performed at the site of a

proposed warehouse building. The underlying soils are natural sands and silty sands with oc
casional gravel. The CPT results and a synthesis of the borings are shown in Figure 8.22. The
warehouse will be supported on 3 ft deep square footings that will have design downward
loads of 100 to 600 k. The allowable total settlement is 1.0 in and the allowable differential
settlement is 0.5 in. Using this data with reasonable factors of safety, develop values of qA' /La'

and }.".Use Figure 4.16 to estimate the friction angle.

Using the design values in Problem 8.23. determine the required width of a footing that must

support the following load combinations:
Load combination I: P D = 200 k. P L = O. V = 0

Load combination 2: PD = 200 k. PL = 0, VE = 21 k

Load combination 3: Po = 200 k, PL = 240, VE = 40 k

Load combination 4: Po = 200 k. PL = 240. PE = -20 k. VE = 40 k

9

Spread Footings
Structural Design

Foundations ought to be twice as thick as the wall to be built on
them; and regard in this should be had to the quality of the ground, and
the largeness of the edifice; making them greater in soft soils, and very
solid where they are to sustain a considerable weight.

The bottom of the trench must be level, that the weight may press
equally, and not sink more on one side than on the other, by which the
walls would open. It wasfor this reason the ancients paved the said bottom
with tivertino, and we usually put beams or planks, and build on them.

The foundations must be made sloping, that is, diminished in
proportion as they rise; but in such a manner, that there may be just as
much set off one side as on the other, that the middle of the wall above
may fall plumb upon the middle of that below: Which also must be
observed in the setting off of the wall above ground; because the
building is by this method made much stronger than if the diminutions
were done any other way.

Sometimes (especially in fenny places, and where the columns
intervene) to lessen the expence, the foundations are not made
continued, but with arches, over which the building is to be.

It is very commendable in great fabricks, to make some cavities in
the thickness of the wall from the foundatWn to the roof, because they
give vent to the winds and vapours, and cause them to do less damage to
the building. They save expence, and are of no little use if there are to be
circular stairs from the foundation to the top of the edifice.

The First Book of Andrea PaIladio's Architecture (1570),

as translated by Isaac Ware (1738)

301
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The plan dimensions and minimum embedment depth of spread footings are primarily
geotechnical concerns, as discussed in Chapters 6 to 8. Once these dimensions have been
set, the next step is to develop a structural design that gives the foundation enough in
tegrity to safely transmit the design loads from the structure to the ground. The structural
design process for reinforced concrete foundations includes:

ever, it is not a comprehensive discussion of every code provision, and thus is not a sub
stitute for the code books.

9.1 SELECTION OF MATERIALS

• Selecting a concrete with an appropriate strength

• Selecting an appropriate grade of reinforcing steel

• Determining the required foundation thickness, T, as shown in Figure 9.1

• Determining the size, number, and spacing of the reinforcing bars

• Designing the connection between the superstructure and the foundation.

The structural design aspects of foundation engineering are far more codified than
are the geotechnical aspects. These codes are based on the results of research, the perfor
mance of existing structures, and the professional judgment of experts. Engineers in
North America use the Building Code Requirements for Structural Concrete (ACI 318-99
and ACI 318M-99) for most projects. This code is published by the American Concrete
Institute (ACI, 1999). The most notable alternative to ACI is the Standard Specifications

for Highway Bridges published by the American Association of State Highway and
Transportation Officials (AASHTO, 1996). The model building codes (ICBO, 1997;
BOCA, 1996; SBCCI, 1997; ICC, 2000) contain additional design requirements.

This chapter covers the major principles of structural design of spread footings, and
often refers to specific code requirements, with references shown in brackets [ ]. How-

Ij:\M"
.--... VI.

~

Figure 9.1 Cross section of a spread fOOling showing applied loads. reinforcing steel.
and relevant dimensions.

9.2

Unlike geotechnical engineers, who usually have little or no control over the engineering
properties of the soil, structural engineers can, within limits, select the engineering prop
erties of the structural materials. In the context of spread footing design, we must select an

appropriate concrete strength, j,.', and reinforcing steel strength, f,..
When designing a concrete superstructure, engineers typically use concrete that has

fe' = 20-35 MPa (3000-5000 Ib/in2). In very tall structures,};.' might be as large as 70 MPa
(10,000 Ib/in2). The primary motive for using high-strength concrete in the superstructure
is that it reduces the section sizes, which allows more space for occupancy and reduces
the weight of the structure. These reduced member weights also reduce the dead loads on
the underlying members.

However. the plan dimensions of spread footings are governed by bearing capacity
and settlement concerns and will not be affected by changes in the strength of the con
crete; only the thickness, T, will change. Even then, the required excavation depth, D,
mayor may not change because it might be governed by other factors. In addition, saving
weight in a footing is of little concern because it is the lowest structural member and does
not affect the dead load on any other members. In fact, additional weight may actually be
a benefit in that it increases the uplift capacity.

Because of these considerations, and because of the additional materials and inspec
tion costs of high strength concrete, spread footings are usually designed using an j,.' of
only 15-20 MPa (2000-3000 Ib/in2). For footings that carry relatively large loads, per
haps greater than about 2000 kN (500 k), higher strength concrete might be justified to
keep the footing thickness within reasonable limits, perhaps using an fc' as high as 35
MPa (5000 Ib/in2) •

Since the flexural stresses in footings are small, grade 40 steel (metric grade 300) is
usually adequate. However, this grade is readily available only in sizes up through #6
(metric #22), and grade 60 steel (metric grade 420) may be required on the remainder of
the project. Therefore, engineers often use grade 60 (metric grade 420) steel in the foot
ings for reinforced concrete buildings so only one grade of steel is used on the project.
This makes it less likely that leftover grade 40 (metric grade 300) bars would accidently
be placed in the superstructure.

BASIS FOR DESIGN METHODS

Before the twentieth century, the design of spread footings was based primarily on prece
dent. Engineers knew very little about how footings behaved, so they followed designs
that had worked in the past.
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The fIrst major advance in our understanding of the structural behavior of rein
forced concrete footings came as a result of full-scale load tests conducted at the Univer
sity of Illinois by Talbot (1913). He tested 197 footings in the laboratory and studied the
mechanisms of failure. These tests highlighted the importance of shear in footings.

During the next fIve decades, other individuals in the United States, Germany, and
elsewhere conducted additional tests. These tests produced important experimental infor
mation on the flexural and shear resistance of spread footings and slabs as well as the re
sponse of new and improved materials. Richart's (1948) tests were among the most
significant of these. He tested 156 footings of various shapes and construction details by
placing them on a bed of automotive coil springs that simulated the support from the soil
and loaded them using a large testing machine until they failed. Whitney (1957) and Moe
(1961) also made important contributions.

A committee of engineers (ACI-ASCE, 1962) synthesized this data and developed
the analysis and design methodology that engineers now use. Because of the experimental
nature of its development, this method uses simplifIed, and sometimes arbitrary, models
of the behavior of foolings. It also is conservative.

As often happens, theoretical studies have come after the experimental studies and
after the establishment of design procedures (Jiang, 1983; Rao and Singh, 1987). Al
though work of this type has had some impact on engineering practice, it is not likely that
the basic approach will change soon. Engineers are satisfIed with the current procedures
for the following reasons:

• Spread footings are inexpensive, and the additional costs of a conservative design
are small.

• The additional weight that results from a conservative design does not increase the
dead load on any other member.

• The construction tolerances for spread footings are wider than those for the super
structure, so additional precision in the design probably would be lost during con
struction.

• Although perhaps crude when compared to some methods available to analyze su
perstructures, the current methods are probably more precise than the geotechnical
analyses of spread footings and therefore are not the weak link in the design
process.

Spread footings have performed well from a structural point-of-view. Failures and
other diffIculties have usually been due to geotechnical or construction problems,
not bad structural design.

• The additional weight of conservatively designed spread footings provides more re
sistance to uplift loads.

Standard design methods emphasize two modes of failure: shear and flexure. A
shear failure, shown in Figure 9.2, occurs when part of the footing comes out of the bot
tom. This type of failure is actually a combination of tension and shear on inclined failure
surfaces. We resist this mode of failure by providing an adequate footing thickness, T.

9.3

Figure 9.2 "Shear" failure in a spread footing loaded in a laboratory iTalbot. 1913). Ob
serve how this failure actually is a combination of tension and shear.

A flexural failure is shown in Figure 9.3. We analyze this mode of failure by treat
ing the footing as an inverted cantilever beam and resisting the flexural stresses by plac
ing tensile steel reinforcement near the bottom of the footing.

DESIGN LOADS

The structural design of spread footings is based on LRFD methods (ACl calls it ultimate

strength design or USD), and thus uses the factored loads as defined in Equations 2.7 to
2.15. Virtually all footings support a compressive load, P", and it should be computed

Figure 9.3 Flexural failure in a spread footing loaded in a laboratory (Talbot. 1913).



Where d" is the nominal diameter of the steel reinforcing bars (see Table 9.1).
ACI [15.7] requires d be at least 6 in (150 mm), so the minimum acceptable T for

reinforced footings is 12 in or 300 mm.

Footings are typically excavated using backhoes, and thus do not have precise as
built dimensions. Therefore, there is no need to be overly precise when specifying the
footing thickness T. Round it to a multiple of 3 in or 100 mm (i.e., 12, 15, 18, 21, etc.
inches or 300, 400, 500, etc. mm). The corresponding values of dare:
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without including the weight of the footing because this weight is evenly distributed and
thus does not produce shear or moment in the footing. Some footings also support shear
(Vu) and/or moment (Mu) loads, as shown in Figure 9.1, both of which must be expressed
as the factored load. This is often a point of confusion, because the geotechnical design of
the same footing is normally based on ASD methods, and thus use the unfactored load, as
defined in Equations 2.1 to 2.4. In addition, the geotechnical design must include the
weight of the footing.

Therefore, when designing spread footings, be especially careful when computing
the load. The footing width, B, is based on geotechnical requirements and is thus based on
the unfactored load, as discussed in Chapter 8, whereas the thickness, T, and the rein
forcement are structural concerns, and thus are based on the factored load. Examples 9.1

and 9.2 illustrate the application of these principles.

9.5 SquareFootings

Id=T-3in-d,,!

I d = T - 70 mm - d" I
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(9.1 English)

(9.1 SI)

9.4 MINIMUM COVER REQUIREMENTS AND STANDARD DIMENSIONS 9.5 SQUARE FOOTINGS

Figure 9.4 In square spread footings. the effective depth is the distance from the top of
the concrete to the contact point of the flexural steel.

The ACI code specifies the minimum amount of concrete cover that must be present
around all steel reinforcing bars [7.7]. For concrete in contact with the ground, such as
spread footings, at least 70 mm (3 in) of concrete cover is required, as shown in Figure
9.4. This cover distance is measured from the edge of the bars, not the centerlines. It pro
vides proper anchorage of the bars and corrosion protection. It also allows for irregulari
ties in the excavation and accommodates possible contamination of the lower portion of
the concrete.

Sometimes it is appropriate to specify additional cover between the rebar and the
soil. For example, it is very difficult to maintain smooth footing excavation at sites with
loose sands or soft clays, so more cover may be appropriate. Sometimes contractors place a
thin layer of lean concrete, called a mud slab or a leveling slab, in the bottom of the footing
excavation at such sites before placing the steel, thus providing a smooth working surface.

For design purposes, we ignore any strength in the concrete below the reinforcing
steel. Only the concrete between the top of the footing and the rebars is considered in our
analyses. This depth is the effective depth, d, as shown in Figure 9.4.

Flexural Steel 70 mm
or 3 in

d

T

70 mm or 3 in

This section considers the design of square footings supporting a single centrally-located
column. Other types of footings are covered in subsequent sections.

In most reinforced concrete design problems, the flexural analysis is customarily
done first. However, with spread footings, it is most expedient to do the shear analysis
first. This is because it is not cost -effective to use shear reinforcement (stirrups) in most

TABLE 9.1 DESIGN DATA FOR STEEL REINFORCING BARS

Nominal DimensionsBar Size

Available Cross-Sectional
Designation

GradesDiameter, d"Area, A,

English

SIEnglish SI(in)(mm)(in2)(mm2)

#3

#1040.60300.4200.3759.5 71

#4

#1340,60300.4200.50012.7 129

#5

#1640,60300,4200.62515.90.31199

#6

#1940,60300,4200.75019.10.44284

#7

#22604200.87522.20.60387

#8

#25604201.00025.40.79510

#9

#29604201.12828.71.00645

#10

#32604201.27032.31.27819

#ll

#3660420l.4lO35.81.561006

#14

#43604201.69343.02.251452

#18

#57604202.25757.34.002581
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spread footings, and because we neglect the shear strength of the flexural steel. The only
source of shear resistance is the concrete above the flexural reinforcement, so the effec

tive depth, d, as shown in Figure 9.4, must be large enough to provide sufficient shear ca
pacity. We then perform the flexural analysis using this value of d.

Designing for Shear

Various investigators have suggested different locations for the idealized critical
shear surfaces shown in Figure 9.5. The ACI code [11.12.1] specifies that they be located
a distance d from the face of the column for one-way shear and a distance d/2 for two-way
shear.

The footing design is satisfactory for shear when it satisfies the following condition
on all critical shear surfaces:

ACI defines two modes of shear failure, one-way shear (also known as beam shear or
wide-beam shear) and two-way shear (also known as diagonal tension shear). In the con
text of spread footings, these two modes correspond to the failures shown in Figure 9.5.
Although the failure surfaces are actually inclined, as shown in Figure 9.2, engineers use
these idealized vertical surfaces to simplify the computations.

(a)

I Vu<. ~ 4> V"cl

Where:

Vu<.= factored shear force on critical surface

<l> = resistance factor for shear = 0.85

11,,,. = nominal shear capacity on the critical surface

The nominal shear load capacity, V,,,, on the critical shear surface is [11.1]:

IV"c=Vc+V,1

Where:

Vc = nominal shear load capacity of concrete

V, = nominal shear load capacity of reinforcing steel

For spread footings, we neglect V, and rely only on the concrete for shear resistance.

Two-Way Shear

(9.2)

(9.3)

Figure 9.S The two modes of shear fail

ure: (a) one-way shear. and (bl two-way
shear. (b)

:1

The footing may be subjected to applied normal, moment, and shear loads, Pu, M", and Vu,

all of which produce shear forces on the critical shear surfaces.
To visualize the shear force on the critical surface, V,,,,, caused by the applied nor

mal load, P", we divide the footing into two blocks, one inside the shear surface and the
other outside, as shown in Figure 9.6. The factored normal load, Pu, is applied to the top
of the inner block and is transferred to a uniform pressure acting on the base of both
blocks. Some of this load is transferred to the soil beneath the inner block, while the re

mainder must pass through the critical shear surface and enters the soil beneath the lower
block. Only the later portion produces a shear force on the critical shear surface. In other
words, the percentage of P" that produces shear along the critical surfaces is the ratio of
the base area of the outer block to the total base area.

If an applied moment load, Mu, is present, it produces an additional shear force on
two opposing faces of the inner block, as shown in Figure 9.7. The shear force on one of
the faces acts in the same direction as the shear force induced by the normal load, while
that on the other face acts in the opposite direction. Therefore, the face with both forces
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Figure 9.6 The inner block is the portion

of the footing inside the critical section for

two-way shear. The factored shear force act

ing along the perimeter of this block. V".
must not exceed <I> V", The factored shear

force. V,•.• is the portion of the factored col

umn load. p•• that must pass through the
outside surfaces of the inner block before

reaching the ground.
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Inner Block

}

9.5 Square Footings 3~1

acting in the same direction has the greatest shear force, and thus controls the design. The
force on this face is:

Figure 9.8 Distribution of shear forces on the critical shear surfaces for two-way shear when the footing is
subjected to both normal and shear loads.

v = (P" + ~) (base area of outer blOCk)"c 4 c + d total base area

= (P" + ~)(B2 - (c + d)2)4 c+d ~

(9.4) If an applied shear load, Vu, is present and it acts in the same direction as the mo
ment load (which is the usual case), it produces a shear force on the other two faces, as
shown in Figure 9.8. If we assume the applied shear force is evenly divided between these
two faces, then the shear force on each face is:

The design should be based on the larger of the Vuc values obtained from Equations
9.4 and 9.5, thus accounting for applied normal, shear, and/or moment loads.

Where:

Vuc = factored shear force on the most critical face

Pu = applied normal load .

M" = applied moment load

Vu = applied shear load

c = column width or diameter (for concrete columns) or base plate width (for
steel columns)

d = effective depth

B = footing width

M"

Figure 9.7 Distribution of shear forces on

Ihe critical shear surfaces for two-way shear

when the footing is subjected 10 both normal
and moment loads. Most Critical Face

V",. = (base area of outer blOCk) I(Pu)2 + (Vu)2total base area \I 4 2

= (B2 - ~2 + d)2) ~ (ir + (i r
(9.5)
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For square footings supporting square or circular columns located in the interior of
the footing (Le., not on the edge or corner), the nominal two-way shear capacity is [ACI
11.12.2.1]:

Other criteria apply if the column has another shape, or if it is located along edge or cor
ner of the footing [ACI 11.12.2.1]. Special criteria also apply if the footing is made of
prestressed concrete [ACI 11.12.2.2], but spread foatings are rarely, if ever, prestressed.

The objective of this analysis is to find the effective depth, d, that satisfies
Equation 9.2. Both v"". and V"" depend on the effective depth, d, but there is no direct so
lution. Therefore, it is necessary to use the following procedure:

Where:

V"" = nominal two-way shear capacity on the critical section (lb, N)

V" = nominal two-way shear capacity of concrete (Ib, N)

bo = length of critical shear surface = length of one face of inner block

c = column width (in, mm)

d = effective depth (in, mm)

j;: = 28-day compressive strength of concrete (lb/in2, MPa)
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One-Way Shear

• The shear stress caused by the applied vertical load. Pu' is uniformly distributed
across the two critical vertical planes shown in Figure 9.5a.

• The shear stress on the vertical planes caused by the applied moment load, M,,, is
expressed by the flexure formula, cr = Mc/I, and thus is greatest at the left and right
edges of these planes.

• The shear stress caused by the applied shear load is uniformly distributed across the
planes.

• The applied normal, moment, and shear loads must be multiplied by (B - c - 2d)/B
before applying them to the critical vertical planes. This factor is the ratio of the
footing base area outside the critical planes to the total area, and thus reflects the

percentage of the applied loads that must be transmitted through the critical vertical
planes.

• The maximum shear stress on the critical vertical surfaces is the vector sum of those
due to the applied normal, moment, and shear loads.

• The factored shear stress on the critical vertical surfaces is the greatest shear stress
multiplied by the area of the shear surfaces. This may be greater than the integral of
the shear stress across the shear surfaces, but is useful because it produces a design
that keeps the maximum shear stress within acceptable limits.

Two-way shear always governs the design of square foatings subjected only to vertical
loads. There is no need to check one-way shear in such foatings. However, if applied
shear and/or moment loads are present, both kinds of shear need to be checked.

To analyze this situation, we will make the following assumptions:

9.5 Square Footings
l

I
II
!

(9.7)

(9.6 SI)

(9.6 English)I V"" = Vc = 4 bodvJ: I

, v,,, = Vc = .!.bodvJ:'
3

I bo=c+d I

312

Based on these as,sumptions, we compute the factored shear force on the critical vertical
surfaces, v,,,., as follows:

1. Assume a trial value for d. Usually a value approximately equal to the column
width is a good first trial. When selecting trial values of d, remember T must be a
multiple of 3 in or 100 mm, as discussed in Section 9.4, so the corresponding values
of d are the only ones worth considering. Assuming db'" 1 in (25 mm), the potential
values of dare 8,11,14,17, etc. inches or 200,300,400, etc. mm.

2. Compute VU" and V"c' and check if Equation 9.2 has been satisfied.

3. Repeat Steps 1 and 2 as necessary until finding the smallest d that satisfies Equa
tion 9.2.

4. Using Equlltion 9.1 with db= 1 in or 25 mm, compute the foating thickness, T. Ex
press it as a multiple of 3 in or 100 mm. T must be at least 12 in or 300 mm.

The final value of db will be determined as a part of.the flexural analysis, and may be dif
ferent from the 1 in or 25 mm assumed here. However, this difference is small compared
to the construction tolerances, so there is no need to repeat the shear analysis with the re
vised db'

(B-C-2d)!( 6M)2V,,,= B V PI/+1f +V;

Where:

VI/" = shear force on critical shear surfaces

B = footing width
c = column width

d = effective depth

PI/ = applied norrnalload

M" = applied moment load

V" = applied shear load

(9.8)
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The nominal one-way shear load capacity on the critical section [11.3.1.1] is:

Example 9.1- Part A

Once again, the design is satisfactory when Equation 9.2 has been satisfied.

Both V ne and V"c depend on the effective depth, d, which must be determined using

Equations 9.8 and 9.9 with the procedure described under two-way shear. The final design

value of d is the larger of that obtained from the one-way and two-way shear analyses.

The fmal value of db will be determined as a part of the flexural analysis, and may
be different from the 1 in or 25 mm assumed here. However, this difference is small com

pared to the construction tolerances, so there is no need to repeat the shear analysis with

the revised db'

I Vnc = Vc = 2 bwd v1c I

, V"c = Vc = ~ bwd v1c '

Where:

V"c = nominal one-way shear capacity on the critical section (lb, N)

Vc = nominal one-way shear capacity of concrete (lb, N)

bw = length of critical shear surface = 2B (in, mm)

d = effective depth (in, mm)

le' = 28-day compressive strength of concrete (lb/in2, MPa)

(9.9 English)

(9.9 SI)

Factored load (Equation 2.7 governs)

Pu = 1.4 PD + 1.7 PL = (1.4)(380) + (1.7)(270) = 991 k

Because of the large applied load and because this is a large spread footing, we will use
!C' = 4000 Ib/in2 and J,. = 60 klin2.

Since there are no applied moment or shear loads. there is no need to check one-way shear.
Determine required thickness based on a two-way shear analysis.
Try T=24in:

d = T - 1 bar diameter - 3 in = 24 - 1 - 3 = 20 in

v = (Pu + _Mu ) (_B2 -_(c_+ _d2»)uc 4 c+d B2

= (991,000 lb + 0) (126 in)2 - (21 in + 20 in?)4 (126 in)2

= 221.5OOlb

bo = c + d = 21 + 20 = 41 in

V"c = 4 bod Vj:,

= 4(41 in)(20in)V4000lbjin2

= 207.400 Ib

A 21-inch square reinforced concrete column carries a vertical dead load of 380 k and a verti

callive load of 270 k. It is to be supported on a square spread footing that will be founded on
a soil with an allowable bearing pressure of 6500 Ib/ft2. The groundwater table is well be
low the bottom of the footing. Determine the required width, B, thickness, T, and effective
depth, d.

Solution

Unfactored load-Equation 2.2 governs

"
'!;.l <I> Vnc = (0.85)(207.400lb) = 176,3OOlb

Vuc > <I> Vne :. Not acceptable

Try T= 27 in:

d = T - 1 bar diameter - 3 in = 27 - 1 - 3 = 23 in

Wf = B2D-yc = B2 (3 ft)(150 Ibjtt1) = 450 B2

B = ) P + Wf = 650,000 + 450 B2qA + UD 6500 + 0

B = 10.36 ft ~ use B = 10 ft 6 in (126 in)

P = PD + PL +

Per Table 8.1, use D = 36 in

= 380k + 270k + 0 = 650k

V = (Pu + _Mu ) (_B2 _- (C_+_d)2)uc 4 c+d W

= (991,000 Ib + 0) (126 in)2 - (21 in + 23 in)2)4 (126in)2

= 217,500 Jb

bo = c + d = 21 + 23 = 44 in
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<l> Vu = (0.85)(256,000 lb) = 217,600 lb

Designing for Flexure

ACI Flexural Design Standards

Once we have completed the shear analysis, the design process can move to the flexural
analysis.

(9.10)

(9.11)

(9.12)

Mn = A,/.. (d -~)
pdf..a=--'

0.85f:

~~

Flexural Design Principles

The primary design problem for flexural members is as follows: Given a factored moment

on the critical surface, Mu" determine the necessary dimensions of the member and the
necessary size and location of reinforcing bars. Fortunately, flexural design in foundations
is simpler than that for some other structural members because geotechnical concerns dic
tate some of the dimensions.

The amount of steel required to resist flexure depends on the effective depth, d,
which is the distance from the extreme compression fiber to the centroid of the tension re
inforcement, as shown in Figure 9.9.

The nominal moment capacity of a flexural member made of reinforced concrete
with};,' ~ 30 MPa (4000 Ib/in2) as shown in Figure 9.9 is:

Setting Mu = <I> Mn, where Mu is the factored moment at the section being analyzed. and
solving for A, gives:

<=Answer

V",. :S <l> Vu,. OK

:. Use B = 10 ft 6 in; T = 27 in; d = 23 in

Note I: In this case, V,,, is almost exactly equal to cpVuc. However, since we are considering

only certain values of d, it is unusual for them to match so closely.

Note 2: The depth of embedment of 3 ft, as obtained from Table 8.1, is not needed here (un
less frost depth or other concerns dictate it). We could use D = 30 in and still have plenty of
room for a 27 inch-thick footing.

v"'. = 4 ba dVi:.

= 4(41 in)(23 in)V4000 Ib/in2

= 256,ooolb

Reinforcing Steel
( f: b ) ( ) 2 2.353 Mllc)

A = -- d- d ----
s 1.176/v <l>f: b

(9.13)

a/2
c

T

jd=d-a/2

0.85f'c

H-±-

(c)

J,

(b)

NeutralAxis
(Axisof ZeroStrain)

d

Figure 9.9 The reinforcing bars are placed in the portion of the member that is subjectedto tension.
(a) Cross section, (b) actual stress distribution, and (c) equivalent rectangular stress distribution.The
effective depth, d, is the distance from the extreme compression fiber to the centroid of the tension
reinforcement. 13, is an empirical factor that ranges between 0.65 and 0.85. (Adapted from MacGre
gor, 1996).

(a)

•••

I, b • I

~~
~,

• Grade 40 bars (also known as metric grade 300), which have a yield strength, f.., of
40 klin2 (300 MPa) .

• Grade 60 bars (also known as metric grade 420), which have a yield strength,f, of
60 klin2 (420 MPa) .

Concrete is strong in compression, but weak in tension. Therefore, engineers add reinforc
ing steel, which is strong in tension, to form reinforced concrete. This reinforcement is
necessary in members subjected to pure tension, and those that must resistflexure (bend
ing). Reinforcing steel may consist of either defonned bars (more commonly known as
reinforcing bars, or rebars) or welded wire fabric. However, wire fabric is rarely used in
foundations.

Manufacturers produce reinforcing bars in various standard diameters, typically
ranging between 9.5 mm (3/8 in) and 57.3 mm (2 1/4 in). In the United States, the English
and metric bars are the same size (i.e., we have used a soft conversion), and are identified
by the bar size designations in Table 9.1.

Rebars are available in various strengths, depending on the steel alloys used to man
ufacture them. The two most common bar strengths used in the United States are:
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Where:

A., = cross-sectional area of reinforcing steel

1/ = 28-day compressive strength of concrete

J,. = yield strength of reinforcing steel

P = steel ratio
b = width of flexural member

d = effective depth

<p = 0.9 for flexure in reinforced concrete

Mile = factored moment at the section being analyzed

Two additional considerations also enter the design process: minimum steel and
maximum steel. The minimum steel in footings is governed by ACI 10.5.4 and 7.12.2, be
cause footings are treated as "structural slabs of uniform thickness" (MacGregor, 1996).
These requirements are as follows:

Id 3 /y a 13 'Y >.

db = 40 Vi: (c :b Ktr)

Id _~~ a13'Y>'

db - 10 Vi: ( C :b KIr )

Atr/VI

KIr = 1500sn

Atrf\'l

KIr = 10sn

For spread footings, use Ktr = 0, which is conservative.

(9.14 English)

(9.14 SI)

(9.15 Englt)

(9.15 SI)

Development Length

Notice how one of these criteria is based on the "clear space" which is the distance be
tween the edges. of two adjacent bars, while the other is based on the center-to-center
spacing, which is the distance between their centerlines.

The rebars must extend a sufficient distance into the concrete to develop proper anchor
age [ACI 15.6]. This distance is called the development length. Provides the clear spacing
between the bars is at least 2db, and the concrete cover is at least db' the ratio of the mini
mum required development length, Id' to the bar diameter, db is [ACI 12.2.3]:

Where:

Id = minimum required development length (in, mm)

db = nominal bar diameter (in, mm)

J,. = yield strength of reinforcing steel Ob/in", MPa)

1\'1 = yield strength of transverse reinforcing steel Ob/in", MPa)

1/ = 28-day compressive strength of concrete Ob/in", MPa)
a = reinforcement location factor

a = 1.3 for horizontal reinforcement with more than 300 mm (12 in) of
fresh concrete below the bar

a = 1.0 for all other cases

13 = coating factor

13 = 1.5 for epoxy coated bars or wires with cover less than 3db or clear
spacing less than 6db

13 = 1.2 for other epoxy coated bars or wires

13 = 1.0 for uncoated bars or wires
y = reinforcement factor

y = 0.8 for #6 (metric #19) and smaller bars

y = 1.0 for #7 (metric #22) and larger bars

A. = lightweight concrete factor = 1.0 for normal concrete (lightweight concrete
is not used in foundations)

c = spacing or cover dimension (in, mm) = the smaller of the distance from the
center of the bar to the nearest concrete surface or one-half the center-to
center spacing of the bars

Air = total cross-sectional area of all transverse reinforcement that is within the

spacing s and which crosses the potential plane of splitting through the re-

As ;:: 0.0020 Ag

A,;:: 0.0018 Ag

For grade 40 (metric grade 300) steel

For grade 60 (metric grade 420) steel

Where:

Ag = gross cross-sectional area

• The clear space between bars must be at least equal to db' 25 mm (1 in), or 4/3 times
the nominal maximum aggregate size [3.3.2 and 7.6.1], whichever is greatest.

• The center-to-center spacing of the reinforcement must not exceed 3T or 500 mm
(18 in), whichever is less [10.5.4].

The Pmin criteria in ACI 10.5.1 do not apply to footings.
The maximum steel requirement [10.3] is intended to maintain sufficient ductility.

It never govems the design of simple footings, but it may be of concern in combined foot
ings or mats.

We can supply the required area of steel, computed using Equation 9.13 by any of
several combinations of bar size and number of bars. This selection must satisfy the fol
lowing minimum and maximum spacing requirements:
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inforcement being developed (in2, mm2)-may conservatively be taken to
be zero

s = maximum center-to-center spacing of transverse reinforcement within Id

(in, mm)

The term (c + K,,)ldh must be no greater than 2.5, and the product a.~ need not exceed 1.7.
In addition, the development length must always be at least 300 mm {l2 in).

Application to Spread Footings

Principles

A square footing bends in two perpendicular directions as shown in Figure 9.lOa, and
therefore might be designed as a two-way slab using methods similar to those that might
be applied to a floor slab that is supported on all four sides. However, for practical pur
poses, it is customary to design footings as if they were a one-way slab as shown in Figure
9.l0b. This conservative simplification is justified because of the following:

• The full-scale load tests on which this analysis method is based were interpreted
this way.

• It is appropriate to design foundations more conservatively than the superstructure.

• The flexural stresses are low, so the amount of steel required is nominal and often
governed by Pmin'

• The additional construction cost due to this simplified approach is nominal.

Once we know the amount of steel needed to carry the applied load in one-way
bending, we place the same steel area in the perpendicular direction. In essence the foot
ing is reinforced twice, which provides more reinforcement than required by a more rigor
ous two-way analysis.

Steel Area

-
9.5 SquareFootings

Figure 9.10 (a) A spread footing is actu
ally a two-way slab. bending in both the

"nonh-south" and '"east-west" directions;

(b) For purposes of analysis. engineers as

sume that the footing is a one-way slab that
bends in one axis only.

(a)

(b)
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The usual procedure for designing flexural members is to prepare a moment diagram and
select an appropriate amount of steel for each portion of the member. However, for simple
spread footings, we again simplify the problem and design all the steel for the moment
that occurs at the critical section for bending. The location of this section for various
types of columns is shown in Figure 9.11.

We can simplify the computations by defining a distance I, measured from the criti
cal section to the outside edge of the footing. In other words, I is the cantilever distance. It
is computed using the formulas in Table 9.2.

The factored bending moment at the critical section, Muc, is:

Where:

M"c = factored moment at critical section for bending
Pu = factored compressive load from column

M" = factored moment load from column

I = cantilever distance (from Table 9.2)
B = footing width

p)2 2MJ
M =-+--

uc 2 B B (9.16)
The first term in Equation 9.16 is based on the assumption that P" acts through the

centroid of the footing. The second term is based on a soil bearing pressure with an as
sumed eccentricity of B13, which is conservative (see Figure 5.15).
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Figure 9.11 Location of critical section for bending: (a) with a concrete column; (b)

with a masonry column; and (c) with a steel column.

r-i
(9.17)

(9.18)

I As = pBdl

The required area of steel for each direction is:

I (l"),,,pplied = I - 70 mm (3 in) I

Where:

(ld)",pplied = supplied development length

I = cantilever distance (per Table 9.2)

Carry the flexural steel out to a point 70 mm (3 in) from the edge of the footing as
shown in Figure 9.4.

Development Length

ACI [15.6] requires the flexural steel in spread footings meet standard developme~tlength requirements. This development length is measured from the critical section IfOr
bending to the end of the bars as defined in Figure 9.11 to the end of the bars, which is 70

mm (3 in) from the edge of the footing. Thus, the supplied development length, (/")",pplie"
is:

-icr-

I: / .1 .1
B

(c)

,,
,
,
,
,
,
,

c14_

t== ,
I B

(b)

Flexural
Steel

H

,
,
,
,

t== .
J B

(a)

After computing Muc' fmd the steel area, As, and reinforcement ratio, p, using Equa
tions 9.12 and 9.15. Check if the computed p is less than Pmin' If so, then use Pmin' Rarely
will P be larger than 0.0040. This light reinforcement requirement develops because we
made the effective depth d relatively large to avoid the need for stirrups.

TABLE 9.2 DESIGN CANTILEVER DISTANCE FOR USE IN

DESIGNING REINFORCEMENT IN SPREAD FOOTINGS [15.4.2].

-i1

~,
~

This supplied development length must be at least equal to the required development
length, as computed using Equation 9.14 or 9.15. If this criteria is not satisfied, we do not
enlarge the footing width, B. Instead, it is better to use smaller diameter bars, which have
a correspondingly shorter required development length.

If the supplied development length is greater than the required development length,
we still extend the bars to 70 mm (3 in) from the edge of the footing. Do not cut them off
at a different location.

Example 9.1-Part B

Type of Column
Using the results from Part A, design the required flexural steel.

Concrete

Masonry

Steel

(B - c)12

(B - cl2)/2

(2B - (c + cp))/4

Solution

Find the requiredsteel area
I. ACI does not specify the location of the critical section for timber columns, but

in this context. it seems reasonable to treat them in the same way as concrete
columns.

2. If the column has a circular. octagonal, or other similar shape, use a square with

an equivalent cross-sectional area.

3. B = footing width; c = column width; cr = base plate width. If column has a cir
cular or regular polygon cross section. base the analysis on an equivalent square.

B - c 126 - 21 = 52.5 in
1=-2 --= 2

p.z2 (991,000)(52.5)2 .
Mu,· = 2B + 0 = ,_,,,_,, = 10.800.000 tn-Ib
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( t: b ) ( ~' 2.353 M,,)
A= -- d- d-----

'1.176!. H:b

( (4000 Ib/in1)( 126 in) ( .. , 2.353 (10,800,000 in-lb) )
= ------ 23 In - (23 In)- -

(1.176)(6O,000Ib/in") (0.9)(4000 Ib/in1)(126 in)

= 8.94 in1

Check minimum steel

A,~0.018 (27) (126)

~6.l2 in"

8.94~6.12 ok

9.5 Square Footings

Po=JKOk
PI. = 270 k

~

10'6"
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Use 12 #8 bars each way (A, = 9.42 in1) <=Answer
12 #8 Bars Each Way

Clear space between bars = 126/13-1 = 8.7 in OK

Check development length

(t"tuppUed = I - 3 = 52.5 - 3 = 49.5 in

c + K" 3.5 + 0
-- = --- = 35> 25 use25

dh I ...

Id 3 f, a 13"Y ~ 3 60,000 (1)(1)(1)(1)

d,: = 4O-v'r:-t: -(-C-:-hK-,,-) = 40-Y-4ooo---2.-5-= 28

Id = 28 dh = (28)(1) = 28 in

Id < (tdt"""Ued' so development length is OK.

The final design is shown in Figure 9.12.

QUESTIONS AND PRACTICE PROBLEMS

The ASD load for determining the required footing width should be computed using the largest of

Equations 2.1, 2.2, 2.3a, or 2.4a, unless otherwise stated. The factored loads should be computed
using the ACI load factors (Equations 2.7-2.17).

9.1 A column carries the following vertical downward loads: dead load = 400 kN, live load =
300 kN, wind load = 150 kN, and earthquake load = 250 kN. Compl!te the unfactored load, p,
and the factored load, P", to be used in the design of a concrete footing. 1

Figure 9.12 Footing design for Example 9.1.

9.2 A tlexural member has a dead load moment of 200 ft-k and a live load moment of 150 ft-k.

The computed nominal moment capacity. M", is 600 ft-k. Is the design of this member satis
factory? Use the ACI ultimate strength criterion.

9.3 Why are spread footings usually made of low-strength concrete?

9.4 Explain the difference between the shape of the actual shear failure surfaces in footings with
those used for analysis and design.

9.5 A 4oo-mm square concrete column that carries a factored vertical downward load of 450 kN

and a factored moment load of 100 kN-m is supported on a I.5-m square footing. The effec
tive depth of the concrete in this footing is 500 mm. Compute the ultimate shear force that acts
on the most critical section for two-way shear failure in the footing.

9.6 A 16-in square concrete column carries vertical dead and live loads of 150 and 100 k, respec
tively. It is to be supported on a square footing with!:.' = 3000 lblin" and!. = 60 k/in1. The soil

has an allowable bearing pressure. of 4500 Ib/ftl and the groundwater table is at a great depth.
Because of frost heave considerations, the bottom of this footing must be at least 30 inches
below the ground surface. Determine the required footing thickness, size the tlexural rein
forcement, and show your design in a sketch.

9.7 A WI6x50 steel column with a 22-inch square base plate is to be supported on a square
spread footing. This column has a design dead load of 200 k and a design live load of 120 k.
The footing will be made of concrete with t..' = 2500 Ib/in1 and reinforcing steel with f. = 60
k/in1. The soil has an allowable bearing pressure of 3000 Ib/ft" and the groundwater table is at
a great depth. Determine the required footing thickness, size the tlexural reinforcement. and
show your design in a sketch.
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9.8 A 500-mmsquare concrete column carries verticaldead and live loads of 500 and 280 \eN,re
spectively. It is to be supported on a square footing with};' = 17 MPa and!, = 420 MPa. The
soil has an allowable bearing pressure of 200 kPa and the groundwater table is at a great
depth. Determine the required footing thickness, size the tlexural reinforcement, and show
your design in a sketch.

9.6 CONTINUOUS FOOTINGS

Where:

VIle /b = factored shear force on critical shear surface per unit length of footing

P" /b = factored applied compressive load per unit length of footing
c = width of wall

b = unit length of footing (usually I ft or I m)

Setting VII<. = $ V;". equating Equations 9.9 and 9. 19, and solving for d gives:

The structural design of continuous footings is very similar to that for square footings.
The differences, described below, are primarily the result of the differences in geometry.

d = (P,jb)(B - c)

~ 484> B Vi: + 2 P,,/b I (9.20 English)

Designing for Shear

As with square footings, the depth of continuous footings is governed by shear criteria.
However. we only need to check one-way shear because it is the only type that has any
physical significance. The critical surfaces for evaluating one-way shear are located a dis
tance d from the face of the wall as shown in Figure 9. I3.

The factored shear force acting on a unit length of the critical shear surface is:

Then, compute the footing thickness, T, using the criterion described earlier.

(9.21)M"Jb = (P,,/b)12 + 2 (M,,/b)l
2B B

Where:

d = effective depth (in, mm)

P,,/b = applied vertical load per unit length of footing (lb/ft, kN/m)

b = footing width (in, mm)

c = wall width (in, mm)

$ = resistance factor = 0.85

le' = 28-day compressive strength of concrete (lb/in~, MPa)

d = 1500 (P,jb)(B - c)

500 4>B Vi: + 3 P,jb I (9.20 SI)

Nearly all continuous footings should have longitudinal reinforcing steel (i.e., running
parallel to the wall). This steel helps the footing resist flexural stresses from non-uniform
loading, soft spots in the soil, or other causes. Temperature and shrinkage stresses also are
a concern. Therefore, place a nominal amount of longitudinal steel in the footing (0.0018
A, to 0.0020 A) with at least two #4 bars (2 metric #13 bars). If large differential heaves
or settlements are likely, we may need to use additional longitudinal reinforcement. Chap
ter 19 includes a discussion of this issue.

Transverse steel (that which runs perpendicular to the wall) is another issue. Most
continuous footings are narrow enough so the entire base is within a 45° frustum, as
shown in Figure 9.14. Thus, they do not need transverse steel. However, wider footings
should include transverse steel designed to resist the flexural stresses at the critical section
as defined in Table 9.2. The factored moment at this section is:

Designing for Flexure

-1

(9.19)
V,.jb = (P,jb) ( B - ~ - 2d)

Fi2ure 9.13 Location of idealized critical

shear surface for one-way shear in a contin

uous footing.
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Factored load-Equation 2.7 governs

329

"") ~SO

Figure 9.14 Zone of compres>ionin
lightly-loaded foolings. Zone of Compression

1
Pjb = 1.4Po!b + 1.7PJb

= 1.4(120) + 1.7(88)

= 318 kN/m

Compute the required thickneS~ing a shear analysis

1500 (Pjb)(B - c)d=------
500 q, BV[ + 3 Pjb

(1500)(318 kN/m)(llOO mm - 200 mm)

(500)(0.85)(1100 mm)v'15 MPA + (3)(318 kN/m)

= 237 mm

Where:

M,,)b = factored moment at critical section per unit length of footing

P,/b = factored applied compressive load per unit length of footing

M,/b = factored applied moment load perpendicular to wall per unit length of foot

ing

I = cantilever distance (from Figure 9.11 or Table 9.2)

Compute the required transverse steel area per unit length, AJb, using Equation 9.13, as

demonstrated in Example 9.2.

Example 9.2

A 2oo-mm wide concrete block wall carries a vertical dead load of 120 kN/m and a vertical

live load of 88 kN/m. It is to be supported on a continuous spread footing that is to be
founded at a depth of at least 500 mm below the ground surface. The ::llowable bearing pres
sure of the soil beneath the footing is 200 kPa, and the groundwater table is at a depth of
10 m. Develop a structural design for this footing using le' = 15 MPa and;; = 300 MPa.

Solution

Unfactored load-Equation 2.2 governs

P/b = (P/b)D + (P/b)L + ... = 120 kN/rn + 88 kN/m + 0 = 208 kN/m

Per Table 8.1, minimum D = 400 mm, but problem statement says use D = 500 mm

W,/b = BD '/. = B(0.5 m)(23.6 kN/mJ) = 11.8 B

P/b + Wt/b 208 + 11.8 BB=----=----= 1.1 m
qA - UD 200 - 0

jI

I

I

1

I

1

I
I

1

For ease of construction, place the longitudinal steel below the lateral steel. Assuming metric
#13 bars (diameter = 12.7 mm), the footing thickness. T, is:

T = d + (1/2)( diam. of lat. steel) + diam. of long steel + 70 mm

= 237 + 12.7/2 + 12.7 + 70

= 326 mm --+ Use 400 mm

d = 400 - 12.7/2 - 12.7 - 70 = 311 mm

In the square footing design of Example 9.1, we used an effecti ve depth, d, as the distance
from the top of the footing to the contact point of the two layers of reinforcing bars (as shown
in Figure 9.4. We used this definition because square footings have two-way bending, this is
the average d of the two sets of rebar. However, with continuous footings we are designing
only the lateral steel, so d is measured from the top of the footing to the center of the lateral
bars. The longitudinal bars will be designed separately.

Design the lateral steel

B - e/2 _ 1.1 - 0.2/2 = 0.50 m = 500 mm
1= -2~- 2

(PjbW (318)(0.50)'

M"jb = -- + 0 = () = 36.1 kN-m/m2B 2 I.I

AJb = C.{~:/,)( d - ~ d2 _ 2.:~:,,)

( (IS MPa)(1m) )( I ,2.3S3(36.1kN-mj )(10'0101)'= -(I-.1-76-j-(3-00-M-Pa-)0.311 m-\! (0.311 m)- - -(0-.9-)(-IS-.0-0-0-k-Pa-j-(I-m-)-m-

= 437 mm'/m
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Check minimum steel

AJb ~ 0.0020 (460)(1000)

~8oomm~/m -- 200 mm Concrete Block

Use metric #13 bars @ 150 mm QC [A, = (129 mm'/bar)(6.67 bars/m) = 860 mm2/m > 800

mm~/m]
Slah·on·Grade Floor

Check development length

Figure 9.15 Final design for Example 9.2.

1100 mm

500 mm
300 mm

7 #13

ooofo
#13 @ 150 mm a.c.(ld)",I",Ued = I - 75 = 500 - 75 = 425 mm

c + Kt,· = 70 + 0 = 5.5 > 2.5 use 2.5
d" 12.7

1., 9 J:. O:~'YA 9 300 (1)(1)(1)(1)-----------28
d" - 10 Vi: (C + Ku.) - 10 vT5 2.5 -d"

Id = 28 d" = (28)(12.7) = 355 mm

Id < (ld},uppUed. so development length is OK.
Design the longitudinal steel

420 MPa steel. The soil has an allowable bearing pressure of 150 kPa. and the groundwater
table is at a great depth. The local building code requires that the bottom of this footing be at
least 500 mm below the ground surface. Determine the required footing thickness. and design
the lateral and longitudinal steel. Show your design in a sketch.

A, = p b d = (0.0020)(1100)(400) = 880 mm~

Use 7 metric #13 bars (A, = 903 mm2 = > 880 mm')

The final design is shown in Figure 9.15.

9.7 RECTANGULAR FOOTINGS

Rectangular footings with width B and length L that support only one column are similar

to square footings. Design them as follows:

QUESTIONS AND PRACTICE PROBLEMS

9.9 A 12-in wide concrete block wall canies vertical dead and live loads of 13.0 and 12.1 klft. re

spectively. It is to be supported on a continuous footing made of 2000 lb/in~ concrete and
40 klin2 steel. The soil has an allowable bearing pressure of 4000 lb/ft~, and the groundwater
table is at a great depth. The local building code requires that the bottom of this footing be at
least 24 inches below the ground surface. Determine the required footing thickness, and de
sign the lateral and longitudinal steel. Show your design in a sketch.

9.10 A 2oo-mm wide concrete block wall canies vertical dead and live loads of 50 and 70 kN/m,

respectively. It is to be supported on a continuous footing made of 18 MPa concrete and

J

1. Check both one-way shear (Equation 9.9) and two-way shear (Equation 9.6) using

the critical shear surfaces shown in Figure 9.l6a. Determine the minimum required

d and T to satisfy both.

2. Design the long steel (see Figure 9.16b) by substituting L for B in Table 9.2 and

Equation 9.16, and using Equation 9.17 with no modifications. Distribute this steel

evenly across the footing as shown in Figure 9.l6c.

3. Design the short steel (see Figure 9.16b) using Table 9.2 and Equation 9.16 with no

modifications, and substituting L for B in Equation 9.17.

4. Since the central portion of the footing takes a larger portion of the short-direction

flexural stresses. place more of the short steel in this zone [15.4.4]. To do so, divide

the footing into inner and outer zones. as shown in Figure 9.16c. The portion of the

total short steel area. A." to be placed in the inner zone is E:
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One-Way Shear Surface

lE = L/B\ I1

(9.22)

Distribute the balance of the steel evenly across the outer zones.

I: : 1.-1

I. I. : .1 .1

Short Steel

t

I~

9.8 COM.BINED FOOTINGS

Although the principles described in Sections 9.5 to 9.8 apply to footings of all sizes,
some footings are so lightly loaded that practical minimums begin to govern'the design.
For example, if P" is less than about 400 kN (90 k) or P,/b is less than about 150 kN/m
(10 klft), the minimum d of 150 mm (6 in) [ACI 15.7] controls. Thus, there is no need to
conduct a shear analysis, only to compute a T smaller than the minimum. In the same
vein, if P" is less than about 130 kN (30 k) or P,/b is less than about 60 kN/m (4 kif!), the
minimum steel requirement (p = 0.0018) governs, so there is no need to conduct a flexural
analysis. Often, these minimums also apply to footings that support larger loads.

In addition, if the entire base of the footing is within a 45° frustum, as shown in Fig
ure 9.14, we can safely presume that very little or no tensile stresses will develop. This is
often the case with lightly loaded footings. Technically, no reinforcement is required in
such cases. However, some building codes [ICBO 1806.7] have minimum reinforcement
requirements for certain footings, and it is good practice to include at least the following
reinforcement in all footings:

Combined footings are those that carry more than one column. Their loading and geome
try is more complex, so it is appropriate to conduct a more rigorous structural analysis.
The rigid method, described in Chapter 10, is appropriate for most combined footings. It
uses a soil bearing pressure that varies linearly across the footing, thus simplifying the

computations. O~ the soil pressure has been established, MacGregor (1996) suggests
designing the longitudinal steel using idealized beam strips ABC, as shown in Figure
9.17. Then, design the transverse steel using idealized beam strips AD. See MacGregor
(1996) for a complete design example.

Large or heavily loaded combined footings may justify a beam on elastic founda
tion analysis, as described in Chapter 10.

Square footings

• If bottom of footing is completely within the zone of compression-no reinforce
ment required

• If bottom of footing extends beyond the zone of compression-as determined by a
flexural analysis, but at least #4 @ 18 in o.c. each way (metric #13 @ 500 mm o.c.
each way)

LIGHTL V-LOADED FOOTINGS9.9

J

BOuter
Zone

Inner
Zone

(b)

(c)

Long Steel

,
,

j~
,
,----------

Two-Way Shear Surface

(a)

Outer
Zone

. Figure 9.16 Structural design of rectangu

lar footings: (a) critical shear surfaces: (b)

long steel and shon steel: (c) distribution of
short steel.
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Connections with Columns

Continuous footings
Longitudinal reinforcement

• Minimum two #4 bars (metric #13)
Lateral reinforcement

• If bottom of footing is completely within the zone of compression-no lateral
reinforcement required

• If bottom of footing extends beyond the zone of compression-as determined
by a flexural analysis, but at least #4 @ 18 in o.c. (metric #13 @ 500 mm o.c.)

This minimum reinforcement helps accommodate unanticipated stresses, temperature and
shrinkage stresses. and other phenomena.

Columns may be made of concrete, masonry, steel, or wood, and each has its own con
cerns when designing connections.

CONNECTIONS ~H THE SUPERSTRUCTURE

One last design feature that needs to be addressed is the connection between the footing and
the superstructure. Connections are often the weak link in structures, so this portion of the
design must be done carefully. A variety of connection types are available, each intended for
particular construction materials and loading conditions. The design of proper connections
is especially important when significant seismic or wind loads are present (Dowrick, 1987).

Connections are designed using either ASD (with the unfactored loads) or LRFD
(with the factored loads) depending on the design method used in the superstructure.

9.10

(a)

Transverse Reinforcement

(b)
Concrete or Masonry Columns

Connect concrete or masonry columns to their footing [ACI 15.8] using dowels, as shown
in Figure 9.18. These dowels are simply pieces of reinforcing bars that transmit axial,
shear, and moment loads. Use at least four dowels with a total area of steel, A" at least
equal to that of the column steel or 0.005 times the cross-sectional area of the column,
whichever is greater. They may not be larger than #11 bars [ACI 15.8.2.3] and must have
a 90° hook at the bottom. Normally, the number of dowels is equal to the number of verti
cal bars in the column.

(c)

Figure 9.17 Structural design of combined footings: (a) idealized beam strips: (b) longi

tudinal beam strip; (c) transverse beam strip (Adapted from MacGregor. 1996).

Design for Compressive Loads

Check the bearing strength of the footing [ACI 10.17] to verify that it is able to support
the axial column load. This is especially likely to be a concern if the column carries large
compressive stresses that might cause something comparable to a bearing capacity failure
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Wall Sleel

L:.tp Joinl

Do~'l'I

;
Figure 9.18 Use of dowels to connect a concrete or masonry column to its fooling.
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[ I. c+ 4" .1• B •..i

c+4c1
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inside the footing. To check this possibility, compute the factored column load, P", and
compare it to the nominal column bearing capacity, P'd':

I P"" = 0.85f:AI si

Then, determine whether the following statement is true:

I P,,:s <pp",,1

(9.23)

(9.24) Figure 9.19 Application of a frustrum to

find s and A,.

2 , "2

, I,V '~2""~~-----------------------------~

c+ 4"

~AI ~A~

J"

If Equation 9.24 is not satisfied, use a higher strength concrete (greater f;') in the
footing or design the dowels as compression steel.

If the column imparts moment loads onto the footing, then some of the dowels will be in
tension. Therefore, the dowels must be embedded at least one development length into the
footing, as shown in Figure 9.20 and defined by the following equations [ACI 12.5]:

Where:

P" = factored column load

P"" = nominal column bearing capacity (i.e., bearing of column on top of foot
ing)

fe' = 28-day compressive strength of concrete

s = (A:lA 1)°5 ::; 2 if the frustum in Figure 9.19 fits entirely within the footing
(i.e., if c + 4d ::;B)

s = I if the frustum in Figure 9.19 does not fit entirely within the footing

A I = cross-sectional area of the column = c1

A1 = (c + 4d)1 as shown in Figure 9.19
c = column width or diameter

<jl = resistance factor = 0.7 [ACI 9.3.2.4]

iJ

Design for Moment Loads

1200 d"

id" = Vi: (9.25 English)
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or 3 in

Figure 9.20 Minimum required embed

ment of dowels subjected to tension.

1 -

T

100 d"

id" = Vi:

12 dh

(9.25 SI)

~

As long as the number and size of dowels are at least as large as the vertical steel in
the column, then they will have sufficient capacity to carry the moment loads.

Design for Shear Loads

If the column also imparts a shear load, V,,, onto the footing, the connection must be able
to transmit this load. Since the footing and column are poured separately, there is a weak
shear plane along the cold joint. Therefore, the dowels must transmit all of the applied
shear load. The minimum required dowel steel area is:

(9.26)

Where:

A, = minimum required dowel steel area

Vu = applied factored shear load

<I> = 0.85 for shear

f...= yield strength of reinforcing steel

Jl = 0.6 if the cold joint not intentionally roughened or 1.0 if the cold joint is
roughened by heavy raking or grooving [ACI 11.7.4.3]

However, the ultimate shear load, Vu, cannot exceed 0.2 <l>t.'A,., where t.' is the compres
sive strength of the column concrete, and A, is the cross-sectional area of the column.

Where:

T = footing thickness (in, mm)

id" = development length for 90° hooks, as defined in Figure 9.20 (in, mm)

d" = bar diameter (in, mm)

fe' = 28-day compressive strength of concrete (lb/in", MPa)

The development length computed from Equation 9.25 may be modified by the following
factors [ACI 12.5.3]1 :

For standard reinforcing bars with yield strength other than 60,000 Ib/in" :f../60,OOO

For metric reinforcing bars with yield strength other than 420 Ib/in" :fJ420

If at least 50 mm (2 in) of cover is present beyond the end of the hook: 0.7

Sometimes this development length requirement will dictate a footing thickness T greater
than that required for shear (as computed earlier in this chapter).

'This list only includes modification factors that are applicable to anchorage of vertical steel in retaining wall

footings. ACI 12.5.3 includes additional modification factors that apply to other situations.

1

Splices

Most designs use a lap splice to connect the dowels and the vertical column steel. How
ever, some columns have failed in the vicinity of these splices during earthquakes, as
shown in Figure 9.21. Therefore, current codes require much more spiral reinforcement in
columns subjected to seismic loads. In addition, some structures with large moment loads,
such as certain highway bridges, require mechanical splices or welded splices to connect
the dowels and the column steel.

Steel Columns

Steel columns are connected to their foundations using base plates and anchor bolts, as
shown in Figure 9.22. The base plates are welded to the bottom of the columns when they
are fabricated, and the anchor bolts are cast into the foundation when the concrete is
placed. The column is then erected over the foundation, and the anchor bolts are fit
through predrilled holes in the base plate.

The top of the footing is very rough and not necessarily level, so the contractor must
use special construction methods to provide uniform support for the b.ase plate and to
make the column plumb. For traffic signal poles, light standards, and other lightweight
columns, the most common method is to provide a nut above and below the base plate, as
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figure 9.23 Methods of Ieveling lhe hase plate: al Douhle nulS, bl Blocks and shims.

shown in Figure 9.23a, and adjust these nuts as needed to make the column plumb. How
ever, columns for buildings, bridges, and other large structures are generally too heavy for
this method, so the contractor must temporarily support the base plate on steel blocks and
shims, and clamp it down with a single nut on each anchor bolt, as shown in Figure 9.23b.
These shims are carefully selected to produce a level base plate and a plumb column.
Other construction methods also have been used.

Once the column is securely in place and the various members that frame into it
have been erected, the contractor places a nonshrink grout between the base plate and the
footing. This grout swells slightly when it cures (as compared to normal grout, which
shrinks), thus maintaining continuous support for the base plate. The structural loads from
the column are then transmitted to the footing as follows:

Ih)la)

Figure 9.21 Imperial County Services Building, El Centra, California. The hases of

these columns failed during the 1979 El Centra earthquake. causing the building to sag
ahout 300 ml11. As a result. this six-story building had to he demolished. (U.S. Geological

Survey photo)

Figure 9.22 Base plate and anchor bolts to
connect Cl steel column to its found3tions.

Anchor Bolt
Embedded

in Concrete

• Compressive loads are spread over the base plate and transmitted through the grout
to the footing.

• Tensile loads pass through the base plate and are resisted by the anchor bolts.

• Moment loads are resisted by a combination of compression through the grout and
tension in half of the bolts.

• Shear loads are transmitted through the anchor bolts, through sliding friction along
the bottom of the base plate, or possibly both,

Design Principles

The base plate must be large enough to avoid exceeding the nominal bearing strength of
the concrete (see earlier discussion under concrete and masonry columns). In addition, it
must be thick enough to transmit the load from the column to the footing. The design of
base plates is beyond the scope of this book, but it is covered in most steel design texts
and in DeWolf and Ricker (1990).

1
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Anchor bolts can fail either by fracture of the bolts themselves, or by loss of anchor
age in the concrete. Steel is much more ductile than the concrete, and this ductility is im
portant, especially when wind or seismic loads are present. Therefore, anchor bolts should
be designed so the critical mode of failure is shear or tension of the bolt itself rather than
failure of the anchorage. In other words, the bolt should fail before the concrete fails.

The following methods may be used to design anchor bolts that satisfy this princi
ple. These methods are based on ACI and AISC requirements, but some building codes
may impose additional requirements, or specify different design techniques, so the engi
neer must check the applicable code.

Selection and Sizing of Anchor Bolts

• Proprietary anchor bolts are patented designs that often are intended for special ap
plications, principally with wood-frame structures.

• Drilled-in anchor bolts are used when a cast-in-place anchor bolt was not installed
during construction of the footing. They are constructed by drilling a hole in the con
crete, then embedding a threaded rod into the hole and anchoring it using either epoxy
grout or mechanical wedges. This is the most expensive of the five types and is usu
ally required only to rectify mistakes in the placement of conventional anchor bolts.

Most anchor bolts are made of steel that satisfies ASTM A36 or ASTM A307, both of
which have F, = 36 kJin" (250 MPa). However, higher strength steel may be used, if needed.

Each bolt must satisfy both of the following design criteria:

(9.27)

(9.28)

Ip" $ <l>p"l

I V" $ <l>V,,1

Where:

P" = factored tensile force based on AISC load factors (Equations 2.18-2.23)
expressed as a positive number

V" = factored shear force based on AISC load factors (Equations 2.18-2.23)
<I> = resistance factor

P" = nominal tensile capacity

V" = nominal shear capacity

Once the bolt diameter has been selected, the engineer must determine the required depth
of embedment into the concrete to provide the necessary anchorage. The required embed
ment depends on the type of anchor, the spacing between the anchors, the kind of loading,

In addition, the design must satisfy AISC requirements for interaction between shear and
tensile stresses. Figure 9.25 presents the shear and tensile capacities for ASTM A36 and
ASTM A307 bolts that satisfies Equations 9.27 and 9.28 and the interaction requirements,
and may be used to select the required diameter.

Typically four anchor bolts are used for each column. It is best to place them in a
square pattern to simplify construction and leave less opportunity for mistakes. Rectangu
lar or hexagonal patterns are more likely to be accidentally built with the wrong orienta
tion. More bolts and other patterns also may be used, if necessary.

If the design loads between the column and the footing consist solely of compres
sion, then anchor bolts are required only to resist erection loads, accidental collisions dur

ing erection, and unanticipated shear or tensile loads. The engineer might attempt to
estimate these loads and design accordingly, or simply select the bolts using engineering
judgement. Often these columns simply use the same anchor bolt design as nearby
columns, thus reducing the potential for mistakes during construction.

Anchorage

.-1

Drilled-in

Proprietary

Hooked Bar

Figure 9.24 Types of anchor bolts.

RodBolt

• Standard structural steel bolts may simply be embedded into the concrete to form
anchor bolts. These bolts are similar to those used in bolted steel connections, ex

cept they are much longer. Unfortunately, these bolts may not be easily available in
lengths greater than about 6 inches, so they often are not a practical choice.

• Structural steel rods that have been cut to length and threaded form anchor bolts
that are nearly identical to a standard steel bolts and have the advantage of being
more readily available. This is the most common type of anchor bolt for steel
columns. If one nut is used at the bottom of each rod, it should be tack welded to

prevent the rod from turning when the top nut is tightened. Alternatively, two nuts
may be used.

• Hooked bars (also known as an L-bolts or a I-bolts) are specially fabricated fasten
ers made for this purpose. These are principally used for wood-frame structures,
and are generally suitable for steel structures only when no tensile or shear loads are
present.

Five types of anchor bolts are available, as shown in Figure 9.24:
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40

A307 or A36 Steel Anchor BoilS

Figure 9.25 AISC tensile and shear capacities of A36 and A307 anchor bolts.
(9.29)

<l> V" = <l> f.l.P

= (0.90)(0.55) P

= 0.50P

Some engineers rely on both sources of shear resistance, while others rely only on one or
the other.

When transferring shear loads through the anchor bolts. the engineer must recog
nize that the bolt holes in the base plate are oversized in order to simplify the erection of
the column onto the footing. As a result. the resulting gap between the bolts and the base
plate does not allow for etficient transfer of the shear loads. The base plate may need to
move laterally before touching the bolts. and most likely only some of the bolts will be
come fully engaged with the plate. Therefore. when using this mode of shear transfer. it is
probably prudent to assume the shear load is carried by only half of the bolts.

So long as the grout has been carefully installed between the base plate and the
footing. and the base plate has not been installed using the double nut method as shown in
Figure 9.23a. there will be sliding friction along the bottom of the base plate. AISC rec
ommends using a coefficient of friction of 0.55 for conventional base plates. such as that
shown in Figure 9.23b, and the resistance factor. <1>, is 0.90. Thus. the available sliding
friction resistance. <I> V"' is:

60504030

$J:l-Tension (k)

2010

0,
o

10

30

~ 20"
e-

and the strength of the concrete. In addition, the bolt must be located at least a minimum
horizontal distance from the edge of the concrete. Table 9.3 presents conservative design
values for embedment depth and edge distance. Alternatively, the engineer may use the
more refined procedure described by Marsh and Burdette (1985).

Shear Transfer

The value of P in Equation 9.29 should be the lowest unfactored normal load obtained

from Equations 2.1 to 2.4. Usually Equation 2.1 governs, except when uplift wind or seis
mic loads are present, as described in Equation 2.4. It is good practice to ignore any nor
mal stress produced by live loads or the clamping forces from the nuts.

Sometimes short vertical fins are welded to the bottom of the base plate to improve
shear transfer to the grout. These fins may justify raising the coefficient of friction to 0.7.

Shear forces may be transferred from the base plate to the foundation in two ways: Example 9.3

• Through shear in the anchor bolts

• By sliding friction along the bottom of the base plate

A steel wide flangecolumn with a steel base plate is to be supponed on a spread footing. The
AISe factoreddesign loads are: P" = 270 k compressionand M" = 200 ft-k. Design an anchor
bolt system for this column using four bolts arranged in a 15xl5 inch square.

TABLE 9.3 ANCHORAGE REQUIREMENTS FOR BOLTS AND THREADED RODS

(Shipp and Haninger, 1983) Copyright © American Institute of Steel Construction.
Reprinted with permission.

Solution

Reduce the applied loads to a couple separated by 15in:

Steel Grade

A307, A36

A325. A449

MinimumEmbedment Depth

12d

17 d

MinimumEdge Distance

5d or lOOmm (4 in), whicheveris greater

7d or lOOmm (4 in), whicheveris greater

270 k 200 ft-k

P = ~2- ± (15/12) ft

= 135 ± 160 k

d = nominal bolt diameter There are two bolts on each side. so the maximum tensile force in each bolt is:
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135 - 160 = 12.5 k tension
p= 2

-
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Wood columns, often called posts, usually carry light loads and require relatively simple
connections. The most common type is a metal bracket, as shown in Figure 9.26. These
are set in the wet concrete immediately after it is poured. The manufacturers deter
mine the allowable loads and tabulate them in their catalogs (for example. see www.

strongtie.com).
It is poor practice to simply embed a wooden post into the footing. Although at first

this would be a very strong connection, in time the wood will rot and become weakened.

The shear force is zero.

Per Figure 9.25. use 3/4 inch bolts.

The depth of embedment should be (12)(0.75) = 9 in.

Use four 3/4 inch diameter x 13 inch long A36 threaded rods
embedded 9 inches into the footing. Firmly tighten two nuts
at the bottom of each rod.

Wood Columns

~Answer

The connection between a concrete or masonry wall and its footing is a simple one. Sim
ply extend the vertical wall steel into the footing [ACI 15.8.2.2], as shown in Figure 9.27.
For construction convenience, design this steel with a lap joint immediately above the
footing.

The design of vertical steel in concrete retaining walls is discussed in Chapter 24.
Design procedures for other walls are beyond the scope of this book.

Connect wood-frame walls to the footing using anchor bolts, as shown in
Figure 9.28. Normally, standard building code criteria govern the size and spacing of
these bolts. For example, the Unifonn Building Code (lCBO, 1997) specifies 1/2 in
(12 mm) nominal diameter bolts embedded at least 7 in (175 mm) into the concrete. It

also specifies bolt spacings of no more than 6 ft (1.8 m) on center.
Sometimes we must supply a higher capacity connection between wood frame walls

and footings, especially when large uplift loads are anticipated. Steel holdown brackets,
such as that shown in Figure 9.29, are useful for these situations.

Many older wood-frame buildings have inadequate connections between the struc
ture and its foundation. Figure 9.30 shows one such structure that literally fell off its foun
dation during the 1989 Loma Prieta Earthquake in Northern California.

Some wood-frame buildings have failed during earthquakes because the cripple
walls collapsed. These are short wood-frame walls that connect the foundation to the
floor. They may be retrofitted by installing plywood shear panels or by using diagonal
steel bracing (Shepherd and Delos-Santos, 1991).

CB

V Column Steel

V Dowel"

'" " ,,'"

Aexural Steel

r

Figure 9.26 Steel post base for securing a wood post to a spread footing (Simpson

Strong-Tie Co .. Inc.) .

.-1

Figure 9.27 Connection between a concrete or masonry wall and its footing.
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Slah-on-Gr<ldt.:: F]()or

Anchor Bolt

Footing

Woou Stuu Wall

1150mml

Figure 9.30 HOWiL' that separated fmlll its foundation Juring the 1999 Lama Prieta
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QUESTIONS AND PRACTICE PROBLEMS

Figure 9.28 Use of anchor bolts to connect a wood-frame wall to a continuous fOOling.

Figure 9.1<) l' '" of steel holdown bracket

to connect ,1 \\\','d-frJme wall with large up

lift flll\:l' (1,1.\ :-'\"lIllg ISimpson Strong-Tie
Co .. In\"'.1.
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9.11 An I8-inch square concrete column catries dead and live compressive loads of 240 and 220 k.
respectively. It is to be supported on a 8 ft wide 12 ft long rectangular spread footing. Select
appropriate values for f' and f. then determine the required footing thickness and design the
tlexural reinforcing steel. Show the results of your design in a sketch.

9.12 The column described in Problem 9.11 is reinforced with 6 #8 bars. Design the dowels re

quired to connect it with the footing. and show your design in a sketch.

9.13 A 400-mm diameter concrete column carrying a factored compressive load of 1500 kN is sup
ported on a 600-mm thick. 2500-mm-wide square spread footing. It is reinforced with eight
metric #19 bars. Using};' = 18 MPa and}; = 420 MPa. design the dowels for this connection.

9.14 A 24-inch square concrete column carries a facIOred compressive load of 900 k and a factored
shear load of 100 k. It is to be supported on a spread footing with};' = 3000 Ib/ft' and); = 60
klin'. The column is reinforced with twelve #9 bars. Design the dowels for this connection.

9.15 A steel column with a square base plate is to be supported on a spread footing. The AISC fac
tored design loads are: P" = 600 k compression and V"= !O5 k. Design an anchor bolt system
for this base plate and show your design in a sketch.
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Major Points

1. The plan dimensions and minimum embedment depth of a spread footing are gov
erned by geotechnical concerns, and are determined using the unfactored loads.

2. The thickness and reinforcement of a spread footing are governed by structural con
cerns. Structural design is governed by the ACI code, which means these analyses
are based on the factored load.

3. The structural design of spread footings must consider both shear and flexural fail
ure modes. A shear failure consists of the column or wall punching through the
footing, while a flexural failure occurs when the footing has insufficient cantilever
strength.

4. Since we do not wish to use stirrups (shear reinforcement), we conduct the shear
analysis first and select an effective depth, d, so the footing that provides enough
shear resistance in the concrete to resist the shear force induced by the applied load.
This analysis ignores the shear strength of the flexural steel.

5. Once the shear analysis is completed, we conduct a flexural analysis to determine
the amount of steel required to provide the needed flexural strength. Since d is
large, the required steel area will be small, and it is often governed by Pmin'

6. For square footings, use the same flexural steel in both directions. Thus, the footing
is reinforced twice.

7. For continuous footings, the lateral steel, if needed, is based on a flexural analysis.
Use nominal longitudinal steel to resist nonuniformities in the load and to accom
modate inconsistencies in the soil bearing pressure.

8. Design rectangular footings similar to square footings, but group a greater portion
of the short steel near the center.

9. Practical minimum dimensions will often govern the design of lightly loaded foot
ings.

10. The connection between the footing and the superstructure is very important. Use
dowels to connect concrete or masonry structures. For steel columns and wood
frame walls, use anchor bolts. For wood posts, use specially manufactured brackets.

Vocabulary

9.16 A 4oo-mm square concrete column reinforced with eight metric #19 bars carries vertical dead
and live loads of980 and 825 kN, respectively. It is to be supported on a 2.0 m x 3.5 m rectan

gular footing. The concrete in the footing will have /.' = 20 MPa and j; = 400 MPa. The build
ing will have a slab-on-grade floor. so the top of the footing must be at least 150 mm below

the finish floor elevation. Develop a complete structural design. including dowels. and show it
in a sketch.

9.17 A 12-in wide masonry wall carries dead and live loads of 5 klft and 8 kif!. respectively and is
reinforced with #6 bars at 24 inches on center. This wall is to be supported on a continuous

footing with!.' = 2000 lb/in' and}; = 60 klin'. The underlying soil has an allowable bearing
pressure of 3000 Iblft". Develop a complete structural design for this footing. including dow
els. and show your design in a sketch.

Anchor bolts

Critical section for

bending
Critical shear surface

Development length
Dowels

Effective depth
Factored load

Flexural failure

Minimum steel

One-way shear
Post base

Reinforcing bars
Shear failure

Two-way shear
Unfactored load

28-day compressive

strength

1
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The mere formulation of a problem is far more often essential than its
solution, which may be merely a matter of mathematical or experimental

skill. To raise new questions, new possibilities, to regard old problems
from a new angle requires creative imagination and marks real

advances in science.

Albert Einstein

The second type of shallow foundation is the mat foundation, as shown in Figure IO.!. A
mat is essentially a very large spread footing that usually encompasses the entire footprint
of the structure. They are also known as raft foundations.

Foundation engineers often consider mats when dealing with any of the following
conditions:

• The structural loads are so high or the soil conditions so poor that spread footings
would be exceptionally large. As a general rule of thumb, if spread footings would
cover more than about one-third of the building footprint area, a mat or some type
of deep foundation will probably be more economical.

• The soil is very erratic and prone to excessive differential settlements. The struc
tural continuity and flexural strength of a mat will bridge over these irregularities.
The same is true of mats on highly expansive soils prone to differential heaves.

• The structural loads are erratic, and thus increase the likelihood of excessive differ

ential settlements. Again, the structural continuity and flexural strength of the mat
will absorb these irregularities.

352

Figure 10.1 A mat foundation supported directly on soil.

Lateral loads are not uniformly distributed through the structure and thus may cause
differential horizontal movements in spread footings or pile caps. The continuity of
a mat will resist such movements. r

• The uplift loads are larger than spread footings can accommodate. The greater
weight and continuity of a mat may provide sufficient resistance .

• The bottom of the structure is located below the groundwater table, so waterproof
ing is an important concern. Because mats are monolithic, they are much easier to
waterproof. The weight of the mat also helps resist hydrostatic uplift forces from
the groundwater.

Many buildings are supported on mat foundations, as are silos, chimneys, and other
types of tower structures. Mats are also used to support storage tanks and large machines.
Typically, the thickness, T, is 1 to 2 m (3-6 ft), so mats are massive structural elements.

The seventy five story Texas Commerce Tower in Houston is one of the largest mat
supported structures in the world. Its mat is 3 m (9ft 9 in) thick and is bottomed 19.2 m
(63ft) below the street level.

Although most mat foundations are directly supported on soil, sometimes engineers
use pile- or shaft-supported mats, as shown in Figure 10.2. These foundations are often
called piled rafts. and they are hybrid foundations that combine features of both mat and
deep foundations. Pile- and shaft-supported mats are discussed in Section 1!.9.
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Figure 10.2 A pile- or shaft-supported mat foundation. The deep foundations are not

necessarily distributed evenly across the mat.

Various methods have been used to design mat foundations. We will divide them
into two categories: Rigid methods and nonrigid methods.

10.1 RIGID METHODS

Figure 10.3 Bearing pressure distribution for rigid method.

Although this type of analysis is appropriate for spread footings, it does not accu
rately model mat foundations because the width-to-thickness ratio is much greater in
mats, and the assumption of rigidity is no longer valid. Portions of a mat beneath columns
and bearing walls settle more than the portions with less load, which means the bearing
pressure will be greater beneath the heavily-loaded zones, as shown in Figure 10.4. This
redistribution of bearing pressure is most pronounced when the ground is stiff compared
to the mat, as shown in Figure 10.5, but is present to some degree in all soils.

Because the rigid method does not consider this redistribution of bearing pressure, it
does not produce reliable estimates of the shears, moments, and deformations in the mat.
In addition, even if the mat was perfectly rigid, the simplified bearing pressure distribu
tions in Figure 10.3 are not correct-in reality, the bearing pressure is greater on the edges '-c

and smaller in the center than shown in this figure.

Figure 10.4 The rigid method assumes there are no flexural deflections in the mat. so

the distribution of soil bearing pressure is simple to define. However. these detlections are

important because they influence the bearing pressure distribution.

The simplest approach to structural design of mats is the rigid method (also known as the
conventional method or the conventional method of static equilibrium) (Teng, 1962). This
method assumes the mat is much more rigid than the underlying soils, which means any
distortions in the mat are too small to significantly impact the distribution of bearing pres
sure. Therefore, the magnitude and distribution of bearing pressure depends only on the
applied loads and the weight of the mat, and is either uniform across the bottom of the mat
(if the normal load acts through the centroid and no moment load is present) or varies lin
early across the mat (if eccentric or moment loads are present) as shown in Figure 10.3.
This is the same simplifying assumption used in the analysis of spread footings, as shown
in Figure 5.10e.

This simple distribution makes it easy to compute the flexural stresses and deflec
tions (differential settlements) in the mat. For analysis purposes, the mat becomes an in
verted and simply loaded two-way slab, which means the shears, moments, and
deflections may be easily computed using the principles of structural mechanics. The en
gineer can then select the appropriate mat thickness and reinforcement.

,
I
I

--1

rm
Rigid Mat

Soil

Bearing
Pressure tJI1JJI1IJID

Nonrigid Mat
(Exaggerated)
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Rock

Where:

k, = coefficient of subgrade reaction

q = bearing pressure
l) = settlement

(a)

Stiff
Soil

The coefficient k, has units of force per length cubed. Although we use the same units to
express unit weight, k, is not the same as the unit weight and they are not numerically
equal.

The interaction between the mat and the underlying soil may then be represented as
a "bed of springs," each with a stiffness k, per unit area, as shown in Figure 10.6. Portions
of the mat that experience more settlement produce more compression in the "springs,"
which represents the higher bearing pressure, whereas portions that settle less do not com
press the springs as far and thus have less bearing pressure. The sum of these spring
forces must equal the applied structural loads plus the weight of the mat:

(b)

LP + Wr - Uf) = J qdA = J l) k, dA (10.2)

Figure 10.5 Distribution of bearing pres
sure under a mat foundation; (a) on bedrock

or very hard soil; (b) on stiff soil; (c) on soft

soil (Adapted from Teng, 1962).

~///////}///////////W-
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(c)

Where:

LP = sum of structural loads acting on the mat

Wr = weight of the mat

Coefficient of Subgrade Reaction

Because nonrigid methods consider the effects of local mat deformations on the distribu
tion of bearing pressure, we need to define the relationship between settlement and bear
ing pressure. This is usually done using the coefficient of subgrade reaction, ks (also
known as the modulus of subgrade reaction, or the subgrade modulus):

We overcome the inaccuracies of the rigid method by using analyses that consider defor
mations in the mat and their influence on the bearing pressure distribution. These are
called non rigid methods, and produce more accurate values of mat deformations and
stresses. Unfortunately, nonrigid analyses also are more difficult to implement because
they require consideration of soil-structure interaction and because the bearing pressure
distribution is not as simple.

Figure 10.6 The coefficient of subgrade reaction forms the basis for a "bed of springs"
analogy to model the soil-structure interaction in mat foundations.

(10.1)Ik, = ~I

10.2 NONRIGID METHODS



The next step up from a Winkler analysis is to use a coupled method, which uses addi
tional springs as shown in Figure 10.9. This way the vertical springs no longer act inde
pendently, and the uniformly loaded mat of Figure 10.8 exhibits the desired dish shape. In
principle, this approach is more accurate than the Winkler method, but it is not clear how

to select the k, values for the coupling springs, and it may be necessary to develop custom
software to implement this analysis.

~~~~~~~

~
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Un = pore water pressure along base of the mat

q = bearing pressure between mat and soil
A = mat-soil contact area

o = settlement at a point on the mat

This method of describing bearing pressure is called a soil-structure interaction
analysis because the bearing pressure depends on the mat deformations, and the mat de
formations depend on the bearing pressure.

Winkler Method

The "bed of springs" model is used to compute the shears, moments, and deformations in
the mat, which then become the basis for developing a structural design. The earliest use
of these "springs" to represent the interaction between soil and foundations has been at
tributed to Winkler (1867), so the analytical model is sometimes called a Winkler founda
tion or the Winkler method. It also is known as a beam on elastic foundation analysis.

In its classical form the Winkler method assumes each "spring" is linear and acts in
dependently from the others, and that all of the springs have the same k,. This representa
tion has the desired effect of increasing the bearing pressure beneath the columns, and
thus is a significant improvement over the rigid method. However, it is still only a coarse
representation of the true interaction between mats and soil (Hain and Lee, 1974; Hor
vath, 1983), and suffers from many problems, including the following:

1. The load-settlement behavior of soil is nonlinear, so the k, value must represent
some equivalent linear function, as shown in Figure 10.7.

2. According to this analysis, a uniformly loaded mat underlain by a perfectly uniform
soil, as shown in Figure 10.8, will settle uniformly into the soil (i.e., there will be no
differential settlement) and all of the "springs" will be equally compressed. In real
ity, the settlement at the center of such a mat will be greater than that along the
edges, as discussed in Chapter 7. This is because the 6.CT: values in the soil are
greater beneath the center.

3. The "springs" should not act independently. In reality, the bearing pressure induced
at one point on the mat influences more than just the nearest spring.

4. Primarily because of items 2 and 3, there is no single value of k, that truly repre
sents the interaction between soil and a mat.

10.2 Nonrigid Methods
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Figure to.8 Settlement of a uniformly-loaded mat on a uniform soil: (a) per Winkler
analysis. (b) actual.

Items 2 and 3 are the primary sources of error, and this error is potentially unconser
vative (i.e., the shears, moments, and deflections in the mat may be greater than those pre
dicted by Winkler). The heart of these problems is the use of independent springs in the
Winkler model. In reality, a load at one point on the mat induces settlement both at that
point and in the adjacent parts of the mat, which is why a uniformly mat exhibits dish
shaped settlement, not the uniform settlement pre!iicted by Winkler.

J
PerWinkler Actual
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FiKure 10.9 ModeJing of soil-struclUre inleraction using coupled springs.
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Pseudo-Coupled Method

The pseudo-coupled method (Liao, 1991; Horvath, 1993) is an attempt to overcome the
lack of coupling in the Winkler method while avoiding the difficulties of the coupled
method. It does so by using "springs" that act independently, but have different k, values

depending on their location on the mat. To properly model the real response of a uniform
soil, the "springs" along the perimeter of the mat should be stiffer than those in the center,
thus producing the desired dish-shaped deformation in a uniformly-loaded mat. If concen
trated loads, such as those from columns, also are present, the resulting mat deformations
are automatically superimposed on the dish-shape.

Model studies indicale that reasonable results are obtained when k, values along the

perimeter of the mat are about twice those in the center (ACI, 1993). We can implement
this in a variety of ways, including the following:

1. Divide the mat into two or more concentric zones, as shown in Figure 10.10. The
innermost zone should be about half as wide and half as long as the mat.

2. Assign a k, value to each zone. These values should progressively increase from the
center such that the outermost zone has a k, about twice as large at the innermost

zone. Example 10.1 illustrates this technique.

3. Evaluate the shears, moments, and deformations in the mat using the Winkler "bed

of springs" analysis, as discussed later in this chapter.

4. Adjust the mat thickness and reinforcement as needed to satisfy strength and ser
viceability requirements.

ACI (1993) found the pseudo-coupled method produced computed moments 18 to

25 percent higher than those determined from the Winkler method, which is an indication
of how unconservative Winker can be.

Most commercial mat design software uses the Winkler method to represent the
soil-structure interaction, and these software packages usually can accommodate the

I

J

Zone A

k, = 50 Ib/in'

Zone B

k, = 75 Iblin'

Zone C

k, = 100 Ib/in'

FiKure to.IO A lypical mal divided inlo zones for a pseudo-coupled analysis. Tbe coef

ficient of suhgradc real.'tioll. k,. progressively increases from the innermost zone to the
outermost lone.

pseudo-coupled method. Given the current state of technology and software availability,
this is probably the most practical approach to designing most mat foundations.

Multiple-Parameter Method

Another way of representing soil-structure interaction is to use the multiple parameter
method (Horvath, 1993). This method replaces the independently-acting linear springs of
the Winkler method (a single-parameter model) with springs and other mechanical ele
ments (a multiple-parameter model). These additional elements define the coupling effects.

The multiple-parameter method bypasses the guesswork involved in distributing the
k, values in the psuedo-coupled me!hod because coupling effects are inherently incorpo
rated into the model, and thus should be more accurate. However, it has not yet been im
plemented into readily-available software packages. Therefore, this method is not yet
ready to be used on routine projects.

Finite Element Method

All of the methods discussed thus far attempt to model a three-dimensional soil by a series
of one-dimensional springs. They do so in order to make the problem simple enough to
perform the structural analysis. An alternative method would be to use a three-dimensional
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mathematical model of both the mat and the soil, or perhaps the mat, soil, and superstruc

ture. This can be accomplished using theftnite element method.
This analysis method divides the soil into a network of small elements, each with

defined engineering properties and each connected to the adjacent elements in a specified
way. The structural and gravitational loads are then applied and the elements are stressed
and deformed accordingly. This. in principle. should be an accurate representation of the
mat, and should facilitate a precise and economical design.

Unfortunately, such analyses are not yet practical for routine design problems be
cause:

1. A three-dimensional finite element model requires tens of thousands or perhaps
hundreds of thousands of elements, and thus place corresponding demands on com

puter resources. few engineers have access to computers that can accommodate
such intensive analyses.

2. It is difficult to determine the required soil properties with enough precision, espe

cially at sites where the soils are highly variable. In other words, the analysis
method far outweighs our ability to input accurate parameters.

Nevertheless, this approach may become more usable in the future, especially as increas
ingly powerful computers become more widely available.

This method should not be confused with structural analysis methods that use two
dimensional finite elements to model the mat and WinkleI' springs to model the soil. Such

methods require far less computational resources, and are widely used. We will discuss
this use of finite element analyses in Section lOA.

10.3 DETERMINING THE COEFFICIENT OF SUBGRADE REACTION

Most mat foundation designs are currently developed using either the Winkler method or
the pseudo-coupled method, both of which depend on our ability to define the coefficient
of subgrade reaction, k,. Unfortunately, this task is not as simple as it might first appear
because k, is not a fundamental soil property. Its magnitude also depends on many other
factors, including the following:

• The width of the loaded area-A wide mat will settle more than a narrow one

with the same q because it mobilizes the soil to a greater depth as shown in Fig
ure 8.2. Therefore, each has a different k,.

• The shape of the loaded area-The stresses below long narrow loaded areas are
different from those below square loaded areas as shown in Figure 7.2. Therefore, ks

will differ.

• The depth of the loaded area below the ground surface-At greater depths, the
change in stress in the soil due to q is a smaller percentage of the initial stress, so
the settlement is also smaller and k, is greater.

1

• The position on the mat-To model the soil accurately, k, needs to be larger near
the edges of the mat and smaller near the center.

• Time-Much of the settlement of mats on deep compressible soils will be due to
consolidation and thus may occur over a period of several years. Therefore, it may
be necessary to consider both short-term and long-term cases.

Actually, there is no single k, value, even if we could define these factors because
the q-S relationship is nonlinear and because neither method accounts for interaction be
tween the springs.

Engineers have tried various techniques of measuring or computing k,. Some rely
on plate load tests to measure k, in situ. However, the test results must be adjusted to com
pensate for the differences in width, shape, and depth of the plate and the mat. Terzaghi
(1955) proposed a series of correction factors, but the extrapolation from a small plate to a
mat is so great that these factors are not very reliable. Plate load tests also include the du
bious assumption that the soils within the shallow zone of influence below the plate are
comparable to those in the much deeper zone below the mat. Therefore, plate load tests
generally do not provide good estimates of k, for mat foundation design.

Others have used derived relationships between k, and the soil's modulus of elasti
city, E (Vesic and Saxena, 1970; Scott, 1981).Although these relationships provide some
insight, they too are limited.

Another method consists of computing the average mat settlement using the tech
niques described in Chapter 7 and expressing the results in the form of k, using Equation
10.1. If using the pseudo-coupled method, use k, values in the center of the mat that are
less than the computed value, and k, values along the perimeter that are greater. This
should be done in such a way that the perimeter values are twice the central values, and
the integral of all the values over the area of the mat is the same as the produce of the
original k, and the mat area. Example 10.1 describes this methodology.

Example 10.1

A structure is to be supported on a 30-m wide, 50-m long mat foundation.The averagebear
ing pressure is 120 kPa. According to a settlement analysis conducted using the techniques
described in Chapter 7, the average settlement, ll, will be 30 mm. Determine the design val
ues of k, to be used in a pseduo-coupledanalysis.

Solution

Compute averagek, using Equation 10.1:

q 120kPa = 4000 kN/m-'
(k.)", .• = 5 = 0.030 ID

Divide the mat into three zones, as shown in Figure lO.l!, with (k,lc = 2(k,.)Aand
(k,)B = 1.5(k,lA
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Figure 10.11 Mat foundation for Example 10.1.

Compute the area of each zone:

A, = (25 m)(15 m) = 375 m2

A{j = (37.5 m)(22.5 m) - (25 m)(15 m) = 469 m2

Ac = (50 m)(30 m) - (37.5 m)(22.5 m) = 656 m2

37.5 m

25 m

ZoncA

15 m22.5 In

Zone B

ZoneC

30 m

General Methodology

The structural design of mat foundations must satisfy both strength and serviceability re
quirements. This requires two separate analyses, as follows:

Step I: Evaluate the strength requirements using the factored loads (Equations 2.7
2.15) and LRFD design methods (which ACI calls ultimate strength design).
The mat must have a sufficient thickness, T, and reinforcement to safely resist
these loads. As with spread footings, T should be large enough that no shear re
inforcement is needed.

Step 2: Evaluate mat deformations (which is the primary serviceability requirement)
using the unfactored loads (Equations 2.1-2.4). These deformations are the re
sult of concentrated loading at the column locations, possible non-uniformities
in the mat, and variations in the soil stiffness. In effect, these deformations are

the equivalent of differential settlement. If they are excessive, then the mat must
be made stiffer by increasing its thickness.

Closed-Form Solutions

Compute the design k, values:

A, (k,)A + An (k,){j + Ac (k,)c = (A. + AB + Ac) (k,),,,,

375 (k,)A + 469 (1.5)(k,), + 656 (2)(k,)A = 1500 (k,L"

2390 (k,)A = 1500 (k,),,,,

(k,)A = 0.627 (k,),,,g

Because it is so difficult to develop accurate k,. values, it may be appropriate to con
duct a parametric studies to evaluate its effect on the mat design. ACI (1993) suggests
varying k, from one-half the computed value to five or ten times the computed value, and
basing the structural design on the worst case condition.

This wide range in k,. values will produce proportional changes in the computed
total settlement. However, we ignore these total settlement computations because they are
not reliable anyway, and compute it using the methods described in Chapter 7. These
changes in k,. have much less impact on the shears, moments, and deflections in the mat,
and thus have only a small impact on the structural design.

(k,)A = (0.627)(4000 kN/m-') = 2510 kN/m3

(k,)n = (1.,5)(0.627)(4000 kN/m-') = 3765 kN/m3

(k,)c = (2)(0.627)(4000 kN/m') = 5020 kN/m3

0(= Answer

0(= Answer

0(= Answer

---1

When the Winkler method is used (i.e., when all "springs" have the same k,.) and the
geometry of the problem can be represented in two-dimensions, it is possible to develop
closed-form solutions using the principles of structural mechanics (Scott, 1981; Hetenyi,
1974). These solutions produce values of shear, moment, and deflection at all points in
the idealized foundation. When the loading is complex, the principle of superposition may
be used to divide the problem into multiple simpler problems.

These closed-form solutions were once very popular, because they were the only
practical means of solving this problem. However, the advent and widespread availability
of powerful computers and the associated software now allows us to use other methods
that are more precise and more flexible.

Finite Element Method

Today, most mat foundations are designed with the aid of a computer using the finite ele
ment method (FEM). This method divides the mat into hundreds or perhaps thousands of
elements, as shown in Figure 10.12. Each element has certain defined dimensions, a spec
ified stiffness and strength (which may be defined in terms of concrete and steel proper
ties) and is connected to the adjacent elements in a specified way.

The mat elements are connected to the ground through a series of "springs," which
are defined using the coefficient of subgrade reaction. Typically, one spring is located at
each corner of each element.

The loads on the mat include the externally applied column loads, applied line loads,
applied area loads, and the weight of the mat itself. These loads press the mat downward,
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10.6 BEARING CAPACITY

Because of their large width, mat foundations on sands and gravels do not have bearing
capacity problems. However, bearing capacity might be important in silts and clays, espe
cially if undrained conditions prevail. The Fargo Grain Silo failure described in Chapter 6
is a notabl6 example of a bearing capacity failure in a saturated clay.

We can evaluate bearing capacity using the analysis techniques described in Chap
ter 6. It is good practice to design the mat so the bearing pressure at all points is less than
the allowable bearing capacity.

Plan

111ii111i1i1i"1'11
Prolile

Figure 10.12 Use of the finite elemeIll method to analyze mat foundations. The mat is

divided into a series of elements which arc connected in a specified IJ./ay. The elements

are connected to the ground through a "bed of springs."

and this downward movement is resisted by the soil "springs." These opposing forces,
along with the stiffness of the mat, can be evaluated simultaneously using matrix algebra,
which allows us to compute the stresses, strains, and distortions in the mat. If the results of
the analysis are not acceptable, the design is modified accordingly and reanalyzed.

This type of finite element analysis does not consider the stiffness of the superstruc
ture. In other words, it assumes the superstructure is perfectly flexible and offers no resis
tance to deformations in the mat. This is conservative.

The finite element analysis can be extended to include the superstructure, the mat,
and the underlying soil in a single three-dimensional finite element model. This method
would, in principle, be a more accurate model of the soil-structure system, and thus may
produce a more economical design. However, such analyses are substantially more com
plex and time-consuming, and it is very difficult to develop accurate soil properties for such
models. Therefore, these extended finite element analyses are rarely performed in practice.

10.5 TOTAL SETTLEMENT

The bed of springs analyses produce a computed total settlement. However, this value is
unreliable and should not be used for design. These analyses are useful only for comput
ing shears, moments, and deformations (differential settlements) in the mat. Total settle
ment should be computed using the methods described in Chapter 7.

----.-.-tIii...

SUMMARY

Major Points

1. Mat foundations are essentially large spread footings that usually encompass the en
tire footprint of a structure. They are often an appropriate choice for structures that
are too heavy for spread footings.

2. The analysis and design of mats must include an evaluation of the flexural stresses
and must provide sufficient flexural strength to resist these stresses.

3. The oldest and simplest method of analyzing mats is the rigid method. It assumes
that the mat is much more rigid than the underlying soil. which means the magnitude
and distribution of bearing pressure is easy to determine. This means the shears, mo
ment, and deformations in the mat are easily determined. However, this method is
not an accurate representation because the assumption of rigidity is not correct.

4. Nonrigid analyses are superior because they consider the flexural deflections in the
mat and the corresponding redistribution of the soil bearing pressure.

S. Nonrigid methods must include a definition of soil-structure interaction. This is

usually done using a "bed of springs" analogy, with each spring having a linear
force-displacement function as defined by the coefficient of subgrade reaction, k,.

6. The simplest and oldest nonrigid method is the Winkler method, which uses inde

pendent springs, all of which have the same k,. This method is an improvement over
rigid analyses, but still does not accurately model soil-structure interaction, primar
ily because it does not consider coupling effects.

7. The coupled method is an extension of the Winkler method that considers coupling
between the springs.

8. The pseudo-coupled method uses independent springs, but adjusts the k, values to
implicitly account for coupling effects.

9. The multiple parameter and finite element methods are more advanced ways of de
scribing soil-structure interaction.

10. The coefficient of subgrade reaction is difficult to determine. Fortunately, the mat
design is often not overly sensitive to global changes in k,. Parametric studies are
often appropriate.
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11. If the Winkler method is used to describe soil-structure interaction. and the mat

geometry is not too complex, the structural analysis may be performed using

closed-form solutions. However, these methods are generally considered obsolete.

12. Most structural analyses are performed using numerical methods, especially the fi
nite element method. This method uses finite elements to model the mat, and de

fines soil-structure interaction using the Winker or pseudo-coupled models. In

principle, it also could use the multiple parameter model.

13. A design could be based entirely on a three-dimensional finite element analysis that

includes the soil, mat, and superstructure. However, such analyses are beyond cur

rent practices, mostly because they are difficult to set up and require especially

powerful computers.

14. The total settlement is best determined using the methods described in Chapter 7.

Do not use the coefficient of subgrade reaction to determine total settlement.

15. Bearing capacity is not a problem with sands and gravels, but can be important in

silts and clays. It should be checked using the methods described in Chapter 6.

Vocabulary

10.5 A 25-m diameter cylindrical water storage tank is to be supported on a mat foundation. The

weight of the tank and its contents will be 50,000 kN and the weight of the mat will be
12.000 kN. According to a settlement analysis conducted using the techniques described in

Chapter 7. the total settlement will be 40 mm. The groundwater table is at a depth of 5 m
below the bottom of the mat. Using the pseudo-coupled method. divide the mat into zones and
compute k for each ZOlle.Then indicate the high-end and low-end values of k. that should be
used in the analysis.

10.6 An office building is to be supported on 150-ft x 300-ft mat foundation. The sum of the col

umn loads plus the weight of the mat will be 90.000 k. According to a settlement analysis con
ducted using the techniques described in Chapter 7. the total settlement will be 1.8 inches. The

groundwater table is at a depth of 10ft below the bottom of the mal. Using the pseudo
coupled method. divide the mat into zones and composite each zone. Then indicate the high
end and low-end valves of k, that should be used in the analysis.

Beam on elastic foundation

Bed of springs

Coefficient of subgrade

reaction

Coupled method

Finite element method

Mat foundation

Multiple parameter method

Nonrigid method

Pile-supported mat

Pseudo-coupled method

Raft foundation

Rigid method

Shaft-supported mat

Soil-structure interaction

Winkler method

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

10.1 Explain the reasoning behind the statement in Section 10.6: "Because of their large width, mat
foundations on sands and gravels do not have bearing capacity problems."

10.2 How has the development of powerful and inexpensive digital computers affected the analysis
and design of mat foundations? What changes do you expect in the future as this trend con
tinues?

10.3 A mat foundation supports forty rwo columns for a building. These columns are spaced on a
uniform grid pattern. How would the moments and differential settlements change if we used
a nonrigid analysis with a constant k, in lieu of a rigid analysis?

10.4 According to a settlement analysis conducted using the techniques described in Chapter 7, a
certain mat will have a total settlement of 2.1 inches if the average bearing pressure is
5500 lb/ft'. Compute the average k, and express your answer in units of Ib/in.1.

---'-
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Deep Foundations

For these reasons, Caesar determined to cross the Rhine, but a crossing
by means of boats seemed to him both too risky and beneath his dignity
as a Roman commander. Therefore, although construction of a bridge
presented very great difficulties on account of the breadth, depth and
swiftness of the stream, he decided that he must either attempt it or give
up the idea of a crossing. The method he adopted in building the bridge
was asfollows. He took a pair of piles afoot and a half thick, slightly
pointed at the lower ends and of a length adapted to the varying depth of
the river, and fastened them together two feet apart. These he lowered
into the river with appropriate tackle, placed them in position at right
angles to the bank, and drove them home with pile drivers, not vertically
as piles are generally fixed, but obliquely, inclined in the direction of the
current. Opposite these, forty feet lower down the river, another pair of
piles was planted, similarly fIXed together, and inclined in the opposite
direction to the current. The two pairs were then joined by a beam two
feet wide, whose ends fitted exactly into the spaces between the two piles
forming each pair ... A series of these piles and transverse beams was
carried right across the stream and connected by lengths of timber
running in the direction of the bridge ... Ten days after the collection of
the timber had begun, the work was completed and the army crossed
over.

From The Conquest of Gaul. translated by S.A. Handford, revised by Jane F. Gardner
(Penguin Classics 1951. 1982) copyright © The Estate of SA Handford, 1951, revisions

copyright © Jane F. Gardner, 1982). Used with permission.
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Engineers prefer to use spread footings wherever possible, because they are simple and
inexpensive to build. However, we often encounter situations where spread footings are
not the best choice. Examples include the following:

• The upper soils are so weak and/or the structural loads so high that spread footings
would be too large. A good rule-of-thumb for buildings is that spread footings cease
to be economical when the total plan area of the footings exceeds about one-third of
the building footprint area.

• The upper soils are subject to scour or undermining. This would be especially im
portant with foundations for bridges.

• The foundation must penetrate through water. such as those for a pier.

• A large uplift capacity is required (the uplift capacity of a spread footing is limited
to its dead weight).

• A large lateral load capacity is required.

• There will be a future excavation adjacent to the foundation. and this excavation
would undermine shallow foundations.

In some of these circumstances. a mat foundation may be appropriate. but the most com
mon alternative to spread footings is some type of deep foundation.

A deep foundation is one that transmits some or all of the applied load to soils well
below the ground surface, as shown in Figure 11.1. These foundations typically extend to
depths on the order of 15 m (50 ft) below the ground surface, but they can be much
longer, perhaps extending as deep as 45 m (150 ft). Even greater lengths have been used
in some offshore structures, such as oil drilling platforms. Since soils usually improve
with depth, and this method mobilizes a larger volume of soil, deep foundations are often
able to carry very large 10!lds.

11.1 Types of Deep Foundations and Definitions

Figure H.l Deep foundations transfer

most of the applied structural loads to

deeper soi I strata.

Spread
Footing

I. B .1

Deep
Foundation

D
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Shallow
Soils

Deep
Soils

11.1 TYPES OF DEEP FOUNDATIONS AND DEFINITIONS

Engineers and contractors have developed many types of deep foundations, each of which
is best suited to certain loading and soil conditions. Unfortunately, people use many dif
ferent names to identify these designs. Different individuals often use the same terms to
mean different things and different terms to mean the same thing. This confusion reigns in
both verbal and written communications, and is often the source of misunderstanding, es
pecially to the newcomer. This book uses terms that appear to be most commonly used
and understood. This classification system is based primarily on the methods of construc
tion, as follows:

• Piles are constructed by prefabricating slender prefabricated members and driving
or otherwise forcing them into the ground.

• Drilled shafts are constructed by drilling a slender cylindrical hole into the ground,
inserting reinforcing steel, and filling it with concrete.

• Caissons are prefabricated boxes or cylinders that are sunk into the ground to some
desired depth, then filled with concrete. Some engineers use the term "caisson" to

,.---L

describe drilled shafts, so this is one of the more confusing terms in foundation en
gineering.

• Mandrel-driven thin shells filled with concrete consist of thin corrugated steel shells
that are driven into the ground using a mandrel, then filled with concrete.

• Auger-cast piles are constructed by drilling a slender cylindrical hole into the
ground using a hollow-stem auger, then pumping grout through the auger while it is
slowly retracted.

• Pressure-injected footings use cast-in-place concrete that is rammed into the soil
using a drop hammer.

• Anchors include several different kinds of deep foundations that are specifically de
signed to resist uplift loads.

The vast majority of deep foundation designs use one of these seven types. Other types
also are available, but they are not often used and are beyond the scope of this book.

The various parts of deep foundations also have different names, which is another

source of confusion (Fellenius, 1996). The upper end has many names, including "top,"
"butt," and "head," while those for the lower end include "tip," "toe," "base," "end,"
"point," and "bottom." Many of these terms can easily be misunderstood. We will use the
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Figure 11.2 Parts of a deep foundation (a) straight foundations: (b) tapered foundations;

(c) foundations with an enlarged base.

terms head and toe, as shown in Figure 11.2a, because they appear to have the least poten
tial for confusion. These terms also are easy to remember by simply comparing the pile to
a human body.

The exterior surface along the side of deep foundations is usually called the "side"
or the "skin," either of which is generally acceptable. We will use the term side.

Most deep foundations are straight, which means the cross section is constant with
depth, but some are tapered, as shown in Figure 11.2b. Others include an enlarged base,
as shown in Figure 11.2c. The axis is a line through the center of the foundation and is
parallel to its longest dimension.

11.2 lOAD TRANSFER

To properly select and design deep foundations, we need to understand how they transfer
structural loads into the ground. These load-transfer mechanisms depend on the type of
load being imposed, so it is convenient to divide structural loads into two categories:

• Axial loads are applied tensile or compressive loads that act parallel to the axis of
the foundation, as shown in Figures II.3a and 11.3b. These loads induce either ten
sion or compression in the foundation, but no flexure. If the foundation is vertical,
then the axial load is equal to the vertical applied load.

Figure 11.3 Transfer of structural loads from a deep foundation into the ground: (a)
axial compressive loads: (b) axial tension loads: (c) lateral loads.

• Lateral loads are those that act perpendicular to the axis of the foundation, as
shown in Figure II.3c. This category includes shear and moment loads, V and M.

Axial loads

An axial load may be either compressive (downward) or tensile (uplift). When it is com
pressive, deep foundations resist the load using both side friction resistance and toe bear
ing resistance, as shown in Figure 11.3a. However, when the load is tensile, the resistance

is caused by side friction and the weight of the foundation, as shown in Figure 11.3b. In
deep foundations with an enlarged base, uplift loads are also resisted by bearing along the
ceiling of the enlarged base.

lateral loads

Lateral loads produce both shear and moment in a deep foundation, as shown in Figure
11.3c. These shears and moments produce lateral deflections in the foundation, which in
turn mobilize lateral resistances in the adjacent soil. The magnitudes of these lateral de
flections and resistances, and the corresponding load-bearing capacity of the foundation
depend on the stiffness of both the soil and the foundation.
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11.3 PILES

The first type of deep foundation is a pile foundation, which consists of long, slender, pre
fabricated structural members driven or otherwise inserted into the ground. Engineers use

piles both on land and in the sea to support many kinds of structures. Piles are made from
a variety of materials and in different diameters and lengths according to the needs of
each project.

Although some engineers also use the word pile to describe certain types of
cast-in-place deep foundations, we will use it only to describe prefabricated deep founda
tions. Cast-in-place methods are discussed later in this chapter.

History

Mankind has used pile foundations for more than 2000 years. Alexander the Great drove
piles in the city of Tyre in 332 S.c., and the Romans used them extensively. Bridge
builders in China during the Han Dynasty (200 S.C.-A.D. 200) also used piles. These early
builders drove their piles into the ground using weights hoisted and dropped by hand
(Chellis, 1961). By the Middle Ages, builders used pulleys and leverage to raise heavier
weights.

Construction methods improved more quickly during the Industrial Revolution, es

pecially when steam power became available. Larger and more powerful equipment was
built, thus improving pile driving capabilities. These improvements continued throughout
the twentieth century.

Pile materials also have become better. The early piles were always made of wood,
and thus were limited in length and capacity. Fortunately, the advent of steel and rein
forced concrete in the 1890s enabled the construction of larger and stronger piles, and bet

ter driving equipment made it possible to install them. Without these improved
foundations, many of today's major structures would not have been possible.

Today, pile foundations can support very high loads, even in hostile environments.
Perhaps the most impressive are those for offshore oil drilling platforms. These are as
large as 10 ft (3 m) in diameter and must resist large lateral loads due to wind, wave, and
earthquake forces.

Types of Piles

Most piles are now made from wood, concrete, or steel. Each material has its advantages
and disadvantages and is best suited for certain applications. We must consider many fac
tors when selecting a pile type, including the following:

The applied loads-Some piles, such as timber, are best suited for low to medium
loads, whereas others, such as steel, may be most cost-effective for heavy loads.

The required diameter-Most pile types are available only in certain diameters .

• The required length-Highway shipping regulations and practical pile driver
heights generally limit the length of pile segments to about 18 m (60 ft). Therefore,

I
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longer piles must consist of multiple segments spliced together during driving.
Some types of piles are easily spliced, whereas others are not.

• The local availability of each pile type-Some pile types may be abundant in cer
tain geographic areas, whereas others may be scarce. This can significantly affect
the cost of each type.

• The durability of the pile material in a specific environment-Certain environ
ments may cause piles to deteriorate, as discussed in Chapter 2.

• The anticipated driving conditions-Some piles tolerate hard driving, while oth
ers are more likely to be damaged.

Timber Piles

Timber piles have been used for thousands of years and continue to be a good choice for
many applications. They are made from the trunks of straight trees and resemble tele
phone poles, as shown in Figure 11.4. Because trees are naturally tapered, these piles are
driven upside down, so the largest diameter is at the head, as shown in Figure 11.5.

Many different species of trees have been used to make timber piles. Today, most
new timber piles driven in North America are either Southern pine or Douglas fir because
these trees are tall and straight, and are abundant enough that the materials cost is low.
They typically have head diameters in the range of 150 to 450 mm (6-18 in) and lengths
between 6 and 20 m (20-60 ft), but greater lengths are sometimes available, up to 24 m
(80 ft) in Southern pine and 38 m (125 ft) in Douglas fir. The branches and bark must be
removed, and it is sometimes necessary to trim the pile slightly to give it a uniform taper.
ASTM D25 gives detailed specifications.

Figure 11.4 Groups of timber piles. Those in the foreground have been cut to the final

head elevation (National Timber Piling Council).
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Figure t 1.5 Typical timber pile.
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Toe

(in North America. generally north of 40 degrees latitude). piles with heavy creosote
treatment will usually remain serviceable for decades (ASCE. 1984). However. in warmer
waters. biological attack is more of a problem and other chemical treatments are usually
necessary. Even when treated. their usable life in such environments is often limited to
about ten years.

These piles are also susceptible to damage during driving. Repeated hard hammer
blows can cause splitti/1fi and brooll1illfi at the head and damage to the toe. It is often pos
sible to control these problems by:

• Using lightweight hammers with appropriate cushions between the hammer and the
pile

• Using steel bands near the butt (usually necessary only with Douglas fir)

• Using a steel shoe on the toe. as shown in Figure 11.6

• Predrilling (see discussion later in this section)

Nevertheless. evcn these measures are not always sufficient to prevent damage. There
fore. timber piles are best suitcd for light driving conditions. such as friction piles in loose
sands and soft to medium clays. They are usually not good for dense or hard soils or as
end bearing piles.

Steel Piles

By the 1890s. steel had become widely available and many structures were being built of
this new material. The usc of steel piling was a natural development. Today. steel piles
are very common. especially on projects that require high-capacity foundations.

Although it is possible to splice lengths of wood piling together to form longer
piles. this is a slow and time-consuming process that makes the piles much more expen
sive. Therefore. if longer piles are necessary. use some other material.

Most timber piles are designed to carry downward axial loads of 100 to 400 kN
(20-100 k). Their primary advantage is low construction cost. especially when suitable
trees are available nearby. They are often used on waterfront structures because of their
resistance to impact loads. such as those from ships.

When continually submerged. timber piles can have a very long life. For example.
when the Campanile in Venice fell in 1902, its timber piles. which were driven in A.D.

900. were found in good condition and were reused (Chellis. 1962). However. when
placed above the groundwater table. or in cyclic wetting conditions. timber piles are sus
ceptible to decay. as discussed in Chapter 2. Therefore, they are nearly always treated
with a preservative before installation.

When used in marine environments. timber piles are subject to attack from various
marine organisms as well as abrasion from vessels and floating debris. In cooler waters

Figure 11.6 Use of steel toe points to redw.:c damage to limber piles during driving (As

sociated Pile and Filling Corp.).
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Because of their high strength and ductility, steel piles can be driven through hard
soils and carry large loads. They also have the highest tensile strength of any major pile
type, so they are especially attractive for applications with large applied tensile loads.

Steel piles are easy to splice, so they are often a good choice when the required
length is greater than about 18 m (60 ft). The contractor simply drives the first section,
then welds on the next one, and continues driving. Special steel splicers can make this op
eration faster and more efficient. Hunt (1987) reported the case of a spliced steel pile
driven to the extraordinary depth of 210 m (700 ft). They are also easy to cut, which can
be important with end-bearing piles driven to irregular rock surfaces.

Steel piles have the disadvantages of being expensive to purchase and noisy to
drive. In certain environments, they may be subject to excessive corrosion, as discussed in
Chapter 2.

11.3 Piles

Fi~ure 11.l!

WF 12x72 HP 12x7~
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H-Piles

Special rolled steel sections, known as HP sections, or simply H-piles, are wade specifi
cally to be used as piles. These sections are similar to WF (wide flange) shapes as shown
in Figures 11.7 and 11.8. The primary difference is that the web is thinner than the flanges
in wide flange members, while they have equal thicknesses in H-piles. Dimensions and

Figure 11.7 A steel H-pile.

I

1

other relevant information for standard steel H-piles are iisted in Table 12.1. These piles
are typically 15 to 50 m (50-150 ft) long and carry working axial loads of 350 to 1800 kN
80--400 k.

H-piles are small displacement piles because they displace a relatively small vol
ume of soil as they are driven. This, combined with their high strength, make them an ex
cellent choice for hard driving conditions. They are often driven to bedrock and used as

end bearing piles. If the pile will encounter hard driving, it may be necessary to use a
hardened steel point to protect its toe, as shown in Figure 11.9.

Pipe Piles

Steel pipe sections are also commonly used as piles, as shown in Figure 11.10. They are
typically 200 to 1000 mm (8-36 in) in diameter, 30 to 50 m (100-150 ft) long, and carry
axial loads of 450 to 7000 kN (100-1500 k). A wide variety of diameters and wall thick
nesses are available, and some engineers have even reclaimed used steel pipelines and

Figure 11.9 Hardened steel point attached

to the toe of a steel H-pile to pro(~ct it dur

ing hard driving. {Associated Pile and Fit

ting Corp. I
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Figure 11.10 A In inch I-106mml diamc·
ter steel pipe rile.
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Fi~ure 11.11 These steel forms are used to manufacture prestressed concrete piles. The
prcslrcssing cahles. visible in the foreground. arc in place and have been subjected to a

tensile force. The spiral reinforcemenl also is in place. The next S[CP will be to fill the

forms \\-ith high quality con<.:retc. cover them with a tarp. and steam-cure them overnight.

The next Jay. the tension on the cahles will he released. then the piles will be removed

from the forms and allowed to cure.

Concrete Piles

385

used them as piles. Special sizes also can be manufactured as needed and pipe piles as
large as 3 m (10 ft) in diameter with 75 mm (3 in) wall thickness have been used in off
shore projects. Table 12.2 lists some of the more common sizes.

Pipe piles have a larger moment of inertia than H-piles. so they may be a better
choice if large lateral loads are present.

Pipe piles may be driven with a closed-end or with an open-end. A closed-end pipe
has a flat steel plate or a conical steel point welded to the toe. These are large displace
ment piles because they displace a large volume of soil. This increases the load capacity.
but makes them more difficult to drive. Conversely. an open-end pipe has nothing block

ing the toe and soil enters the pipe as it is being driven. The lower portion of small diame
ter open-end pipe piles usually becomes jammed with soil. thus forming a soil plug. Thus.
an open-end pipe pile displaces less soil than a closed-end one. but more than an H-pile.
Open-ended piles are primarily used in offshore construction.

Closed-end pipe piles can be inspected after driving because the inside is visible
from the ground surface. Thus. it is possible to check for integrity and alignment.

Special steel pipe piles are also available. such as the lI1onotube pile. which is ta
pered and has longitudinal flutes.

Concrete piles are precast reinforced concrete members driven into the ground. This cate
gory does not include techniques that involve casting the concrete in the ground; They are
covered later in this chapter.

Figure 11.11 shows steel molds used to manufacture precast prestressed concrete
piles. This is usually done at special manufacturing facilities, then shipped to the con
struction site. Figure 11.12 shows completed piles ready to be driven.

Concrete piles usually have a square or octagonal cross section. as shown in
Figure 11.13. although other shapes have been used (ACI, 1980). They are typically 250
to 600 mm (10-24 in) in diameter. 12 to 30 m (40-100 ft) long. and carry working axial
loads of 450 to 3500 kN (100-800 k). A few nearshore projects have been built using
much larger concrete piles.

Although conventionally-reinforced concrete piles were once common. prestressed
piles have almost completely replaced them. at least in North America. These improved
designs have much more flexural strength and are therefore less susceptible to damage
during handling and driving. Prestressing is usually a better choice than post-tensioning
because it allows piles to be cut. if necessary. without losing the prestress force.

Several methods are available to splice concrete piles. as shown in Figure 11.14.
Although these techniques are generally more expensive than those for splicing steel
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there is little, if any, usable increase in the downward load capacity because a pipe with
sufficient wall thickness to withstand the driving stresses will probably have enough ca
pacity to resist the applied downward loads. The net downward capacity may even be less
because of the additional weight of the concrete in the pile.

Void

Void

Fi~ure 11.13 Cross sections of typical concrete piles.

Square

Octagonal

B

I , B .1

Fi~ure 11.12 These l-l-inch (356 mm) square prestressed concrete piles are stacked in a

contractor's yard and are ready to be driven. The bars emerging from the end of these

piles are conventional rebars that have been embedded in the end of the pile (they are not
the reinforcing tendons). These rcbars arc used to structurally connect the pile with the

pile cap.

piles, they can be cost-effective in some situations. However, unlike steel, concrete piles
are difficult and expensive to cut. Therefore, they are best suited for use as friction piles
that do not meet refusal during driving (refusal means that the pile cannot be driven any
further, so it becomes necessary to cut off the upper portion) or as toe-bearing piles where

the required length is uniform and predictable.
Concrete piles do not tolerate hard driving conditions as well as steel, and are more

likely to be damaged during handling or driving. Nevertheless, concrete piles are very
popular because they are often less expensive than steel piles, yet still have a large load
capacity.

Composite Piles Plastic-Steel Composite Piles

A composite pile is one that uses two or more materials. For example, a steel pipe pile
filled with concrete. Normal concrete piles are not considered to be composite piles even

though they contain reinforcing steel.

Concrete-Filled Steel Pipe Piles

Sometimes steel pipe piles are filled with concrete after driving. These will have more up
lift capacity due to their greater weight, enhanced shear and moment capacity because of
the strength of the concrete, and a longer useful life in corrosive environments. However,

A plastic-steel composite pile consists of a steel pipe core surrounded by a plastic cover as
shown in Figure Il.lS, or steel rebars embedded in plastic. The plastic cover is typically
made of recycled material. thus making this design attractive from a resource conserva
tion perspective (Heinz, 1993).

Plastic-steel composite piles have been used successfully in waterfront applications
(see Figure 1l.l6), where their resistance to marine borers, decay, and abrasion along
with their higher strength make them superior to timber piles. Although the materials cost
for plastic-steel composites is higher, their longer life and resource conservation benefits
make them an attractive alternative to timber piles.
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Hollow Center

Recycled Plastic

Figure 11.15 Cross section of a typical plastic-steel composite pile.

Construction Methods and Equipment

Pile-Driving Rigs

The construction of deep foundations is much more complex than that of shallow founda
tions, and the construction methods have a much greater impact on their performance.
Therefore, design engineers must understand how contractors build pile foundations.

Piles are installed using a pile-driving rig (or simply the pile driver). Its function is to
raise and temporarily support the pile while it is being driven and to support the pile ham
mer. Early rigs were relatively crude, but modern pile drivers, such as the ones in Figures
11.l7 and 11.18. are much more powerful and flexible. Vertical tracks, called leads, guide
the hammer as the pile descends into the ground. Hydraulic or cable-operated actuators
allow the operator to move the leads into the desired alignment.
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Figure 11.14 Typical splices for concrete piles (PrecastlPrestressed Concrete Institute).

Hammers

The pile hammer is the device that provides the impacts necessary to drive the pile. Re
peated blows are necessary, so the hammer must be capable of cycling quickly. It also
must deliver sufficient energy to advance the pile, while not being powerful enough to
break it. The selection of a proper hammer is one of the keys to efficient pile driving.

---.l
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Drop Hammers

Figure 11.16 Installation of a plastic-steel composite pile in a watcrfrom application.

The existing piles are timber (Photo courtesy of Plastic Pilings. Inc.).
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The usual method of driving piles is by a succession of blows given by a heavy block of
wood or iron, called a ram. monkey or hammer. which is raised by a rope or chain. passed

over a pulley fixed at the top of an upright frame, and allowed to fall freely on the head of the
pile to be driven. The construction of a pile-driving machine is very simple. The guide frame

The original type of pile hammer was the drop hammer. They consisted of a weight that
was hoisted up, and then dropped directly onto the pile. These hammers became much
larger and heavier during the late nineteenth century as described by Powel! (1884):

Figure 11.17 A modern pile-driving rig (Raymond International Builders),

---L
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Fi!:ure I \.18 A modern pile driver. The
hammer is at the hottom of the leads. and the

predrilling auger is attached to the side of
the leads. The forklift on the left is used to

transport the piles to the rig.

is about the same in all of them: the important parts are the two upright timbers. which guide
the ram in its descent. The base of the framing is generally planked over and loaded with
stone. iron. or ballast of some kind. to balance the weight of the ram. The ram is usually of
cast-iron. with projecting tongue to fit the grooves of frame. Contractors have all sizes of
frames. and of different construction. to use with hand or steam power. from ten feet to sixty
feet in height. The height most in use is one of twenty feet. with about a twelve hundred
pound ram. In some places the old hand-power method has to be used to avoid the danger of
producingsettling in adjoining buildings fromjarring.

These hammers could deliver only about three to twelve blows per minute.
Drop hammers have since been replaced by more modem designs. They are now

rarely used in North America for foundation piles, but they are sometimes used to install
sheet piles. Drop hammers are effective for installing foundation piles in the very soft
clays of Scandinavia, and thus are still used there (Broms, 1981). Drop hammers also
form part of the pressure-injected/ooting process described in Section 11.8.

Steam, Pneumatic, and Hydraulic Hammers

New types of hammers began to appear in the late 1800s. These consisted of a self
contained unit with a ram, anvil. and raising mechanism, as shown in Figure 11.13. These
hammers had slightly larger weights, but much shorter strokes than the drop hammers.
For example, the "Nasmyth steam pile-drivers" of the 1880s had 1400 to 2300 kg
(3000-5000 lb) rams with a stroke of about 900 mm (3 ft). Although these hammers de
livered less energy per blow. they were more efficient because they cycled much more
rapidly (about 60 blows/min for the Nasmyth hammer).

The early self-contained hammers used steam to raise the ram. This steam was pro
duced by an on-site boiler. Steam hammers are still in use. Later. pneumatic hammers
(powered by compressed air) and hydraulic hammers (powered by high-pressure
hydraulic fluid) were introduced. The hydraulic hammers are becoming increasingly
popular.

All three types can be built as a single-acting hammer or as a double-acting ham
mer. Single acting hammers raise the ram by applying pressure to a piston. as shown in
Figure 11.19a. When the ram reaches the desired height. typically about 900 mm (3 ft), an
exhaust valve opens and the hammer drops by gravity and impacts the anvil. When com
pared to other types, this design is characterized by a low impact velocity and heavy ram

weights. These hammers have fixed strokes, which means each drop of the hammer deliv- •
ers the same amount of energy to the pile.

A double-acting hammer, shown in Figure 11.19b, uses pressure for both the up
ward and downward strokes, thus delivering a greater impact than would be possible by
gravity alone. The impact energy depends to some degree upon the applied pressure and
therefore can be controlled by the operator. These hammers usually have shorter strokes
and cycle more rapidly than single-acting hammers. Practical design limitations prevent
these hammers from delivering as much energy as comparable single-acting hammers, so
they are principally used for driving sheet piles.

A differential hammer, shown in Figure 11.19c. is similar to a double-acting ham
mer in that it uses air, steam, or hydraulic pressure to raise and lower the ram, but it dif
fers in that it has two pistons with differing cross-sectional areas. This allows differential
hammers to use the heavy rams of single-acting hammers and operate at the high speed
and with the controllability of double-acting hammers.

Steam and pneumatic differential hammers cycle slowly under soft driving condi
tions and faster as the penetration resistance increases. The reverse is true of hydraulic
hammers.

Diesel Hammers

A diesel hammer, shown in Figure 11.20. is similar to a diesel internal combustion en
gine. The ram falls from a high position and compresses the air in the cylinder below. At a
certain point in the stroke, diesel fuel is injected (in either atomized or liquid form) and
the air-fuel mixture is further compressed until the ram impacts the anvil. Combustion oc
curs about this time, forcing the ram up and allowing another cycle to begin.
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(b)

Diesel hammers are either of the open-top (single acting) or closed-top (double act
ing) type. The closed-top hammer includes a bounce chamber above the ram that causes

the hammer to operate with shorter strokes and at higher speeds than an open-top hammer
with an equivalent energy output.

The operator and field engineer can monitor the energy output of a diesel hammer
by noting the rise of the ram (in an open-top hammer) or the bounce chamber pressure (in
a closed-top hammer). Diesel hammers develop their maximum energy under hard
driving conditions and may be difficult to operate under soft conditions. which sometimes

Figure 11.20 Open-top diesel pile hammers. a) This hammer is at the hottom of thc leads. The

auger to the left is for predrilling. b) This hammer is in the process of driving a concrete pile. The

ram is Ilear the top of its stroke. and is visible at the top of the hammer (photo b courtesy ut' Gohle.
Rallsche. Likins. and Associates).
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occur early in the driving sequence, because of a lack of proper combustion or insufficient
hammer rebound. Once firm driving conditions are encountered, open-top hammers typi
cally deliver forty to fifty five blows per minute, while closed-top hammers typically de
liver about ninety blows per minute.

Although diesel hammers have been popular for many years, the exhaust is a source
of air pollution, so air quality regulations may restrict their use in some areas.

Vibratory Hammers

A vibratory hammer (Warrington, 1992) is not a hammer in the same sense as those dis
cussed earlier. It uses rotating eccentric weights to create vertical vibrations, as shown in
Figure] 1.21. When combined with a static weight, these vibrations force the pile into the
ground. The operating frequency of vibratory hammers may be as high as 150 Hz and can
be adjusted to resonate with the natura] frequency of the pile.

Vibratory hammers are most effective when used with piles being driven into sandy
soils. They operate more quickly and with less vibration and noise than conventional im
pact hammers. However. they are ineffective in clays or soils containing obstructions
such as boulders.

Figure 11.21 A vibratory pile hammer.

This hammer is extracting a steel pipe used

as a casing for a drilled shaft foundation
(ADSC: The International Association of

Foundation Drilling).

Appurtenances

A pile-driving system also includes other components that are placed between the pile
hammer and the pile, as shown in Figure 11.22. The ram hits a steel striker plate. It then
transmits the impact energy through a IIll/llIner cushioll (also known as a caphlock) to a
drive head (also known as a drivc ClIp, hOllllct. hood, or hclmct). The drive head is placed
directly on the pile except for a concrete pile where a pilc c/lshioll is inserted between
them.

The cushions soften the sharp blow from the hammer by spreading it out over a
longer time. Ideally, they should do this without absorbing too much energy. Hammer
cushions do thi, to protect the hammer. and may consist of hardwood, or the more effi
cient man-made materials. Pile cushions. which are generally used only with concrete
piles. are intended to protect the pile. They are usually made of plywood.

The optimal selection of the pile hammer and appurtenances is part of the key to ef
ficient pile driying. Wave equation analyses, discussed in Chapter ]4, can be very useful
in this regard.

Ram

Pile Cushion (for Concrete Piles Only)

------!-- Pile

Fi~urc 11.22 Pih.>dri\'ing appurt.:n'-1I1cL'S.
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All piles are subject to damage during driving, especially in very hard ground or ground
that contains boulders. Figure 11.23 shows an example of pile damage. One way to re
duce the potential for damage and increase the contractor's production rate is to use
predrilling, jetting, or spudding.

Predrilling means drilling a vertical hole, and then driving the pile into this hole .
The diameter of the predrill hole must be less than that of the pile to assure tirm contact
with the soil. Predrilling also reduces the heave and lateral soil movement sometimes as
sociated with pile driving. The predrill hole does not necessarily need to extend for the
entire length of the pile.

To use jetting, the contractor pumps high-pressure water through a pipe to a nozzle
located at the pile tip. This loosens the soil in front of the pile, thus allowing it to advance
with very few or no hammer blows. Jetting is useful in sandy and gravelly soils, but is in
effective in clays. It is most often used to quickly penetrate through sandy layers to reach
deeper bearing strata.

Spudding consists of driving hard metal points into the ground, and then removing
them and driving the pile into the resulting hole. This method is much less common than
predrilling or jetting. and is most often used to punch through thin layers of hard rock.

Usually each member of the superstructure that requires a foundation (for example, each
column in a building) is supported on a group of three or more piles. Pile groups are used
instead of single piles because:

• A single pile usually does not have enough capacity.

• Piles are spotted or located with a low degree of precision, and can easily be 150
mm (6 inl or more from the desired location, as shown in Figure 11.24. If a column
for a building, which is located with a much greater degree of precision, were to be
supported on a single pile, the centerlines would rarely coincide and the resulting
eccentricity would generate unwanted moments and det1ections in both the pile and
the column. However, if the column is supported on three or more piles, any such
eccentricities are much less significant.

Planned
Ccnter Line

Figure 11.23 These steel pipe piles were used to support a temporary pier while the per

manent pier (on the lefU was under construction. Afterwards. they \vere extracted. The

pile on the left c\pcricnccd damage during driving. probably as a result of hitting an un
derground ohstruction.

Figure 11.24 Unanticipated eccentricities

between columns and single pile" caused by
construction tolerances.
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Pile

Eccentricity due to
Construction Toler~lnces
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Each group of piles is connected with a pile cap. as shown in Figure 11.25. which is

a reinforced concrete member that is similar to a spread footing. Its functions are to dis

tribute the structural loads to the piles. and to tie the piles together so they act as a unit.

The design of pile caps varies with the number of piles and the structural loads. Figure

11.26 shows typical pile cap layouts. Sometimes the individual pile caps are connected

with grade beams. which are structural beams embedded in the ground. During construc

tion. grade beams resemble continuous footings. but their purpose is significantly dif
ferent.

Figure 11.26 Typical configurations of pile caps (Adapted from CRSI. 1992).

QUESTIONS AND PRACTICE PROBLEMS

11.1 Explain the difference between axial loads and lateral loads.

11.2 Discuss some of the primary advantages and disadvantages of the following types of piles and
suggest a potential application for each:

• Timber

• Steel

• Prestressed concrete

11.4 What type or types of piles would be appropriate to support a heavy structure on an undulat
ing bedrock surface located 25 to 40 m below the ground surface? Assume the side friction in

the overlying soils provides less than 20 percent of the total axiaiload capacity. Explain the
reasons for your choice.

11.5 Why are most concrete piles prestressed instead of being conventionally reinforced?

11.3 What is predrilling and when might it be used? What might happen if the predrill diameter or
length was excessive?

11.6 In the context of pile construction. what are cushions. when are they used. and what is their
purpose?

.;..



402 Chapter 11 Deep Foundations 11.4 Drilled Shafts 403
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11.8 Pile driving in loose sands without predrilling tends to densify these soils. What effect does
this densificationhave on the load bearing capacity of such piles?

11.7 Pile foundations that support buildings usually have at least three piles for each column.
Why?

Drilled shafts are another common type of deep foundation. The fundamental difference
between piles and drilled shafts is that piles are prefabricated members driven into the
ground, whereas drilled shafts are cast-in-place.

The construction procedure in competent soils, known as the dry method, is gener
ally as follows:

• Pier

• Drilled pier

• Boredpile

• Cast-in-place pile
• Caisson

• Drilled caisson

• Cast-in-drilled-hole (CIDH)foundation

1. Using a drill rig, excavate a cylindrical hole (the shaft) into the ground to the re
quired depth, as shown in Figure l1.27a.

2. Fill the lower portion of the shaft with concrete as shown in Figure 11.27b.

3. Place a prefabricated reinforcing steel cage inside the shaft as shown in Fig
ure l1.27c.

4. Fill the shaft with concrete as shown in Figure l1.27d.

Alternative construction procedures for use in difficult soils are discussed later in
this chapter.

Engineers and contractors also use other terms to describe to this type of deep foun
dation. including the following:

However, drilled shafts are not the same as certain other methods that also involve

cast-in-place concrete, such as auger-cast piles, pressure injected footings, step-taper
piles, and grouted anchors. They are covered later in this chapter.

11.4 DRILLED SHAFTS

(c) (d)

History

The quality of soils usually improves with depth, so it often is helpful to excavate through
weak surface soils to support structures on deeper bearing materials. Even the ancient
Greeks understood the value of removing poor quality soils (Kerisel, 1987).

Figure 11.27 Drilled shaft construction in competent soils using lhe dry method: (a) Drilling the

shaft: (b) Starling to place the concrete; (c) Placing the reinforcing steel cage; and (d) Finishing the
concrete placement (Reese and O'Neill. 1988).

1



404 Chapter 11 Deep Foundations 11.4 Drilled Shafts
405

During the late nineteenth and early twentieth centuries. builders began to modify
the traditional techniques of reaching good bearing soils. Many of the greatest advances
occurred in the large cities of the Great Lakes region. As taller and heavier buildings
began to appear, engineers realized that traditional spread footing foundations would no
longer suffice. Following many years of problems with excessive settlements, they began
to use foundation systems consisting of a single hand-dug shaft below each column.

General William Sooy-Smith was one of the pioneers in this new technology. His
Chicago Well Method, developed in 1892, called for the contractor to hand-excavate a
cylindrical hole about I m (3 ft) in diameter and 0.5 to 2 m (2-6 ft) deep, as shown in Fig
ure 11.28. To prevent caving, they lined its wall with vertical wooden boards held in place
with steel rings, and then repeated the process until reaching the bearing stratum. Finally.
they enlarged the base of the excavation to form a bell and filled it with concrete up to the
ground surface.

Hand excavation methods were slow and tedious, so the advent of machine-dug
shafts was a natural improvement. The early equipment was similar to that used to drill oil
wells, so much of the early development occurred in oil-producing areas, especially Texas
and California. A few examples of horse- and engine-driven drills appeared between 1900
and 1930, but they had very limited capabilities. By the late 1920s, manufacturers were
building practical truck-mounted engine-driven drill rigs, such as the one in Figure I 1.29,
thus bringing drilled shaft construction into its maturity.

During the next thirty five years, manufacturers and contractors developed larger
and more powerful equipment along with a variety of cutting tools. They also borrowed
construction techniques from the oil industry, such as casing and drilling mud. to deal
with difficult soils. By the 1960s, drilled shafts had become a strong competitor to driven
piles.

Today, drilled shafts support structures ranging from one story wood frame build
ings to the largest skyscrapers. For example, the Sears Tower in Chicago is supported on
203 drilled shafts, some of them 30 m (100 ft) deep.

Figure 11.28 Early shaft construction

using the Chicago Well Method. This is one
set of wooden shores: the excavation would

continue with additional sets until reaching
the desired depth.
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Fi~ure 11.29 Early truck mounted drill rig and crew. circa IY2S IADSC: The Interna
tional A~_"'(H,:ia(i()Il of Foundation Drilling).

The advantages of drilled shaft foundations include the following:

• The costs of mobilizing and demobilizing a drill rig are often much less than those

for a pile driver. This is especially important on small projects, where they represent
a larger portion of the total costs.

• The construction process generates less noise and vibration, both of which are espe
cially important when working near existing buildings.

• Engineers can observe and classify the soils excavated during drilling and compare
them with the anticipated soil conditions.

• Contractors can easily change the diameter or length of the shaft during construc
tion to compensate for unanticipated soil conditions.

• The foundation can penetrate through soils with cobbles or boulders, especially
when the shaft diameter is large. It is also possible to penetrate many types ofbedrock.

• It is usually possible to support each column with one large shaft instead of several
piles, thus eliminating the need for a pile cap.

The disadvantages include the following:

• Successful construction is very dependent on the contractor's skills, much more so

than with spread footings or even driven piles. Poor workmanship can produce
weak foundations that may not be able to support the design load. Unfortunately,
most of these defects are not visible. This is especially important because a single
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drilled shaft does not have the benefit of redundancy that is present in a group of
driven piles.

• Driving piles pushes the soil aside, thus increasing the lateral stresses in the soil and
generating more side friction capacity. However, shaft construction removes soil
from the ground, so the lateral stresses remain constant or decrease. Thus, a shaft
may have less side friction capacity than a pile of comparable dimensions. How
ever, this effect is at least partially offset by rougher contact surface between the
concrete and the soil and the correspondingly higher coefficient of friction.

• Pile driving densifies the soil beneath the tip, whereas shaft construction does not.
Therefore, the unit end bearing capacity in shafts may be lower.

• Full-scale load tests are very expensive, so the only practical way to predict the
axial load capacity is to use semiempirical methods based on soil properties. We
typically have no independent check. However, the Osterberg load test device and
high-strain dynamic impact tests, discussed in Chapters 12 and 15, may overcome
this problem.

Modern Construction Techniques

Contractors use different equipment and techniques depending on the requirements of
each project (Greer and Gardner, 1986). The design engineer must be familiar with these
methods to know when and where drilled shafts are appropriate. The construction method

also int1uences the shaft's load capacity, so the engineer and contractor must cooperate to
assure compatibility between the design and construction methods.

Drilling Rigs

Most drilled shafts are 500 to 1200 mm (18-48 inches) in diameter and 6 to 24 m (20-80

ft) deep. A typical modern truck-mounted drilling rig, such as the one shown in Figure
11.30, would typically be used to drill these shafts. Specialized rigs, such as those in Fig
ures 11.31 and 11.32, are available for difficult or unusual projects. Some rigs are capable
of drilling shafts as large as 8 m (26 ft) in diameter and up to 60 m (200 ft) deep.

Figure 11.30 Typical drilling rig for con

structing drilled shafts. This rig is able (Q

drill shafts up to 1800 mm (72 inches) in di

ameler and 24 m (80 ft) deep. (ADSC: The
International Association of Foundation

Drilling).

I

-1

Figure 11.31 Small track-mounted drilling

rig capahle of working on a hillside (ADSC:
The International Association of Foundation

Drilling).
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Figure 11.32 Extremely large drill rig capable of drilling 8 m (26 ftl diameter hole, {()

depths of60 m (200 ft) (Anderson Drilling Co.)

Drilling Tools

Contractors have different drilling tools, each suited to a particular subsurface condition or
drilling technique. The helix-shapedjlight auger, shown in Figure 11.33, is most common.

The drill rig rotates the auger into the ground until it tills with soil. Then, it draws
the auger out and spins it around to remove the cuttings, as shown in Figure 11.34. This
process repeats until the shaft reaches the desired depth.

Conventional night augers are effective in most soils and soft rocks. However,
when encountering difficult conditions, the contractor has the option of switching to spe
cial augers or other tools. For example, augers with hardened teeth and pilot stingers are
effective in hardpan or moderately hard rock. Spiral-shaped rooting tools help loosen cob
bles and boulders. thus allowing the hole to advance under conditions that might cause re
fusal in a driven pile. Some of these special tools are shown in Figure 11.35.

Other drilling tools include:

• Bucket augers that collect the cuttings in a cylindrical bucket that is raised out of
the hole and emptied. They are especially useful in running sands.

Belling buckets that have extendable arms to enlarge the bottom of the shaft. These
enlargements are called bells or underreams.

Core barrels that cut a circular slot. creating a removable cylindrical core. They are
especially useful in hard rock.

Multiroller percussion bits to cut through hard rock.

Cleanout buckets to remove the final cuttings from a hole and produce a clean bot
tom suitable for end bearing.

Figure 11.33 Typicalllight auger (ADSC: The [nternational Association of Foundation

Drilling).
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Ibl

Drilling Techniques in Firm Soils

(a) Icl

Figure 11.36 Special drilling tools la) ellre barrel: (b) Bucket auger: ICI :Vlultiroller percussion bits

(ADSC: The International Association of Foundation Drilling),

Some of these tools are shown in Figure 11.36.

In firm soils, contractors use the dry method (also known as the open-hole method) to
build the shaft, as shown in Figure 11.27. These holes usually advance quickly using con
ventional flight augers and remain open without any special support. After checking the
open hole for cleanliness and alignment, it is a simple matter to insert the steel reinforcing
cage and dump concrete in from the top. Some contractors use a tremie or a concrete
pump to deliver the concrete. Open-hole shafts in firm soils are very common because of
their simplicity and economy of construction and their good reliability.

It also is possible to excavate stiff soils below the ground water table using the open
hok method. Usually, the contractor simply pumps the water out as the hole advances and
places the concrete in the dewatered shaft.

(b)(a)

Figure 11.34 Spinning the auger to remove the cuttings (ADSC: The International As
sociation of Foundation Drilling).

Figure 11.35 Special !light augers for difficult subsurface conditions (a) Auger with hardened teeth

and a stinger: (bl Spiral-shaped rooting auger (ADSC: The International Association of Foundation

Drilling).

_1
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A hole is said to be caving when the sides collapse before or during concrete placement.
This is especially likely in clean sands below the groundwater table. Squeezing refers to
the sides of the hole bulging inward, either during or after drilling, and is most likely in
soft clays and silts or highly organic soils. Either of these conditions could produce neck
ing in the shaft (a local reduction in its diameter) or soil inclusions in the concrete, as
shown in Figure 11.37, both of which could have disastrous consequences.

The two most common construction techniques for preventing these problems are
the use of casing or the use of drilling fluid.

The casing method, shown in Figure 11.38, uses the following procedure:

I~
'V

Cohesive Soil

(a)

Vihratory
Driver

Cohesive Soil

(b)

Drilled
Shaft

Figure 11.37 Possible consequences of caving or squeezing soils.

.-l

(c)

Figure 11.38 Using casing to deal with caving or sqeezing soils: (a) Installing the cas

ing; (b) Drilling through and ahead of the casing; and (c) Placing the reinforcing steel and
concrete. and removing the casing (Reese and O'Neill. 1988) .
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1. Drill the hole using conventional methods until encountering the caving strata.

2. Insert a steel pipe (the casing) into the hole and advance it past the caving strata as
shown in Figure 11.38a and 11.39. Contractors do this using vibratory hammers
such as the one in Figure 11.21. The diameter of this casing is usually 50 to 150 mm
(2-6 in) less than the diameter of the upper part of the shaft.

3. Drill through the casing and into the non-caving soils below using a smaller diame
ter auger as shown in Figure 11.38b.

4. Place the reinforcing steel cage and the concrete through the casing and extract the
casing as shown in Figure 11.38c. This is a very critical step, because premature ex
traction of the casing can produce soil inclusions in the shaft.

Figure 11.39 The contractor at this site is using casing. The tirst casing, visible at the

bottom of the photograph, is already in place. However. its length is limited by the height

of the rig. When casing must extend [0 greater depths. a second smaller casing is installed
by passing it through the first casing. as shown here.

There are many variations to this method. including the option of leaving the casing in
place and combining the casing and slurry methods.

The drilling fluid method (also known as the slurry method) is shown in
Figure 11.40. It uses the following procedure:

1. Drill a starter hole, perhaps 3 m (IQ ft) deep.

2. Fill the starter hole with a mixture of water and bentonite clay to form a drilling
mud or slurry. When sea water is present, use attapulgite clay instead of bentonite.
When properly mixed, the drilling mud has the appearance of very dirty water and
keeps the hole open because of the hydrostatic pressure it applies to the soil.

3. Advance the hole by passing the drilling tools through the slurry as shown in Figure
I 1.39a. Continue to add water and bentonite as necessary.

4. Insert the reinforcing steel cage directly into the slurry as shown in Figure 11.39b.
5. Fill the hole with concrete using a tremie pipe that extends to the bottom as shown

in Figure 11.39c. The concrete pushes the slurry to the ground surface. where it is
captured.

Do not be concerned about the quality of the bond between the rebar and the con
crete. Although the rebar is first immersed in slurry. research has shown that the bond is

satisfactory. However, the slurry can form a cake on and in the surrounding soil, thus re
ducing the side friction resistance. Some specifications require the contractor to "scour"
the sides of the holes to remove the slurry cake before placing the concrete.

Underreamed Shafts

An underreamed shaft (also known as a belled shaft) is one with an enlarged base, as
shown in Figure 11.41. Usually, the ratio of the underream diameter to the shaft diameter

(B/BJ should be no greater than 3. Contractors build underreams using special belling
buckets. such as the one shown in Figure 11.42.

The larger base area of underreamed shafts increases their end bearing capacity, and
thus they are especially useful for shafts bottomed on strong soils or rock. However, the

displacement required to mobilize the full end bearing is typically on the order of IQ per
cent of the base diameter, which may be more than the structure can tolerate. Under

reamed shafts also have greater uplift capacities due to bearing between the ceiling of the
underream and the soil above.

Unfortunately, the construction of underreamed shafts can be hazardous to the con
struction workers. In addition, the bottom of the underream must be cleaned of loose soil

before placing concrete, and this process can be difficult and expensive.
Underreamed shafts are not being built as often as they were in the past, primarily

because it is often more cost-effective to simply drill a deeper straight shaft and rely on
the additional side friction. However, underreamed shafts are still built, especially when a
firm bearing stratum is available.
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Cohesive Soil
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Caving Soil Caving Soil

Underream

Figure 11.40 Using drilling fluid to deal with caving or squeezing soils: (a) Drilling the

hole using slurry: (b) Installing the reinforcing steel cage through the slurry: (c) Placing

the concrete using a tremie pipe and recovering slurry at the top: and id) The completed
foundation (Reese and G'Neil!. 1988).

Figure 11042 A belling bucket used to produce a hell or underream at the bottom of a

shaft (ADSC: The International Association of Foundation Drilling).

Fi~ure 11041 An undcrrcamed drilled
shart.
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Concrete

Concrete for drilled shafts must have sufficient slump to flow properly and completely fill
the hole. Using concrete that is too stiff creates voids that weaken the shaft. Typically, the
slump should be between 100 and 220 mm (4--9 in), with the lower end of that range
being most appropriate for large-diameter dry holes with widely spaced reinforcement
and the high end for concrete placed under drilling fluid. Sometimes it is appropriate to
include concrete admixtures to obtain a high slump while retaining sufficient strength.

Some people have experimented with expansive cements in drilled shaft concrete.
These cements cause the concrete to expand slightly when it cures, thus increasing the lat
eral earth pressure and side friction resistance. So far, this has been only a research topic,
but it may become an important part of future construction practice.

11.5 Caissons
419
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QUESTIONS AND PRACTICE PROBLEMS

11.9 Describe two situations where a drilled shaft would be preferable over a driven pile. then de
scribe two situations where the reverse would be true.

Figure 11.43 An open caisson.

Overlying Stratum

11.10 In what circumstances would you expect caving or squeezing conditions to be a problem?
What construction methods could a contractor use to overcome these problems?

11.11 The dry method of drilled shaft construction is most suitable for which types of soil conditions?

11.5 CAISSONS

The word caisson is derived from the French caisse, which means a chest or box. When

applied to foundation engineering, it describes a prefabricated hollow box or cylinder that
is sunk into the ground to some desired depth and then filled with concrete, thus forming a
foundation. I Caissons have most often been used in the construction of bridge piers and
other structures that require foundations beneath rivers and other bodies of water because
the caissons can be floated to the job site and sunk into place.

Open Caissons

An open caisson is one that is open to the atmosphere, as shown in Figure 11.43. They
may be made of steel or reinforced concrete, and normally have pointed edges at the bot
tom to facilitate penetration into the ground.

'The word '"caisson'" also is sometimes used to describe drilled shaft foundations because they were originally

developed as '"machine-dug caissons." However. this use of the term is confusing and should be avoided.

---.l

Sometimes the site of the proposed foundation is dredged' before the caisson ar
rives on site. The dredging operation can be an economical way to remove some of the
upper soils, thus reducing the quantities that must be excavated through the caisson. Then
the caisson is floated into place and sunk into the soil. As it descends, the soil inside is re
moved and hauled out of the top and water that accumulates inSide is pumped out. This

process continues until the caisson sinks to the required depth and reaches the bearing
stratum. It then is filled with concrete to form the foundation.

Caissons must be designed to resist the various loads imparted during construction,
as well as the structural and hydrodynamic loads from the completed structure. In addi
tion, it must have sufficient weight to overcome the side friction forces as it descends intothe ground.

Pneumatic Caissons

When the excavation inside open caissons extends well below the surrounding water
level, water flowing into the bottom can produce a quick condition in the soils as shown

in Figure 11.44. This is most likely to Occur in clean sands and is caused by the upwardseepage forces of the flowing water.

One way to counteract this problem is to seal the bottom portion the caisson and fill
it with compressed air, as shown in Figure 11.45. If the air pressure equals or exceeds the

'Dredging is the process of removing soil from the hoUom of a body of water. This is normally done using
specially-equipped ships. normally for the purpose of providing sufficient water depth for larger ships.
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r built using this method, including the Brooklyn and Williamsburg Bridges in New York
City.

For example, an excavation 50 ft below the groundwater table would require a pres
sure, p, of about:

Water

1 (I ft2 ) ,
P "'" u = "y"Z" = (62.4lb/ft )(50 ft) --.-, = 22Ib/in-

144 m-

1. Hold a steel mandrel in the leads of the pile driver. This mandrel is cylindrical and
matches the inside of the thin shell. The purpose of the mandrel is to transmit the"
driving stresses from the hammer to the sides and bottom of the shell.

2. Pull the thin shell (which resembles corrugated steel drain pipe) onto the mandrel.

3. Drive the mandrel and shell into the ground using a pile hammer.

One method of combining some of the best features of driven piles and cast-in-place
drilled shafts is to use a mandrel-driven thin shell, as shown in Figure 11.46. Alfred Ray
mond developed an early version of this method in 1897 and later refined it to create the
step-taper pile.

This type of foundation is built as follows:

This is the same pressure a diver would encounter 50 ft below the water surface in a lake.
Construction personnel, who are called sandhogs, can work for three-hour shifts under
such pressures. In some cases, air pressures up to 48 Ib/in2 (35 kPa) may be used, but the
shift time drops to only thirty minutes (White, 1962).

Workers enter these excavations by passing through an air lock, which is an inter
mediate chamber with doors connected to the outside and to the working chamber. The
workers enter through the outside door, then both doors are closed and the chamber is
slowly filled with compressed air. When the pressure reaches that in the working cham
ber, the workmen open the connecting door and enter the working chamber. The process
is reversed when exiting.

If the air pressure in the air lock is lowered too quickly, nitrogen bubbles form in
side the workers bodies, causing caisson disease, also known as the bends. It causes se
vere pains in the joints and chest, skin irritation, cramps, and paralysis. Fourteen men died
of caisson disease during construction of the Eads Bridge in SI. Louis. Divers can experi
ence the same problem if they rise to the surface too quickly.

Because of the hazards of working under compressed air, the large expense of pro
viding the necessary safety precautions for the workers, and the availability of other foun
dation types, pneumatic caissons are rarely used. However, in some circumstances they
can be economically viable. For example, foundations for the proposed Great Belt Bridge
in Denmark are to be built using pneumatic caissons (Prawit and Volmerding, 1995).

MANDREL-DRIVEN THIN-SHELLS FILLED WITH CONCRETE11.6

Water

Concrete

' ...
"Work"ing Chamber

";. \ "\ \"
. '.' ... '.' .. ', .' .. ' .... . . '

. ·Upward Fiow of Sandy Soil

Access Shaft

pore water pressure, very little water enters the excavation, thus eliminating the seepage
forces and the potential for quick conditions. In addition, the required pumping costs then
become minimal. This method was first used around 1850 by the British engineer Isam

bard Kingdom Brunei (1806-1859) during construction of the Chepstow Bridge across
the Thames River in London. Many bridge foundations in North America also have been

Figure 11.45 A pneumatic caisson uses

compressed air to halt the flow of ground
water.

Figure t 1.44 Development of a quick con

dition hcneath an open caisson.
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The advantages of this design include:

Figure 11.46 Construction of mandel-driven thin-shell pile filled with concrete: (a)
drive the thin shell into the ground using a steel mandrel; (b) Remove the mandrel and in

sert a cage of reinforcing steel; and (c) fill the shell with concrete.

4. Remove the mandrel and inspect the shell.

S. (optional) Place a cage of reinforcing steel into the shell.
6. Fill the shell with concrete.

• Augered pressure grouted (APG) pile

• Augered cast-in-place pile

• Continuous flight auger pile

• Intruded mortar piles

• Augerpress pile

• AugerPile

• Grouted bored pile

• Augered grout-injected pile

• The shells and mandrel can be shipped to the job site in pieces and assembled there,
so it is possible to build long piles.

• It is necessary to mobilize a pile driver and other equipment, so the cost per pile will
be at least as high as that for conventional driven piles.

• They cannot be spliced, so the total length is limited by the height of the pile driver.

1. Using a hollow-stem auger with a temporary bottom plug, drill to the required
depth. In the United States, 300, 350, or 400 mm (12, 14, or 16 inch) diameter
augers are most common. Japanese contractors have built piles as large as 1 m
(39 inches) in diameter. This equipment is similar to, but larger than, the hollow
stem augers used for soil exploration purposes. These augers are suspended from a
crane and driven by a pneumatic or hydraulic motor. The depth of the pile may be
as great as 27 m (90 ft), but lengths of 6 to 15 m (20-50 ft) are more typical.

2. Inject cement grout (sand, portland cement, and water) under high pressure through
the middle of the auger. This grout forces the bottom plug out and then begins to
flow out of the bottom of the auger.

3. While the grout is being injected, slowly and smoothly raise and rotate the auger to
form the pile while bringing the soil cuttings to the ground surface.

4. Upon reaching the ground surface, remove the auger and insert reinforcing steel
into the grouted hole. This may consist of a single centrally located bar or a prefab-

However, it also has disadvantages:

Specialty contractors build auger-cast piles as described below and as shown in Fig
ure 11.47:

The auger-cast pile is a type of cast-in-place pile developed in the United States during
the late 1940s and early 1950s (Neate, 1989). They are known by many names (OF!,
1990), including:

11.7 AUGER-CAST PILES

c:

c:
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<:

<:,
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• The shell provides a clean place to cast the concrete, so the structural integrity may
be better than a drilled shaft.

• The displacement developed during driving and the corrugations on the shell pro
duce high side friction resistance.

Steel ~AS
Mandrel c: ~<:

<:<:<: CorrugatedSteelShell

(a)

(b)(c)
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Grout
Under

Pressure

Reinforcing Steel Cage
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• The grout is injected under pressure, so it penetrates the soil and provides and good
bond. The pressure also provides some compaction of the soil.

• The technique is usable in a wide variety of soils, including some of those that
might cause difficulties with driven piles or drilled shafts.

However, it also has disadvantages (Massarsch et aI., 1988; Brons and Kool, 1988):

• The quality and integrity of the completed pile are very dependent on the skills of
the contractor. For example, if the auger is raised too quickly or not rotated suffi
ciently, the concrete may become contaminated with soil. It is also difficult for the
equipment operator to judge the correct grout pressure to use.

• In certain conditions, the augering process can draw up too much soil, thus causing a
reduction in the lateral stresses in the ground. For example, if an auger passes through
a loose sand. and then encounters a stronger strata, the auger will not advance as

quickly, and continued rotation may bring too much of the sand to the surface.
• The construction process is very sensitive to equipment breakdowns. Once grouting

has begun. any significant breakdown becomes cause for abandoning the foundation.

• Placement of reinforcing steel cages can be difficult, especially if heavy reinforce
ment is required. This may limit the pile's ability to resist lateral loads (resist uplift
loads by placing a single large bar in the middle of the auger before grouting).

• These piles can not be used in soils that contain cobbles or boulders (the auger will
not excavate them) or in thick deposits of highly organic soils (they compress under
the grout pressure and thus require excessively large grout volumes).

• Unlike driven piles, there is no hammer blow count to use as an independent check
on the pile capacity (the auger torque does not appear to be a good indicator).

(a) (b) (c)

Figure 11.47 Construction of an auger-cast pile: (a) Drill to the required <!Cpthusing a

hollow-slem auger: (b) Withdraw the auger while injecting cement groul; (c) Install sleel

rebars (optional).

ricated steel cage. Because the grout has a very high slump and no gravel, it is pos
sible to insert the steel directly into the newly grouted pile.

The advantages of this method include:

• The cost of construction is Iow, partly because the crane can be rented locally, thus
reducing mobilization costs.

• The noise and vibration levels are much lower than those with driven piles.

• The auger protects the hole from caving, thus reducing the potential for ground
movements during drilling.

Although auger-cast piles typically do not have as great a load capacity as conven
tional driven piles of comparable dimensions, they are often much less expensive. Be
cause the equipment mobilization costs are much less than those for driven piles, and the
technique works well in caving soils, auger-cast piles are most often used on small to
medium-size structures on sandy soils.

11.8 PRESSURE-INJECTED FOOTINGS

Edgard Frankignoul developed the pressure-injected footing (PIF) foundation in Belgium
before the First World War. This technique uses cast-in-place concrete that is rammed into
the soil using a drop hammer. This ramming effect compacts the surrounding soil, thus in
creasing its load bearing capacity. PIF foundations are often called Franki piles. Other
names include bulb pile, expanded base pile, compacted concrete pile, and compacto pile.

The construction techniques used to build PIFs are described below and shown in
Figure 11.48.
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Phase 3: Building the Shaft

• To build a compacted shaft, raise the drive tube in increments while simultaneously
driving in additional charges of concrete. This technique compacts the surrounding
soil, thus increasing the side friction resistance. It also increases the end-bearing re
sistance by providing a stronger soil over the base .

• To build a cased shaft, insert a corrugated steel shell into the drive tube, place and
compact a zero-slump concrete plug, and withdraw the tube. Then fill the shell with
conventional concrete. Although this method does not develop as much load capac
ity, it is often more economical for piles that are longer than about 9 m (30 ft). A
cased shaft may be mandatory if very soft soils, such as peat, are encountered be
cause these soils do not provide the lateral support required for the compacted shaft
method.

The shaft extends the PIP base to the ground surface. Two types of shafts are commonly
used: .

(e)(d)(c)

~ ~~'!:'t'!C"W1 ,~%'i:;:~:~~,:::;;~j;i:-i(ftY:b;'%U,~

(b)

Figure 11.48 Construction of a PIF foundation: (a) top driving: (b) bottom driving: (c)
finished base: (d) uncased shaft: and (e) cased shaft (Adapted from brochure by Franki

Northwest Co .. used with permission.)

(a)

Phase 1: Driving

The process begins by temporarily inserting the drive tube into the ground. This tube is a
specially built 300-600 mm (12-24 in) diameter steel pipe. The contractor does so using
one of the following methods:

The contractor can reinforce either type of shaft to resist uplift or lateral loads. For
the compacted shaft, the reinforcing cage fits between the drop hammer and the drive
tube, thus allowing the hammer to fall freely. )

PIP foundations may be installed individually or in a group of two or more and con
nected with a pile cap. Table 11.1' gives typical dimensions and typical capacities of PIP
foundations. The actual design capacity must be determined using the techniques described
in Chapter 14. Figure 11.49 shows a "mini" PIF that was extracted out of the ground.

• Top driving method: Install a temporary bottom plate on the drive tube, and then
drive the tube to the required depth using a diesel pile hammer. The plate will later
become detached when the concrete is pounded through the drive tube.

• Bottom driving method: Place a plug of low-slump concrete in the bottom of the
tube and pack it in using the drop hammer. Then, continue to strike this plug, thus
pulling the tube into the ground.

Phase 2: Forming the Base

Once the drive tube reaches the required depth, hold it in place using cables, place small

charges of concrete inside the tube, and drive them into the ground with repeated blows of
the drop hammer. This hammer has a weight of 1400 to 4500 kg (3-10 kips) and typically
drops from a height of 6 m (20 ft). If the top driving method was used, this process will
expel the temporary bottom plate. Thus, a bulb of concrete is formed in the soil, which in
creases the end-bearing area and compacts the surrounding soil. This process continues
until a specified number of hammer blows is required to drive out a certain volume of
concrete.

TABLE 11.1 TYPICAL PIF DIMENSIONS AND CAPACITIES

Typical
Allowable

Nominal Shaft Diameter
Downward

Base
Capacity

DiameterCompactedCased

PIFType

(k)(kN)(in)(mm)(in)(mm)(in)(mm)

Mini

10045024-30600--750nJanJa10.6--11.1270--280

Medium

20090034-40850--10001743012.2-14300--360

Standard

400180034-40850--10002256016--17.6400--450

Large

500220034-40850--100023580 19480

Maxi

600270034-40850--100025630 22560

Adapted from a brochure by Franki Northwest Company. Used with permission.

'In very loose soils. the base diameter may be larger than listed here. Conversely, when PIFs are installed in groups. it may

be slightly smaller.
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Figure 11.49 This '"mini" PIF was ex
lracled from lhe ground. It had a base diam
eler of 600 mm 124 in). (Photo courtesy of

William J. Neely.)

11.9

• The construction process generates large ground vibrations and thus may not be
possible near sensitive structures. These vibrations also can damage wet concrete in
nearby PIFs.

• The construction equipment is bulky and cumbersome. and thus requires large work
areas.

• Compacted shafts cannot include large amounts of reinforcing steel.

• Although each PIF will have a higher load capacity Ihan a pile or drilled shaft of
comparable dimensions. it also is more expensive to build. Therefore. the engineer
must evaluate the alternatives for each project individually to determine which type
is most economical.

• They are generally economical only when the length is less than about 9 m (30 ft)
for compacted PIFs or about 21 m (70 ft) for cased PIFs.

PIFs with Auger-Cast Shafts

Some contractors have combined a PIF base with an auger-cast shaft (Massarsch et al.,
1988). The side friction resistance of this type of foundation will be much greater and
more reliable than that of a conventional cased PIF. but not as large as that of a compacted
shaft PIF. However. an auger-cast shaft could be built more quickly and at less COSt than a
compacted shaft PIF. thus providing reasonably high capacity at a moderate cost. Very
few of these foundations have been built.

PILE-SUPPORTED AND PILE-ENHANCED MATS

The advanlages of PIF foundations include:

• The construction process compacts the soil. thus increasing its strength and
load-bearing capacity. This benefit is most pronounced in sandy or gravelly soils
with less than about 15 percent passing the #200 sieve. so PIFs are best suited for
these kinds of soils.

• When compacted shafts are used. the construction process produces a rough inter
face between the shaft and the soil. thus further improving the side friction resis
tance.

• It is possible to build PIFs with large bases (thus gaining the additional end bearing
area) in soils such as loose sands where belled drilled shafts would be difficult or
impossible to build.

Disadvantages include:

• The side friction resistance for cased PIFs is unreliable because of the annular space
between the casing and the soil. Although this space is filled with sand after the
drive tube is lifted. we cannot be certain about the integrity of the connection be
tween the shaft and the soil.

I
_l...

Most mat foundations are supported directly on the underlying soils. as discussed in
Chapter 10. However. when the net bearing pressure is too high or the soil is too com
pressible. such mats may experience excessive settlements. One option for such situations
is to use a pile-supported mat. as shown in Figure 11.50. The piles are distributed across
the mat. which then acts as a very large pile cap. "Pile" -supported mats also may be built
using drilled shafts or other types of deep foundations.

Many pile-supported mats have been designed to transfer all of the structural loads
to the deep foundations. However. others partially rely on the bearing pressure between
the bottom of the mat and the underlying soil. and use the deep foundations to carry the
balance of the load. This later design. which can be called a pile-enhanced mat can be
much less expensive. and will probably be used more frequently in the future.

11.10 ANCHORS

The term anchor generally refers to a foundation designed primarily to resist uplift (ten
sile) loads. Although most foundations are able to resist some uplift. anchors are designed
specifically for this task and are often able to do so more efficiently and at a lower cost.
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Figure 11.50 A conventional mat foundation and a pile-supported (or pile-enhanced)
mat foundallon.

Helical
Anchor

Lightweight structures often require anchors because the lateral wind and earth
quake loads on the structure often produce uplift loads on some of the foundations. These
structures include power transmission towers, radio antennas, and mobile homes. Some of
these structures are stabilized with guy wires, which are then connected to the ground
using anchors.

Anchors also can be installed horizontally (or nearly so) to provide lateral support
to earth retaining structures. These are called tieback anchors. They eliminate the need for
bracing outside the wall, and thus provide more space for construction and permanent
structures.

Kulhawy (1985) divided anchors into three categories, as shown in Figure 11.51.
These include:

• Spread anchors are specially designed structural members that are driven or in
serted into the ground, then expanded or rotated to form an-anchor.

• Helical anchors are steel shafts with helices that resemble large screws. They are
screwed into the ground using specialized equipment, as shown in Figure 11.52 .

• • Grouted anchors are drilled holes filled with a steel tendon and grout. The tendon
transmits the tensile loads into the anchor, then the grout transmits them to the sur
rounding ground through side friction.

The design load capacities may be computed from the geometry and soil type. For helical
anchors, the torque required to install the anchor also can be an indicator of load capacity ..
In critical applications, such as tieback anchors, engineers often load test the installed an
chors using hydraulic jacks.

Some anchors also can resist nominal downward, shear, and moment loads, and

thus may be used in other foundation applications. For example, helical anchors similar to

u_l

Figure 11.51 Types of anchors (Adapted from Kulhawy. 1985: Used with permission
ASCE).

Figure 11.52 Installation of a helical anchor to be used as a tieback for a sheet pile wal J

Once these anchors are installed. the soil in the foreground will be excavated (Photo COUl

tesy of A. B. Chance Company).
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those in Figure 11.52 may be used to support streetlight standards, signs, cellphone anten
nas, and other similar structures. In some cases these foundations may be constructed
without any concrete, which can be a significant advantage in remote locations. Helical
anchors also may be used to underpin spread footings that have experienced excessive
settlement.

QUESTIONS AND PRACTICE PROBLEMS

11.12 There are many ways to build midstream foundations for bridges that cross rivers and other
bodies of water. One of them is to use a caisson, as described in this section. Another is to
drive piles from a barge. Suggest some advantages and disadvantagesof these two methods.

11.13 Suggest some critical items that a construction inspector should watch for during the construc
tion of auger-castpiles.

11.14 Pressure-injected footings are best suited for sandy or gravelly soils with less than about
15percent fines. Why would this constructionmethodbe less effectivein a stiff saturatedclay?

SUMMARY

Major Points

7. Drilled shafts are constructed by drilling a cylindrical hole and casting the concrete

in-place. Various methods are available for drilling the hole and for keeping it open
until the concrete is placed.

8. An underreamed shaft is one that has an enlarged base. This design increases the al
lowable toe bearing load.

9. A caisson is a prefabricated box or cylinder that is sunk into the ground to form a

foundation. They are most often used for bridges and other structures that require
foundations beneath rivers or other bodies of water.

10. Mandrel-driven thin shells filled with concrete are a cross between piles and drilled
shafts. These are also known as step-taper piles.

11. Auger-cast piles are constructed by injecting cement grout at high pressure through
a hollow-stem auger. They generally have lower capacity than piles or drilled
shafts, but also are generally less expensive, especially in squeezing or caving soilconditions.

12. Pressure-injected footings (also known as Franki piles) are made by pounding stiff
concrete into the ground to form a bulb. These are high-capacity foundations and
are generally used to support high loads in certain kinds of soil profiles.

13. Pile-supported or pile-enhanced mats consist of a mat foundation underlain by a
deep foundation. These are often designed so the mat supports some of the load, and
the deep foundations support the balance.

14. Anchors are special deep foundations designed primarily to resist tensile forces.

1. Deep foundations are those that transfer some or all of the structural loads to deeper
soils.

2. We can classify deep foundations based on the method of construction. Major clas
sifications include

• piles
• drilled shafts
• caissons
• mandrel-driven thin shells filled with concrete

• auger-cast piles
• pressure-injected footings
• anchors

3. Load transfer analyses normally divide the applied loads into two categories: axial
loads (tension and compression) and lateral loads (shear and moment).

4. Deep foundations transfer axial loads to the ground through two mechanisms: side
friction and toe bearing.

5. Piles are prefabricated members that are driven or otherwise inserted into the
ground. They are made of wood, concrete, steel, and other materials. Each has its
advantages and disadvantages, and is best suited for particular applications.

6. Piles are installed using a pile-driving rig equipped with a pile hammer. Once again,
a wide range of equipment is available to accommodate various field conditions.

Vocabulary

Anchor

Appurtenances

Auger-cast pile
Axial load

Caisson

Casing method

Caving soil

Closed-end pipe pile

Composite pile
Cushion

Deep foundation
Diesel hammer

Double-acting hammer
Drilled shaft

Drilling rig

Drop hammer

Head

Helmet

Hydraulic hammer

Jetting

Large displacement pile
Lateral load

Mandrel-driven thin shell
filled with concrete

Open caisson

Open-end pipe pile

Pile cap
Pile hammer

Pile driver

Pile

Pile-enhanced mat

Pile-supported mat

Pressure- injected footing
Prestressed concrete
Refusal

Side friction resistance

Single-acting hammer

Slurry method

Small displacement pile

Soil plug

Spudding

Squeezing soil
Steam hammer

Steel pipe pile

Steel H-pile

Step-taper pile
Toe

Toe bearing resistance
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Dry method

Flight auger

Franki pile

Pneumatic caisson

Pneumatic hammer

Predrilling

Chapter 11 Deep Foundations

Underreamed shaft

Vibratory hammer 12
COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

11.15 Create a table with five columns labeled "foundation type," "typical applications," "best soil
conditions," "advantages," and "disadvantages," along with rows labeled "piles," "drilled
shafts," "caissons." "mandrel-driven thin shells filled with concrete," "auger-cast piles," and
"pressure-injectedfootings." Fill in each cell of this table with the appropriate informationfor
each foundationtype.

11.16 A proposed ten-storyoffice building is to be supportedon a series of deep foundationsembed
ded 60 ft below the ground surface. The soils at this site are loose to medium dense
well-gradedsands (SW) and silty sands (SM), and the groundwater table is at a depth of 12 ft.
What type or types of deep foundations would be most appropriatefor this project? What type
or types would probably not be appropriate? Explain the reasons for your selections.

11.17 A new reinforced concrete pier is to be built in a major harbor area. This pier will service
ocean-goingcargo ships. The underlying soils are primarily low plasticity silts (ML) and clays
.,(CL),with some interbedded sand layers. What type or types of deep foundations would be
most appropriate for this project? What type or types would probably not be appropriate?Ex~
plain the reasons for your selections.

I
-1....

Deep Foundations
Structural Integrity

Amsterdam, die oude Stadt, is gebouwed op palen
Als die stad eens ommevelt, wie zal dat betalen?

An old Dutch nursery rhyme that translates to:

The old town of Amsterdmn is built 011 piles
If it should fall down, who would pay for it?

Deep foundations must have sufficient structural integrity to safely transfer the applied
loads from the structure to the ground. This means they must have sufficient strength to
safely sustain the applied stresses, and sufficient stiffness to keep deformations within tol
erable limits. This chapter covers the structural strength aspects of deep foundations,
Chapter 16 covers the structural deformation aspects, Chapters 13 to 16 cover the geo
technical engineering aspects, and Chapter 17 shows how to synthesize this material into
a complete design.

This chapter includes many references to code requirements, and uses both the
model building codes (ICBO, BOCA, SBCCI, and ICC) as well as the AASHTO Stan
dard Specifications for Highway Bridges. However, because of space and readability con
straints, we will cover only selected code requirements. Each of these codes also includes
many other detail requirements that are not covered here, and some local jurisdictions add
their own requirements. Therefore, engineers should always refer to the applicable code
when developing foundation designs.

435
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12.1 DeSIGN PHILOSOPHY

The technical literature provides very little information on the structural aspects of deep
foundation design, which is a sharp contrast to the mountains of information on the geo
technical aspects. Building codes present design criteria, but they often are inconsistent
with criteria for the superstructure, and sometimes are incomplete or ambiguous. In many
ways this is an orphan topic that neither structural engineers nor geotechnical engineers
have claimed as their own. However, in spite of these problems, deep foundations can be

designed to safely carry the structural loads.

Buckling

Even the softest soils provide enough lateral support to prevent underground buckling in
axially loaded deep foundations, especially when a pile cap is present. Bethlehem Steel
Corporation (1979) quotes several load tests on steel H-piles, including one installed in
soils so soft that the pile penetrated them without any hammer blows (i.e., it sank under its
own weight). None of these piles buckled.

Slender deep foundations subjected to both axial and lateral loads might have prob
lems with underground buckling if the upper soils are very soft. When this is a concern, it
should. be checked using a p-y analysis, as described in Chapter 16. If bucking proves to
be a problem, it must be resolved by using a cross-section with a greater flexural rigidity,
El, as discussed in Chapter 16.

Above-ground buckling might be a problem in piles that extend above the ground
surface, such as those for railroad trestles, or those driven through bodies of water. In
these cases, the above-ground portion must be checked using standard structural analysis
methods, and may be braced if necessary.

Buckling is a greater concern during pile driving (Fleming et aI., 1985), especially
in long, slender piles driven through water. Contractors can handle these cases by limiting
the hammer size, using lower power settings during the initial stages of driving, or provid
ing temporary lateral support.

Comparison with Superstructure Design

Because deep foundations are designed so that underground buckling is not a concern, the
structural design is similar to that for short columns in the superstructure. However, there
are some important differences:

• The construction tolerances for foundations are much wider and quality control is
more difficult.

Piles can be damaged during driving, so the as-built capacity may be less than antic

ipated.

• Residual stresses may be locked into piles during driving, so the actual stresses in
the piles after the structure is completed may be greater than those generated by the
applied structural loads.

• Concrete in drilled shafts and other cast-in-place foundations is not placed under
ideal conditions, and thus may experience segregation of the aggregates, contamina
tion from the soil, and other problems.

Therefore, we use more conservative design criteria for deep foundations. This extra con
servatism primarily appears in the form of lower allowable stresses and conservative sim
plifications in the analysis methods.

However, sometimes the allowable stresses for working loads, as permitted by
building codes, are lower than necessary. This is because some of these design values
were not based on stresses from service loads, but are an indirect way of keeping driving
stresses within tolerable limits. In other words, piles designed using these low allow
able stresses have a larger cross section, and thus have correspondingly smaller driving
stresses. However, this roundabout way of limiting driving stresses is no longer neces
sary, because they can now be computed more accurately using wave equation analyses,
as discussed in Chapter 15. Therefore, some have suggested using larger allowable
stresses for working loads, so long as driving stresses are independently evaluated using
wave equation analyses. However, the applicable codes must change before this can be
done in practice.

ASD vs. LRFD

Structural engineers use two different methods of designing structural members:

• The allowable stress design (ASD) method (also known as the working stress design
method), which is based on the stresses induced in the structural member when sub
jected to the design loads. The engineer compares these working stresses with the
allowable stress, which is the strength divided by a factor of safety, to determine if
the design is satisfactory.

• The load and resistance factor design (LRFD) method (also known as the ultimate
strength design method), which increases the design loads through the use of load
factors, then compares these to the ultimate load-bearing capacity.

Chapters 2 and 21 discuss the differences between ASD and LRFD in more detail.
ASD is the older of these two methods. Before the 1960s, all structural designs were

based on this method. However, since then the LRFD method has slowly been gaining
favor, and it will eventually replace ASD. Currently, virtually all reinforced concrete
superstructures are designed using LRFD (which the American Concrete Institute calls
USD or ultimate strength design), and steel design is in the process of transition from the
older ASD code to the newer LRFD code. However, timber and masonry structures are
still designed using ASD.
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Section moduli for steel H-piles and common steel pipe piles are tabulated in Ta
bles 12.1 and 12.2. For foundations with solid circular cross sections of diameter B, such
as timber piles, use:

For foundations with a constant cross-sectional area, the stress fu becomes smaller
with depth as some of the axial load shifts to the soil through side friction. However, for
simplicity engineers usually compute.h, using the entire design load (i.e .• neglecting any
load transfer due to side friction). The stress h, can increase or decrease with depth ac
cording to the moment. We are primarily interested in theh, because of the maximum mo
ment in the foundation, Mm"x. which may be computed using the methods described in
Chapter 16.

Because we are using the ASD method, the allowable axial and flexural stresses are

F" and F,•• respectively, and the design must satisfy the following condition:

Curiously, deep foundations have been exempted from these new LRFD codes.
•.Building codes (ICBO, BOCA, SBCCI, IBC) currently specify allowable stresses in deep
foundations using ASD, even those made of concrete, regardless of the method used to
design members in the superstructure.

To complicate matters even further, caps and grade beams that connect deep foun
dations are designed using LRFD, much the same way as we used LRFD to design spread
footings in Chapter 9. Thus, portions of the structural design are based on ASD, and por
tions on LRFD.

Hopefully this confusing state-of-affairs will eventually be resolved by universally
adopting LRFD for all analyses. In the meantime, design engineers need to be very care
ful to use the correct loads and the correct method when designing each element of a deep
foundation system. The discussions in this chapter define which load to use for each
analysis.

12.2 LOADS AND STRESSES

The structural design must consider both axial (compression or tension) and lateral (shear
and moment) loads in the foundation. Torsion loads are usually negligible, but might need
to be considered in special circumstances.

When using ASD, the axial tension or compression stress at a depth z in a founda
tion subjected to an axial load is:

21 Tr B3s=-=-
B 32

For square cross sections with side width B. use:

EBJIB3

s=-=-
B 6

(12.3)

(12.4)

Because this is an ASD analysis, the values of P and M should be the unfactored
loads computed using Equations 2.1 to 2.4, or from similar equations presented in the
governing code.

Therefore, the presence of moment loads in a foundation reduces its axial load capacity.
It also is possible to develop an interaction diagram that shows all possible combi

nations of axial and moment loads for a given cross section. The use of interaction dia
grams will be illustrated later in this chapter.

For analysis purposes, neglect any interaction between the shear loads and the axial
or moment loads. For a working stress analysis, the shear stress, lv, must not exceed the
shear capacity, Fv:

Ifa = ~I
The maximum fiber stress caused by a moment M in the foundation is:

Ifh = ~I
Where:

fa = average normal stress caused by axial load

Ji, = normal stress in extreme fiber caused by tlexuralload

P = axial tension or compression force in the foundation at depth z

M = moment in the foundation at depth z
A = cross-sectional area

S = elastic section modulus

(12.1)

(12.2)

.h,+fhS1
F" Fh

Ij" = ~I
I j" S F"I

Where:

/.' = shear stress in foundation at depth z

V = shear force in foundation at depth z

A = cross-sectional area of foundation at depth z

F" = allowable shear stress in foundation at depth z

(12.5)

(12.6)

(12.7)
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The greatest shear stress occurs at the top of the foundation, and is computed using
the unfactored applied shear force, V.

12.3 PILES

The structural design of piles must consider each of the following loading conditions:

• Handling loads are those imposed on the pile between the time it is fabricated and
the time it is in the pile driver leads and ready to be driven. They are generated by
cranes, forklifts, and other construction equipment.

• Driving loads are produced by the pile hammer during driving.

• Service loads are the design loads from the completed structure.

The most critical handling loads often occur when the pile is suspended in a nearly
horizontal position from only one or two support points, as shown in Figure 12.1. This
can produce flexural stresses that are greater than those from the service loads. Concrete
piles are especially prone to damage from these loads because of their greater weight and
smaller tensile strength. PCI (1993a) recommends computing handling stress based on the

weight of the pile plus an additional 50 percent for inertial and impact effects. The pile
designer must accommodate these handling loads by specifying pickup points along the
length of the pile, as shown in Figure 12.2.

Driving loads also are important, especially if the contractor uses a large hammer.
Timber and concrete piles are especially prone to such damage. Driving stresses are pri
marily compressive, but significant tensile stresses can develop in some circumstances.
Use a wave equation analysis, as discussed in Chapter 15, to predict these driving stresses,
and thus guide the selection of an appropriate hammer and pile driving appurtenances.

Most of the design effort focuses on the service loads. It is often necessary to con
sider various combinations of service loads to determine the most severe combination.

Timber Piles

ASTM 025-91 specifies minimum dimensions for timber piles. However, the available
sizes in a particular region depend on the height and species of trees available locally.
Typically timber piles have a head diameter of 200 to 450 mm (8-18 in) and a toe diame-

Figure 12.1 This prestressed concrete pile

is being lifted into the pile leads by a single

cable. This process induces handling stresses

in the pile.

(a)

t t
"'" f""'\

I I

I:02L'1 L ~

(b)

Figure 12.2 Using specitied pickup points to keep handling stresses within lOlerahk

limits: la) single-point pickup: (hi double-point pickup.
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Solution

1.Check the axial and flexural stresses at depth of maximummoment:

2. Check shear stress at the head of the pile (point of maximumshear):

Assume P at 8 ft = P at head (conservative).

<=Answer:. Design is acceptable

F,. =0.09 Fa =(0.09)(800) =72lb/in2

'lTB2 1T(12)2 ,
A = - = -- = 113 in-

4 4

V 3900 . ,
f, = - = - = 34.5 Ib/m- < 72 OK

,. A 113

Bat 8 ft = 12 - (8/30)(12 - 7) = 10.7in.

'ITB2 'IT(10.7j2
A = - = -- = 89.9 in'

4 4 .

P 40.000 ,

j" = A = 89.9 = 445 lb/in-

'ITBJ 'IT(1O.7)J 1s=-=---= 120in'
32 32

M (7.0 ft-k)(i2 in/ft)(looo Ib/k) . ,
fi = - = - 700 Ib/m-/, S 120in3

j" + !h = 445 + 700 = 0.99 :S I OK
Fa Fh 800 1600

Steel Piles

Steel piles are usually made of mild steel that conforms to ASTM standard A36. This ma
terial has a yield strength, Fp of 250 MPa (36,000 Ib/in2), and is adequate for most pro

jects. Piles with Fv as high' as 450 MPa (65,000 Ib/in2) are available, but they are not
specified as often because most applications do not need the higher strength, and because
they are more difficult to weld. In addition, some building codes do not permit the use of
higher yield strengths in piles.

The allowable axial stress in steel piles, Fa, is typically 0.35F,. to 0.50Fv

(87-124 MPa or 12,600-18,000 Ib/in2) for either tension or compression (Rempe, 1979).

AASHTO is more conservative and uses Fa = 0.25 Fv to 0.33 F,,, The higher values in
these two ranges are generally appropriate only when the driving conditions are favorable .
(i.e., where the pile will drive straight and not be deflected by boulders or other obstruc
tions) and the driving stresses are checked with a wave equation analysis (as discussed in

ter of 125 to 250 mm (5-10 in). The length of timber piles is limited by the height of
trees, and is typically 6 to 20 m (20--60 ft).

Because wood is a natural material, not a manufactured product, it is difficult to as
sign allowable design stresses. Design criteria for wood piles must consider many factors,
including the following:

• The species of tree

• The quality of the wood (i.e., knots, straightness, etc.)
• The moisture content of the wood

• The extent of any damage incurred during driving

• The type and method of treatment (normally reduces strength)

• The number of piles in a pile group (redundancy if one pile is weak)

Example 12.1

A certain column load is to be supported on a group of 16 timber piles. Each pile is 30 ft
long and has a 12-indiameter head and 7-in diameter toe. The top of each pile in the lead
ing row will be subjected to an axial load of 40 k, and a shear load of 3.9 k. The maximum
moment of7.0 ft-k occurs at a depth of 8 ft. Is the structural design satisfactory?Use!a = 800
Ib/in2.

The vast majority of timber piles used in North America are either Southern pine or
Douglas fir, and most building codes give an allowable axial stress under service loads,
F", of about 8.3 MPa (1200 Ib/in2) for either type. This design value is probably satisfac
tory, as long as a wave equation analysis is used to check driving stresses. However, in
the absence of a wave equation analysis, many engineers believe this allowable stress is
too high (Armstrong, 1978; Davisson, 1989; Graham, 1985), especially when there is sig
nificant end bearing, and some have advocated values as low as 4.8 MPa (700 Ib/in2).

This lower value for working loads results in a larger cross-section, which implicitly re
duces the driving stresses.

The allowable extreme fiber stress caused by flexure (bending), Fin is typically
about 2F(/" The allowable shear stress, F" is typically 0.09 Fa to 0.10 Fa. Because timber
piles are tapered, they are not well suited to resist uplift loads. Therefore, we limit the al
lowable uplift capacity to 90 percent of the weight of the pile. Such piles will have mini
mal tensile stresses.

Timber piles are generally not subject to structural damage during handling, but the
contractor must avoid large abrasions that might remove the preservative treatment and
expose untreated wood. However, these piles can easily be damaged during driving, as
described in Chapter 11. To avoid such damage, the maximum driving stresses should not
exceed 20 MPa (3000 Ib/in2) (PDCA, 1998). This means that timber piles should only be
driven with lightweight hammers and they should not be used at sites with hard driving
conditions.

--.11
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Chapter 15). For comparison, engineers use an allowable stress of 0.60F,. to 0.66Fv for

TABLE 12.2COMMON STEEL PIPE PILE SECTIONS USED INTHE UNITED STATES

A36 steel in the superstructure.

Designation'
Area,A (in")Weight Ob/ft)/(in~)S (in3)F"A (k)b

Steel design methods used in the superstructure sometimes use a different aIlowable
30.1

124
stress, Fin for flexural (bending) stresses. However, for piles use Fh = Fa'

pp 12.75xO.2509.8233192

43.8

184
Structural engineers use an aIlowable shear stress of F,. = 0.40 F,. in the superstruc-

pp 12.75xO.37514.5850279

56.7

242
lUre. The greatest shear stress in piles occurs at the top, so the differences between the pile

pp 12.75XO.5OO19.2465362

68.8

300
and the superstructure listed earlier are not as significant. Therefore, we may use the same

pp 12.75xO.62523.8181439

80.1

356
allowable shear stress for piles. However, do not use the entire cross-sectional area for

pp 12.75xO.75028.2796511

shear resistance. For H-piles, use only the area of the web; for pipe piles, use half of the

10.803725536.5136
pp 14xO.250total cross-sectional area.

16.055537353.3202
pp 14xO.375

Standard H-pile sections are listed in Table 12.1. Pipe piles are available in a wide

21.217248469.1267
pp 14xO.sOO 84.1

331
variety of diameters and waIl thicknesses; some of the more common sizes are listed in

pp 14xO.62526.2689589

687

98.2393
Table 12.2. Steel pipe piles have a constant moment of inertia, I, and section modulus, S,

pp 14xO.75031.22106
124.0

515
pp 14x1.000

40.84139868

12.37

4238448.0156

TABLE 12.1
STANDARD STEEL H-PILESECTIONS USED IN THE UNITED STATESb (AISC

pp 16xO.250
562

70.3232
18.41

63

Manual of Steel Construction, American Institute of Steel Construction; Used with permission)

pp 16xO.375
732

91.5307
pp 16xO.500

24.3583

AreaA (in")

30.19103894111.7380
x-x Axis

y-y Axis pp 16xO.625
130.9

453
Depth

Width pp 16xO.75035.931221047

Web
BJB2FuAISIS 47.121601331166.4594

pp 16x1.000Designation'
TotalOnly(in)(in)(kj<(in4)(in3)(in~)(in!) 13.94

4754961.0176
pp 18xO.250 807

89.6262
20.76

71
HP8x36

10.63.568.028.1613411929.8409.9 pp 18xO.375
117.0

346
PP,18xO.500

27.49941053

HP IOx42
12.44.059.7010.0715621043.47214.2 1289143.2430

pp 18xO.625
34.12116

HP IOx57

16.85.659.9910.2221229458.810119.7 40.641381515168.3512
PP 18xO.750HP 12x53

15.55.1111.7812.0419539366.812721.1 53.411821936215.1673
PP 18x1.000 23.12

791113111.3291
HP 12x63

18.46.1811.9412.1223247279.115325.3 PP20xO.375

30.63

1041457145.7386

HP 12x74

21.87.3412:1312.2127556993.818630.4 PP2OxO.5oo
1787

178.7479
PP20x0.625

38.04129

HP 12x84
24.68.391228122931065010621334.6 45.361542104210.4571

\

PP20x0.750
2701

270.1752
HP 13x60

17.55.7512.5412.9022150380.316525.5 PP2Ox1.00059.69203

36.91

1262549212.4465
HP 13x73

21.67.2012.7513.0027263098.820731.9

I

PP 24xO.500
308.8

690
PP 24xO.750

54.781863705
HP 13x87

25.58.6512.9513.1032175511725038.1 4787398.9910
PP 24xl.OOO

72.26246

HP 13xl00
29.410.0413.1513.2037088613529444.5 89.343045797483.11126

PP 24x1.250 6739
561.61336

HP 14x73
21.46.8813.6114.58270T2910726135.8 PP 24x1.5oo106.03361

46.34

1585042336.1584
HP 14x89

26.18.5313.8314.6932990413132644.3 PP3OxO.5oo

68.92

2357375491.7868

HP 14xl02

30.09.8714.0114.78378105015038051.4 PP30x0.750
9589

639.31148
PP 3Ox1.000

91.11310

HP 14x117
34.411.4714.2114.88433122017244359.5 I

112.90
38411687779.11423

pp 30x1.250 134.30

45713674911.61692

'The tirst number in the pile designation is the nominal section depth in inches. The second number is the weight in pounds

PP 3Ox1.5oo

per foot.
'The first number in the pile designation is the outside diameter, the second number is the wall thick~ess.

'Soft metric HP sections are the same size as those listed here. 'The allowable axial load when no moment is present (F"A) is based on F" = 0.35[. and[. = 36 kfm-.
'The allowable axial load when no moment is present (F"A) is based on Fa = 0.35[.. and[.. = 36 klin'.
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regardless of the direction of the lateral load. However. I and S for H-piles depends on the
direction of the load relative to the web. Usually the designer has no control over the as
built web orientation. so we must use I and S of the weak (Y-Y) axis. but sometimes the

orientation is specified and the X-X axis properties may be used.
Because of their high strength and ductility. steel piles are normally not subject to

damage during handling. However. they might be damaged during driving. especially if
the contractor uses a large hammer. PDCA (1998) recommends limiting driving stresses

to 0.9 F,.

Example 12.2

A large sign is to be supported on a single. 4()()..mmdiameter free-head steel pipe pile with
10-mmwall thickness. The sign will impose a verticaldownward load of 20 kN, a shear load
of 12 kN, and an overturning moment of 95 kN-m onto the top of the pile. The pile is made
of A36 steel. Is this design adequate?

Solution

fv «Fv OK

The design is satisfactory.

Note how the flexural stresses dominate this design.

Concrete-Filled Steel Pipe Piles

When empty steel pipe piles do not provide sufficient structural capacity, engineers some
times fill them with concrete. The concrete increases both the axial and lateral structural

load capacity, and provides some corrosion protection to the interior of the pipe. How
ever. concrete infilIing does not improve the geotechnical downward load capacity (be
cause even open-end pipe piles generally become fully plugged). The geotechnical uplift
capacity increases slightly. because of the added weight of the concrete.

Design concrete-filled steel pipe piles using a working stress analysis:

For axial compression loads:

Where:

Fa = allowable axial stress based on total cross section

Fb = allowable flexural stress based on total cross section

F,= yield stress of steel (usually 250 MPa or 36.000 Ib/in2)

le' = 28-day compressive strength of concrete

As = cross-sectional area of steel

Ac = cross-sectional area of concrete

A = total cross-sectional area = As + Ac

The coefficient of the first term in Equations 12.8 to 12.10 may be increased to 0.50 if the
driving conditions are especially favorable and a wave equation analysis is performed. as
described earlier ..

Once again. the AASHTO values are more conservative. They limit concrete

stresses to 0.40 le' and steel stresses to 0.25 F)'.

Because this is a free-headpile (as defined in Chapter 16), the maximummoment is equal to
the applied moment.

Check axial and flexural stresses at the top of the pile.

11" 0.«<JD2 11" O.3SlY ,

A = --4- - --4- = 0.0123 m-

20

fa = 0.0123 = 1,600kPa = 1.6MPa

11" O.<I()(t 11" O.3Str

I = ~ - ~ = 2.33 X 10-4 m4

2l 2 (2.33 X 10-4 m4)
S = - = ------ - 1.17 X 10-3m3

B 0.400 m

M 95

fb = S = -1.-17-X-I-0--3= Sl,500 kP~ = S1.5MPa

Fv = 250MPa

Fa = Fb = 0.35 F, = (0.35)(250) = 87 MPa

fa fb 1.6 81.5

Fa + Fb = 87 + 87 = 0.96 < 1.0 OK

Check shear stresses using half of the cross-sectionalarea.

12
t. = --- = 1950kPa = 1.95MPa

v 0.0123/2

F, = 0.4 F, = (0.4)(250) = 100MPa

-1

For axial tension loads:

For flexural loads:

0.35 F,A, + 0.33/:A
F = .

a A

0.35F;.A,
F .a=A

I Fb = 0.35 F)' I

(12.8)

(12.9)

(12.10)
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Prestressed Concrete Piles

The model building codes and the AASHTO code provide specific requirements on de
tailing prestressed concrete piles, and the following requirement for allowable compres
sive stress:

21/2"

Typ

Strands

41/{--
Min

(Nominal)

Strands

21ft

21,-tl

T(12.11)

Where:

F" = allowable compressive stress in concrete due to axial load

fe' = 28-day compressive strength of concrete

f",. = effective prestress stress on the gross section

IF" = 0.33f: - 0.27 ff'< I

3. Using Equations 2.7 to 2.17, compute the ACI factored compressive, tensile, and
moment loads. The moment load should be based on the maximum moment, which

is normally obtained using the techniques described in Chapter 16.

4. Using Figure 12.4 (or the more elaborate set of interaction diagrams provided in
PCI, 1993a), select the required pile size. The optimal size is the smallest pile that
satisfies both of the following conditions for both tension and compression:

This requirement is suitable for piles subjected only to axial compression, but provides no
assistance for piles subjected to lateral or uplift loads.

The American Concrete Institute ACI 318-99 code (ACI, 1999) specifically ex
cludes the design of concrete piles [1.1.5] except for some special seismic requirements
[21.8.4]. The code commentary references ACI 543R-74 Recommendations for Design,
Manufacture, and Installation of Concrete Piles (ACI, 1974), PCI (1993a), and the "gen
eral building code," which refers to other governing codes, such as the IBC. The provi
sions in ACI 543 use working stress (ASD) analyses with transformed sections based on
now obsolete sections of ACI 318-63. Thus, at least from a code point-of-view, the struc
tural design requirements for prestressed concrete piles are surprisingly vague and incom-
plete, especially when lateral loads are present. (

The most workable solution to this dilemma is probably to design prestressed con
crete piles using the code requirements for normal prestressed members, then check the
design against Equation 12.11. The PrecastlPrestressed Concrete Institute (PCI, I993a) has
developed standard designs for prestressed concrete piles based on this approach. Figure
12.3 and Tables 12.3 and 12.4 present the dimensions and other data, along with the allow
able compressive load (based on ASD) as computed using Equation 12.11. Figure 12.4 is
an interaction diagram for some of these piles. This interaction diagram shows the various
combinations of factored normal and moment loads that may be sustained. PCA (1993)
provides a much more detailed set of interaction diagrams for a wider range of pile sizes.

Use the following procedure to size a prestressed concrete pile:

2'-6"

Cylindrical Void (When Required)

W 35 Spiral

2'·6"

I I 16 Turns I ~
6" Pitch at J" "5 Turns at

• J 1 )N Pitch

Figure 12.3 Standard prestressed pile designs (PC!. 1984).

PuS <pP"

Mu S <pM"

1. Using Equations 2.1 to 2.4 (or comparable equations from the governing code)
compute the unfactored compressive load acting on the pile.

2. Using the allowable compressive loads listed in the last four columns of Table 12.3
or 12.4, select a pile size. These allowable loads are based on Equation 12.11, and
thus provide a pile that satisfies this code requirement. The optimal size is the
smallest pile that has an allowable capacity (F".4) at least as large as the unfactored
compressive load computed in Step 1. If no tensile or moment loads are present,
then use this as the design pile size. Otherwise, continue with the remainder of this
procedure.

5. For design, use the larger of the piles sizes obtained from Steps 2 and 4.

Prestressed concrete piles subjected to seismic loads may be prone to a brittle fail
ure at the connection with the pile cap. To avoid this problem, many engineers embed
mild steel bars into the top of the pile, as shown in Figure 11.12, and use them to connect
it with the pile cap. These bars are more ductile than the prestressing strands.

Prestressed concrete piles also must be able to withstand handling and driving
stresses. PCI (1993a) recommends designing for the maximum handling and driving
stresses described in Table 12.5. These computations are based on the unfactored loads.
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2500

Oblin')

0.85 j;' -I,.
6 (j,')05 +ft".

F" = 6 U;')O.5 +I"e

<=Answer

Allowable Stress on Gross Section

(MPa)

F" = 0.50 (f.,)o, +1,.

0.85./:.' -I,.
0.50 (f.')o, +1,.

Loading Condition

Handling stresses"

Flexure

Driving stresses

. Compression

Tension

TABLE 12.5 ALLOWABLE HANDLING AND DRIVING STRESSES

IN PRESTRESSED CONCRETE PILES (Adapted from pcr, 1993a;
Used with permission)

P" = 1.4PD + 1.7PL = (1.4)(100) + (1.7)(120) = 344 k

M" = 1.4MD + 1.7ML = (1.4)(50) + (1.7)(20) = l04ft-k

"Computed using 1.5 times the weight of the pile

P = PD + PL = 100 + 120 = 220 k

If we usef,' = 7000 Ib/in', the minimum pile size is 12-inch square (per Table 12.3)

Figure 12.4 is based on the factored loads, so it is necessary to apply the ACI load factors:

Based on Figure 12.4 and the requirements that P"$4>P,, and M"$4>M,,, we must use a 14-inch
square pile.

Use a 14-inch square prestressed concrete pile with
I: = 7000 Iblin' and 10 strands of prestressing steel

Solution

The unfactored compressive load is:

QUESTIONS AND PRACTICE PROBLEMS

800600

/,.' = 7000 Iblin'

J;•. = 700 Iblin'

200
1000

o

$P"

(k)

=

~~
§
c

400

$M,,(rt-k)

Figure 12.4 Interaction diagrams for selected PCI standard square prestressed concrete
piles (Compiled from PCI, 1993a). These capacities are based on the ACI factored loads

(Equations 2.7-2.17).

Example 12.3

A square prestressed concrete pile must sustain the following design service loads:
Axial compression

Dead load = 100 k
Live load = 120 k

Moment
Dead load = 50 ft-k

Live load = 20 ft-k

Select a pile size that will safely sustain these loads.

1

12.1 An HP I3x60 pile is made of steel with F,. = 50 klin' and is to be loaded in compression only
(Le., no moment or shear loads). Using F" = 0.35 F" compute the maximum allowable com
pressive load on this pile.

12.2 A pipe pile made of A36 steel (F,. = 36 klin') must sustain a compressive load of 200 k and a

moment load of 40 ft-k. Using F~ = 0.35 F" select an appropriate pile size from the standard
piles listed in Table 12.2.

12.3 A PP20x0.500 pile made of A36 steel (F, = 36 klin') is to be filled with concrete having a
28-day compressive strength of 3000 Ib/ini. This pile is to be loaded in compression only (i.e.,
no moment or shear loads). Compute the maximum allowable compressive load.
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12.4 A group of twelveprestressedconcrete piles is to support a building column. The total down
ward design load on the group is 4900 k. Assuming this load is evenly distributed across the
12 piles, and that there are no moment or shear loads, select a pile size and 28-day compres
sive strenglhof the concrete.

12.5 An IS-inch square prestressed concrete pile with/,.' = 7000 Iblin2 is to sustain the following
loads:

compressivedead load = 400 k

compressivelive load = 200 k
flexuraldead load = 60 ft-k

flexurallive load= 75 ft-k

Is this designsatisfactory?Justify the reason for your answer.

ing the shaft using both factored loads (for the ACI design) and unfactored loads (for
Equation 12.13).

Use of Interaction Diagrams

The interaction diagrams in Figures 12.6 to 12.9 are dimensionless plots that present
the ACI design requirements for ~pirally reinforced circular short columns. These dia
grams are based on the ratio of the longitudinal reinforcing steel circle diameter to the
overall shaft diameter, as shown in Figure 12.5. These interaction diagrams are based on
f/ = 4000 Ib/in2 (27.6 MPa) and j,. = 60 klin2 (413.7 MPa). Additional interaction dia
grams can be developed for other material strengths.

These interaction diagrams produce the required steel ratio, p to resist the combined
axial and flexuralloads:

12.4 DRILLED SHAFTS _ A, _ 4A,p----
Ag "IT B2

(12.14)

Drilled shaft foundations also suffer from a lack of well-defined code provisions for struc
·tural design. The model building codes all specify a maximum compressive stress for
axial loads:

I Fa = 0.33f:·1 (12.12)

Where:

p = steel ratio

A, = cross-sectional area of longitudinal steel bars

Ag = gross cross-sectional area of drilled shaft
B = diameter of drilled shaft

Combining Equations 12.1 and 12.12, and settingfu = Fa gives the code minimum diame
ter for drilled shafts: The following procedure may be used to develop structural designs for drilled

shafts based on these interaction diagrams and the model building code requirement:

~3.86PB = f; (12.13)
B

Where:

B = minimum shaft diameter to satisfy Equation 12.12

P = unfactored compressive load

fe' = 28-day compressive strength of concrete

The design diameter should be a multiple of 200 mm or 6 in.
The American Concrete Institute ACI 318-99 code (ACI, 1999) specifically ex

cludes deep foundations [1.1.5] (except for certain seismic provisions), while the
AASHTO Standard Specifications for Highway Bridges (AASHTO, 1996) uses the same
design criteria as for reinforced concrete columns [4.6.6.1], and give the designer the op
tion of using ASD or LRFD.

Therefore, it is probably best to design drilled shafts so that they satisfy both the
standard ACI design criteria for short columns and Equation 12.13. This requires evaluat-

rB

Figure 12.5 Definition of'Y for the inter

action diagrams in Figures 12.6 to 12.9.
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7.0 7.0

6.0 6.0

5.0

t ..10 1.60 1.80 2.00

A

0.20 0..10 0.60 0.80 J.(XI 1.20 1.40 1.60 1.80 2.IXI

4JM" ,(kim:!.)
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o

P,; 0.08

_1!E7 \
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I 0.0:;
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1\\
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2.0

1b~1. (klin2)
A

Figure 12.6 Interaction diagram for spirally-reinforced drilled shafts with f: = 4000

Ib/in' (27.6 MPa),J, = 60 klin' (413.7 MPa) and"y = 0.45. (Adapted from McCormac,
1998, used with permission.)

Figure 12,8 Interaction diagram for spirally-reinforced drilled shafts with f: = 4000
Ib/in' (27.6 MPa),!.. = 60 klin' (413.7 MPa) and "y= 0.75. (Adapted from McCormac,

1998, used with permission.)

7.0) t I 7.0

6.0 6.0

\..10 1.60 1.80 2.00

Figure 12.7 Interaction diagram for spirally-reinforced drilled shafts with f: = 4000
Ib/in' (27.6 MPa),!.. = 60 klin' (413.7 MPa) and "y= 0.60. (Adapted from McCormac,

1998, used with permission.)

1.40 1.60 1.80 LOO

Figure 12.9 Interaction diagram for spirally-reinforced drilled shafts with I: = -1000

Ib/in' (27.6 MPa),J,. = 60 klin' (413.7 MPa) and "y= 0.90. (Adapted from McCormac,
1998, used with permission.)
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Example 12.4

For design purposes, #3 or #4 bars (metric #10 or #13) might be sufficient spiral re
inforcement, but construction procedures may dictate larger diameter rod (Le;, #6 or met
ric #19) in order to avoid excessive distortions of the cage. The pitch (i.e. the vertical dis
tance between the spiral rods) is typically between 75 and 150 mm (3-6 in).

See Q'Neill and Reese (1999) for more information on structural design of drilled
shafts.

Where:

P., = ratio of volume of spiral reinforcement to total volume of core

A = gross cross-sectional area of drilled shaft = -rrB2/4

Ac = cross-sectional area of core (i.e., area of circle bound by outside diameter
of spiral reinforcement)

!C' = 28-day compressive strength of concrete

Iv = yield strength of steel (maximum 420 MPa or 60,000 Ib/in2)

The maximumcompressiveand moment loads in a drilled shaft foundationare as follows:
Compression

PD = 300 k
PL=260k

Moment
MD=240 ft-k
ML = 80 ft-k

Usingf.' = 4000 Ib/in2and!, = 60,000 Ib/in2,detennine the requireddiameter and reinforce
ment.

(12.15)
Ps = 0.45 (~- l)f, Ac I"Jy

10. Size the spiral steel using the following equation [ACI 10.9.3];

p" q, P"-<-
A - A

1. Compute the unfactored axial compressive load using Equations 2.1 to 2.4 (or simi
lar equations from a governing code).

2. Using Equation 12.13 with the unfactored compressive load from Step 1, compute
the minimum shaft diameter, B. This diameter should be expressed as a multiple of
200 mm or 6 in.

3. Compute the diameter of the longitudinal reinforcing steel circle. Assuming #8 bars
(metric #25) for the longitudinal steel, 1I2-inch diameter spiral reinforcement, and
70 mm (3 in) of concrete cover as required by ACI, the diameter of the longitudinal
steel circle is approximately B - 180 mm or B - 7.5 in.

4. Use Figure 12.5 to compute 'Y and select the proper interaction diagram based on
this value. This book provides diagrams for'Y = 0.45,0.60,0.75, and 0.90. It may be
necessary to use two diagrams and interpolate.

5. Compute the factored compressive load p" using Equations 2.7 to 2.17. This is the
compressive load imparted from the structure to the top of the foundation.

6. Compute the factored moment load Mu using Equations 2.7 to 2.17. This is the max
imum moment load at any point in the foundation, and is computed using the tech
niques described in Chapter 16. If we wish to use the same reinforcing for the entire
length of the shaft, then this is the only required value of MU" Alternatively, if we
wish to cut off part of the reinforcing at various depths (because of the reduction in
moment with depth), then we need to compute M" as a function of depth. Chapter
16 describes methods of developing this data.

7. Compute P"IA and M..IAB, where A is the gross cross-sectional area of the shaft
(i.e., the combined area of the concrete and the reinforcing steel).

8. The interaction diagram(s) present the compressive and moment capacities, q,P"IA
and cpM.lAB for various steel ratios, p. To use these diagrams, plot the values P..IA
and M"IAB from Step 7 and select the required steel ratio, p, such that both of the
following conditions are met;

M" cpM"-<--
AB-AB

Solution

Unfactoredload:

The value of p must be between 0.01 and 0.08. If the 'Yvalue demands the use of
two interaction diagrams, then determine p from each and interpolate. If p > 0.08,
increase the diameter, B, and recompute p. However, do not use a B less than that
computed from Equation 12.13.

9. Using Equation 12.14 and Table 9.1, select the size and number of longitudinal re
inforcing bars. There must be at least six bars [ACI 10.9.2], and the clear space be
tween bars must be at least equal to db' 25 mm (1 in), and 4/3 times the maximum
aggregate size, whichever is greatest [ACI 3.3.2 and 7.6.1].

P = PD + PL = 300 + 260 = 560 k

Requireddiameter:

)3.86 P (3.86(56O,000 Ib) .B = T = Y 4ooolb/in2 = 23m
Use B = 24 in

24 - 7.5 = 0.69
'f = 24

I

--1L
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Factored loads: QUESTIONS AND PRACTICE PROBLEMS

P" = 1.4Po + 1.7 PL = (1.4)(300) + (1.7)(260) = 862 k

M" = MD + ML = (1.4)(240) + (1.7)(80) = 472 ft-k

Longitudinalreinforcement:

'TT(24)"= 452 in"
A = -4

12.6 A drilled shaft foundation will be subjected to the following design service loads: Po = 800 k,
PL = 350 k, MD = 400 ft-k, ML = 320 ft-k. Using/,' = 4000 Ib/in2andj, = 60 klin",determine
the requireddiameter (consideringstructural aspects only) and reinforcement.

12.7 A drilled shaft foundationwill be subjected to the following design service loads: PI) = 320 k,
PL = 150k, MD = 350 ft-k, ML = 380 ft-k. Using/,' = 4000 tb/in"and!,. = 60 klin",determine
the requireddiameter (consideringstructural aspects only) and reinforcement.

6)2 . ,'TT(24 - = 254 m-
A,. = 4

Use sixteen #10 bars (satisfies required steel area, as well as minimum and maximum
spacingrequirements).

Spiral reinforcement:

Per Figure 12.7(-y= 0.60): p = 0.055
Per Figure 12.8(-y= 0.75): p = 0.038
By linear interpolation,use p = 0.045

p 'TTB" 0.045 'TT(24)2 . ,
(A,l,·",d = -4- = 4 = 20.4 m'

(A )J:'p, = 0.45 - - I -.A,. j,

= 0.45 (452 _ I) 4000254 60000

= 0.023

Although the ACI code does not govern the design of piles or drilled shafts, it does
encompass the design of caps, which it calls "footings on piles" [15.2.3]. The design
process for caps is very similar to that for spread footings, with the following additional
requirements:

• The design must satisfy punching shear in the vicinity of the individual piles or
shafts [ACI 15.5]

• The effective depth, d, must be at least 300 mm (12 in) [ACI 15.7]. This implies a
minimum thickness Tor 400 mm or 18 in.

• The bearing force between the individual piles or shafts and the cap must not ex
ceed the capacity of either element [ACI 15.8.1]

Pile foundations are nearly always placed in groups, so a single column is supported by
multiple piles. Sometimes drilled shaft foundations also are placed in groups, although a
single large-diameter shaft for each column is often more economical, especially in build
ings. The reinforced concrete element that connects the column with its multiple deep
foundations is called a cap or a pile cap. Figure 12.10 shows a cap under construction,
and Figure 12.11 shows a completed cap.

The process of designing pile caps is very similar to that for spread footings. Both
designs must distribute concentrated loads from the column across the bottom of the foot
ing or cap. The primary differences are:

• The loads acting on caps are larger than those on most spread footings

• The loads on caps are distributed over a small portion of the bottom (i.e., the indi
vidual deep foundations), whereas those on spread footings are distributed across
the entire base ..

Deep foundations are sometimes connected with grade beams, as shown in Figure 12.10.
The Uniform Building Code requires grade beams for all deep foundations subjected to
seismic loads [UBC 1807.2] and specifies they be designed to resist a horizontal compres-

12.5 CAPS

12.6 GRADE BEAMS

P" 862

A = 452 = 1.91k/in"

472 ft-k

(452 in")(2 ft) = 0.52 k/in"

M"

AB

Letp = pitch

Volumeof steel per turn = 18 'TTA, = 56.5 A,

Volume of core per turn = 'TT182P / 4 = 254 P

56.5A,

p, = 254p = 0.023

For #6 bars (A, = 0.44 in"),p = 4.2 in
Use #6 bars at4 inches on center

Final Design:

Use 24-inch diameter shaft with sixteen longitudinal #10 bars
and #6 spiral reinforcement at 4 inches on center <= Answer
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sive or tensile force equal to 10 percent of the column vertical load. However, the code
does provide an exception if another suitable form of lateral restraint is provided.

Grade beams are designed the same as any member in the superstructure, and
should not rely on any support from the underlying soil.

Figure t2.10 This group of nine prestressed concrete piles (three rows of three piles) will SUPPOll a

single column for a building. They will be connected using a reinforced concrete cap. In addition. a

grade beam will connect Ihis cap with the adjacent caps. The vertical steel bars extending from the

lOp of each pile can be seen in the photograph. and some or the cap and grade heam steel is now in

place. Notice the series of stirrups in the grade beam. Once all of the steel is in place. the cap and the

grade beam will be poured l11onolithically.

Figure 12.11 This bridge bent i~;supported on a group of pile foundations. The rein

forced concrete cap connects the bent and the foundations. Because of the clean sandy
soils at this site. this cap was <.:asL using ply\\'ood forms which produced the smooth sides.

Ho\vc\cr. in morc cohesive soils. caps usually arc cast directly against the soil.

3. Deep foundations are usually designed more conservatively than similar members
in the superstructure.

4. The design standards currently include both ASD and LRFD methods for structural

design. This can be confusing. Timber and steel piles are normally designed exclu
sively using ASD. while prestressed concrete piles and drilled shafts are designed
using a combination of ASD and LRFD.

5. Piles must be designed to accommodate handling loads. driving loads. and service
loads. Drilled shafts are designed only for service loads.

6. The allowable stresses for various pile materials are defined in building codes, but
these criteria are often incomplete.

7. Caps are designed using methods similar to those for spread footings, with some ad
ditional requirements.

8. Some codes require grade beams to connect deep foundations that are subjected to
seismic loads.

.-"
--'~,<,:;,........:~...

.:.::::-~ .

........,.. - \
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SUMMARY

Major Points
Vocabulary

1. Deep foundations must have sufficient structural integrity to transfer the applied
loads from the structure to the ground. This means they must have sufficient
strength to safely sustain the applies stresses, and sufficient stiffness to keep the de
formations within tolerable limits.

2. Underground buckling under service loads is usually not a problem with deep foun
dations.

Allowable stress design
(ASD)

Buckling

Driving loads
Grade beam

Handling loads

Interaction diagram
Load and Resistance

Factor Design (LRFD)

Model building code

Pile cap
Residual stresses

Section modulus

Service loads

Spiral reinforcement

Ultimate strength design
(USD)

Working stress design



COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS
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12.8 Why is it appropriate to use more conservative structural designs for foundations than for

comparable superstructure members?

13

• Full-scale static load tests on prototype foundations

• Analytic methods, which are based on soil properties obtained from laboratory or
in-situ tests

• Dynamic methods, which are based on the dynamics of pile driving or wave propa

gation

In reality, soil mechanics is only one of the bodies of knowledge upon
which the foundation engineer must draw. If studied to the exclusion of

other aspects of the art, it leads to the erroneous and dangerous
impression that all problems in foundation engineering are susceptible
of direct scientific solution. Unfortunately, the vagaries of nature and

the demands of economy combine to eliminate this possibility.

From Foundation Engineering by Peck, Hanson and Thombum. Copyright ©1974

by John Wiley and Sons, Inc. Reprinted by permission.

Deep Foundations-Axial Load
Capacity Based on Static Load Tests

The most important geotechnical design requirement for most deep foundations is that

they have sufficient axial load capacity to support the applied loads. Therefore, geotechni

cal engineers have developed methods of evaluating axial load capacity and use these

methods to properly size the foundations. We will divide these methods into three cate

gories:

•
I_~

Select the most inexpensive A36 steel pipe pile that will carry a compressive load of 375 k, a
shear load 20 k, and a moment load of 200 ft-k simultaneously. Assume the price of steel per

pound is the same for every pile size.

A drilled shaft foundation is to be made of concrete withf/ = 27.6 MPa (4000 Ib/in") and rein

forced with grade 60 steel (metric grade 420). The design loads are Po = 1100 kN,

PL = 950 kN, Mo = 400 kN-m, and ML = 250 kN-m. Determine the required diameter and rein
forcing that will sustain these loads.

A 15-m long timber pile with a head diameter of 250 mm will be subjected to a compressive
load of 500 kN. There are no shear or moment loads. Is this design satisfactory from a struc

tural engineering perspective?

12.17

12.9 What type of pile is least prone to damage during handling?

A pp l8x0.500 steel pipe pile made of A36 steel carries a compressive load of 200 k. Com

pute the maximum allowable moment and shear forces that keep the pile stresses within ac-
ceptable limits.

12.16

An H-pile made from A36 steel must support a compressive load of 250 k and a moment load
of 50 ft-k. Select the most economical H-pile section. Assume the driving conditions are fa

vorable, the driving stresses will be evaluated by a wave equation analysis, and the project is

governed by one of the model building codes.

12.15 A prestressed concrete pile must sustain the following design loads: Po = 85 k, PL = 70 k,
Mo = 80 ft-k, and ML = 70 ft-k. Select a pile size that will safely sustain these loads.

12.14

12.13

12.12

12.11 Develop an interaction diagram (a plot of allowable moment load vs. allowable compressive
load) for an HP l2x84 pile made of A36 steel. Assume bending occurs along the weak axis.

A 12-inch square, 60-ft long prestressed concrete pile with/,' = 6000 lb/in" and!;,," = 700 lb/in"
is to be lifted at a single point as shown in Figures 12.1 and 12.2a. Using the weight of the pile

plus a 50 percent increase for inertial and impact effects, draw shear and moment diagrams for
this pile. Then compute the resulting flexural stresses and determine if this pickup arrange
ment satisfies the PCI allowable stress criteria. If it does not, then suggest another method of

pickup that is acceptable.

12.10

"

--A
This chapter discusses full-scale static load tests; Chapters 14 and 15 discuss analytic and

dynamic methods, respectively.
465



13.1 LOAD TRANSFER

466 Chapter 13 Deep Foundations-Axial Load Capacity Based on Static Load Tests

Many deep foundations also must support significant lateral loads, and these loads
may control certain aspects of the design. Chapter 16 discusses methods of evaluating lat
eralload capacity. Finally, Chapter 17 draws this material together and discusses how to
develop a deep foundation design.

It is important to be very careful when using the term load capacity. It can refer ei
ther to the ultimate load capacity, which is the load required to cause failure, or the allow
able load capacity, which is the ultimate load capacity divided by a factor of safety.
Confusion between these two defInitions has often been a source of misunderstandings
and litigation. Therefore, the term load capacity without any adjective should be used
only in a generic sense, such as in the title of this chapter. However, when referring
directly or indirectly to a numerical value, always include the adjective "ultimate" or
"allowable."

Deep foundations transfer applied axial loads to the ground via two mechanisms: side
friction and toe bearing, as shown in Figure 13.1. The side-friction resistance (also known
as skin-friction resistance) is the result of sliding friction along the side of the foundation
and adhesion between the soil and the foundation. In contrast, the toe-bearing resistance
(also known as point-bearing resistance, tip-bearing resistance, or end-bearing resis
tance) is the result of compressive loading between the bottom of the foundation and the
soil, and thus is similar to load transfer in spread footings.

Downward (Compressive) Loads

Side friction and toe bearing are fundamentally different modes of resistance, so it is cus
tomary to evaluate each of them separately. Thus, the allowable downward (compressive)
load capacity, Pa, is computed as follows:

13.1 Load Transfer

Figure 13.1 Transfer of axial loads from a

deep foundation into the ground by side fric
tion and toe bearing.

r

-iB~

467

P _ Palt _ Pt + Ps - Wfa-/i- F

Where:

Pa = allowable downward load capacity

Palt = ultimate downward load capacity

Pt = toe-bearing resistance

Ps = side-friction resistance

Wf = weight of foundation (considering buoyancy, if necessary)
F = factor of safety

(13.1)

J

We can simplify this formula by using the net toe-bearing resistance, Pr':

P; = Pt -"1
P; + PsP=--

a F

Rewriting in terms of the unit toe-bearing and side-friction resistances gives:

Pa = q;At + 'i.fA
F

(13.2)

(13.3)

(13.4)



----,

468 Chapter 13 Deep Foundations-Axial Load Capacity Based on Static Load Tests

The foundation must satisfy the following design criterion:

13.1 Load Transfer

/PipePile

469

The toe-bearing and side-friction contact areas depend on the foundation geometry,
and the net unit toe-bearing and side-friction resistances primarily depend on the soil
properties. The net unit side-friction resistance typically varies with depth, so we must di
vide the foundation into sections, find the side friction in each section, and sum to com
pute the total side friction.

I P:s Po I

Where:

P = design downward load (from Equations 2.1, 2.2, 2.3a, and 2.4a)

Pu = allowable downward load capacity

q,' = net unit toe-bearing' resistance

A, = toe-bearing contact area

f,= unit side-friction resistance

A., = side-friction contact area

F = factor of safety

(13.5)

Figure 13.2 Proposed pipe pile for Exam
ple 13.1.

Medium Clay
J, = 25 kPa

Silly Sand
J, = 100 kPa

Glacial Till

q,' = 4000 kPa
J, = 800 kPa

Example 13.1

An 800 kN compressive load is to be imposed on a 4OO-mm diameter, IS-m long steel pipe
pile driven into the soil profile shown in Figure 13.2. The net unit toe-bearing and unit side
friction resistancesare as shown. Compute the downward load capacity using a factor of
safety of 3 and determine if the design is acceptable.

Solutiou

Pu = q;A, + 'i.J,A.•
F

= (4000)(0.126) + (25)(5.03) + (100)(12.57) + (800)(1.28)
3

504 + 126 + 1257 + 1024

3

The upward (tensile) load capacity of a shallow foundations is limited to its weight, so
these foundations are not very effective in resisting such loads. However, deep founda
tions use both the weight and the side friction (which now acts in the opposite direction),
and thus are more effective in resisting upward loads. Deep foundations with expanded'
bases can resist additional uplift loads through bearing on top of the base.

Toe bearing
A, = 1T(0.2)2= 0.126 m2
q,' = 4000 kPa

Side friction-medium clay
A, = (0.4)1T(4.0) = 5.03 m2
Is = 25 kPa

Side friction-silly sand
A, = (0.4)1T(1O.0)= 12.57 m2
J, = lookPa

Side friction-glacial till
A, = (0.4)1T(1.0) = 1.26 m2
Is = 800kPa ,.\<

j
..'~'.&'c~

= 970kN

P = 8ookN:s Pu

Upward (Tensile) Loads

*=Answer

:. The design is satisfactory *=AlI.fwer
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If upward loads are present, the foundation must satisfy the following design crite-
rion:

13.1 Load Transfer

Contact Areas At and As

471

Where:

P"pward = applied upward (tensile) load, expressed as a positive number

(P"pward)" = allowable upward (tensile) load capacity

Some foundations are subjected to both downward and uplift loads. For example, a
downward load may be present under normal circumstances (Equations 2.1 and 2.2), but a
net uplift load may exist when seismic loads are considered (Equations 2.3a and 2.4a). In
such cases, the foundation must satisfy both Equations 13.5 and 13.6.

The allowable upward load capacity, (P"pw"'d)'" for straight deep foundations with
DIB >6 is:

P upward ::::;:(P upward) Cl

(P"pwurd)u = Wr + 2:.f,A,F

(13.6)

(13.7)

When using Equations 13.4 and 13.5, we must evaluate the toe-bearing and side-friction con
tact areas, A, and A,. The method of doing so depends on the shape and type of foundation.

Closed-Section Foundations

A closed-section foundation is a deep foundation in which the foundation-soil contact oc
curs along a well-defined surface around the perimeter of the foundation. These include
virtually all deep foundations except H-piles and some open-end pipe piles. Because of
their simple geometry, it is easy to compute the toe-bearing and side-friction contact
areas, A, and A." for these foundations. The design value of A, is simply the toe area of the
foundation (i.e., the solid cross-sectional area), while A, for a particular stratum is the
foundation surface area in contact with that stratum.

Closed-section foundations with enlarged bases, such as underreamed drilled shafts
or pressure-injected footings, are slightly more complex. Typically, we use the full base
area to compute A" but ignore the side of the enlargement when evaluating side friction.

Where:

(P"pwurd)" = allowable upward load capacity

Wf = weight of the foundation (considering buoyancy, if necessary)
f,= unit side-friction resistance

As = side-friction contact area

F = factor of safety

The f, value for upward loading is somewhat less than that for downward loading,
as discussed in Section 14.4.

If some or all of the foundation is submerged below the ground water table, then the

computed value of Wf must consider buoyancy effects. This can be done by simply multi
plying the submerged volume by the unit weight of water and subtracting this value from
the dry weight.

If DIB < 6, a cone of soil may form around the foundation during an upward failure.
This reduces its uplift capacity (Kulhawy, 1991). Fortunately, the vast majority of deep
foundations are long enough to avoid this problem, so the side-friction resistance may be
assumed to be equal;::> that for downward loading.

Cyclic up-and-down loads can be more troublesome than static loads of equal mag
nitude. Turner and Kulhawy (1990) studied deep foundations in sands and found that
cyclic loads smaller than a certain critical level do not cause failure, but enough cycles
larger than that level cause the foundation to fail in uplift. The greatest differences be
tween static and cyclic capacities seem to occur in dense sands and in foundations with
large depth-to-diameter ratios.

Deep foundations with enlarged bases, such as belled drilled shafts or pressure
injected footings, gain additional upward capacity from bearing on top of the base. Meth
ods of evaluating this additional capacity are discussed in Chapter 14.

Open-Section Foundations

Open-section foundations are deep foundations that have pooriy defined foundation-soil
contacts. These include open-end steel pipe piles and steel H-piles. These poorly defined
contacts make it more difficult to compute A, and A,.

When open-end pipe piles are driven, they initially tend to "cookie cut" into the
ground, and the toe-bearing area, A" is equal to the cross-sectional area of the steel. Soil
enters the pipe interior as the pile advances downward. At some point, the soil inside the
pile becomes rigidly embedded and begins moving downward with the pile. It has then
become a soil plug, as shown in Figure 13.3, and the toe-bearing area then becomes the
cross-sectional area of the pile and the soil plug. In other words, the pile now behaves the
same as a closed-end pipe (i.e., one that has a circular steel plate welded to the bottom).

Many factors affect the formation of soil plugs (Paikowsky and Whitrnan, 1990;
Miller and Lutenegger, 1997), including the soil type, soil consistency, in-situ stresses,
pile diameter, pile penetration depth, method of installation, rate of penetration, and so
forth. In open-end steel pipe piles, the soil plug may be considered rigidly embedded
when the penetration-to-diameter ratio, D/B is greater than 10 to 20 (in clays) or 25 to 35
(in sands) (Paikowsky and Whitrnan, 1990). Many piles satisfy these criteria.

Once they become plugged, open-end pipe piles have the same side-friction area,
As> as closed-end piles. Use only the outside of pipe piles when computing the side
friction area. Do not include the friction between the plug and the inside of the pile.

With H-piles, soil plugging affects both toe-bearing and side-friction contact areas.
The space between the flanges of H-piles is much smaller than the space inside pipe piles,
so less penetration is required to form a soil plug. For analysis purposes, we usually can
compute A, and As in H-piles based on the assumption they become fully plugged as
shown in Figure 13.3.
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Figure 13.3 Soil plugging in open-ended steel pipe piles and steel H-piles.

Factor of Safety

• The soil type-Use a higher factor of safety in clays

• The spatial variability of the soil-Erratic soil profiles are more difficult to assess,
and therefore justify use of a higher factor of safety

• The thoroughness of the subsurface exploration program-Intensive subsurface
exploration programs provide more information on the subsurface conditions, and
therefore can justify a lower factor of safety

• The type and number of soil tests performed-Extensive laboratory andlor in
situ tests also provide more information on the soil conditions and can justify a
lower factor of safety

• The availability of on-site or nearby full-scale static load test results-These
tests, which are described later in this chapter, are the most reliable way to deter
mine load capacity, and thus provide a strong basis for using a lower factor of safety

• The availability of on-site or nearby dynamic test results-These tests, which are
described in Chapter IS, also provide insights and can justify lower factors of safety

• The anticipated level and methods of construction inspection and quality con
trol- Thorough methods can justify lower factors of safety

• The probability of the design loads actually occurring during the life of the
structure--Some structures, such as office buildings, are unlikely to ever produce
the design live loads, whereas others, such as tanks, probably will. Thus, the later
might require a higher factor of safety.

Because of these many factors that must be considered, and the need for appropriate
engineering judgement, the engineer usually has a great deal of discretion to detennine
the appropriate factor of safety for a given design.

It is good practice to use higher factors of safety for analyses of upward loads be
cause uplift failures are much more sudden and catastrophic. For example, some pile
foundations in Mexico City failed in uplift during the 1985 earthquake and heaved 3 m
(l0 ft) out of the ground. Therefore, most engineers use design values 1.5 to 2.0 times
higher than those for downward loading.

Table 13.1 presents typical design factors of safety for pile foundations based on the
type of construction control. These methods have not yet been described, but will be cov
ered later in this chapter and in the following chapters. The values in this table are for
piles used to support ordinary structures on typical soil profiles with average site charac
terization programs. Higher or lower values might be used for other conditions.

Except for full-scale load tests, the construction control methods described in Table
13.1 are based on the dynamics of pile driving, and thus are not applicable to drilled shaft
foundations. Therefore, the factor of safety for drilled shafts depends primarily on the
availability of static load test information, the unifonnity of the soil conditions, and the
thoroughness of the site characterization program. Table 13.2 presents typical factors of
safety for design of drilled shafts that will support ordinary structures. Once again, the en
gineer might use higher or lower values for other conditions. For example, foundations
supporting an especially critical structure might be designed using a higher value, while
those supporting a temporary structure might use a lower value.

~.,.
~

Soil Plug

Steel H-Pile

00 'rn', """~

~alfPIUgged

Soil Plug

Open-Ended
Steel-Pipe Pile

r&

• The type and importance of the structure and the consequences of failure-
Foundations for critical structures, such as major bridges, should have a higher factor
of safety; those for minor uninhabited structures could use a lower factor of safety

If open-section foundations are driven to bedrock, the relative stiffnesses of the steel,
soil plug, and bedrock are such that the toe-bearing probably occurs primarily between the
steel and the rock. Therefore, in this case it is generally best to use At equal to the cross
sectional area of the steel, As, and ignore any plugging in the toe-bearing computations.

The design factor of safety, F, depends on many factors, including the following:

-----l
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TABLE 13.1 TYPICAL FACTORS OF SAFETY FOR DESIGN OF PILES

Construction Control Methoda

Static load test with wave equation analysis

Dynamic testing with wave equation analysis

Indicator piles with wave equation analysis

Wave equation analysis

Pile driving formulae

Factor of Safety, F

Downward Loading
(Hannigan et aI., 1997)

2.00"

2.25

2.50

2.75

3.50

Upward
Loading

3.00"

4.00

5.00

5.50

6.00

• We usually interpret the soil strength data conservatively.

• The actual service loads are probably less than the design loads, especially in build
ings other than warehouses.

• The as-built dimensions of the foundation may be larger than planned.

• Some (but not all!) of the analysis methods are conservative.

Example 13.2

The steel H-pile foundation in Figure 13.4 has been designed with the benefit of a wave

equation analysis (as discussed in Chapter 15), but without nearby slatic load test or dynamic
test data. Compute the allowable uplift capacity of this foundation.

Notes: a. Most of these tenns have not yet been defined, but all of them will be discussed later in this chapter
and in the following chapters.

b. If the static load testing program is very extensive, the factors of safety for downward and uplift loads
might be reduced to about 1.7and 2.5. respectively.

c. Hannigan, et al. refer specifically to the Gates fonnula.

Other types of deep foundations should generally be designed using factors of

safety in the same range as those presented in Tables 13.1 and 13.2. The selection of these

factors of safety depends on the various factors described earlier.

The actual factor of safety for both downward and upward loading (i.e., the real ca

pacity divided by the real load) is usually much higher than the design F used in the for

mulas. This is because of the following:

Solution

Reference: H-pile dala in Table 12.1

Wr = weight - buoyancy

( 21.8 in2 )= (35 ft)(74Ibjft) - (35 - 12 ft) . 'j , (62.4Ibjfr3)144 m- fr-

= 2370lb

F = 5.5 (per Table 13.1)

( 12.13 12.21)A, = 212 + 212 ft (35 ft) = 142fr2

TABLE 13.2 TYPICAL FACTORS OF SAFETY FOR DESIGN OF DRILLED SHAFTS

Design Information

Factor of Safety, F

Slatic

Site CharacterizationDownwardUpward
Load Test

Soil ConditionsProgramLoadingLoading

Yes

UniformExtensive2.ooa3.000

Yes

Erratic Average2.504.00

No

UniformExtensive2.505.00

No

Uniform Average3.006.00

No

ErraticExtensive3.006.00

No

Erratic Average3.506.00

Note: aIf the static load testing program is very extensive and the subsurface conditions are well-characterized,
the factors of safety for downward and uplift loads might be reduced to about 1.7and 2.5. respectively.

~.

2370 + (900)(142)
(Pulm.nit = __ = 23.7k

Figure 13.4 Proposed pile foundation for
Example 2.2.

<=:Answer
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QUESTIONS AND PRACTICE PROBLEMS

13.1 The toe-bearing capacity in deep foundations is similar to the ultimate bearing capacity of
spread footings. However, the side-friction capacity has no equivalent in spread footing de
sign. Why do we ignore the friction acting on the side of spread footings?

and therefore are less precise. However, static load tests are much more expensive and
time-consuming, and thus must be used more judiciously.

The objective of a static load test is to develop a load-settlement curve or, in the
case of uplift tests, a load-heave curve. This curve is then used to determine the ultimate
load capacity.

•

13.2 When designing shallow foundations, we add the weight of the foundation to the applied col
umn load (for example, see Equation 5. I). However, with downward loads on deep founda
tions, this weight is not explicitly computed (see Equation 13.4).Explain how we account for
the weight of deep foundationssubjected to downward loads.

13.3 A 500-mm diameter, I5-m deep drilled shaft foundation is to be constructed in the soil
profile shown in Figure 13.5. The design axial loads are as follows: PD = 400 kN, PL =
300 kN. PE = ±600 kN. No static load test data is available, the soil conditions are compara
tively uniform, and the site characterizationprogram had average thoroughness.Compute the
downward and upward design loads using Equations 2.1, 2.2, 2.3a. and 2.4a, then compute the
allowabledownward and upward load capacities and determine if this design is satisfactory.

13.2 CONVENTIONAL STATIC LOAD TESTS

Equipment

To conduct a static load test, we must have a means of applying the desired loads to the
foundation and measuring the resulting settlements. A wide variety of equipment has been
used, with varying degrees of success (Crowther, 1988). Early tests often produced the
test load by progressively stacking dead weights, such as precast concrete blocks or pig
iron on top of the foundation, or by placing a tank on top of the foundation and progres
sively filling it with water. Unfortunately, these methods can be dangerous because it is
difficult to place large weights without creating excessive eccentricities that can cause
them to collapse. Therefore, these methods are rarely used today.

A safer alternative is to provide multiple supports for the weights, as shown in
Figure 13.6, and use them as a reaction for a hydraulic jack, which is then used to provide

The most precise way to determine the ultimate downward and upward load capacities for
deep foundations is to build a full-size prototype foundation at the site of the proposed
production foundations and slowly load it to failure. This method is known as a conven
tional static load test. All other methods determine the ultimate load capacities indirectly,

Concrete

Weights

Cross Beams

Reference
Beam

Timber Cribbing

Figure 13.6 Use of a hydraulic jack reacting against dead weight to develop the test load in a static
load test.

Figure 13.5 Proposed drilled shaft founda
tion for Problem 13.3.
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Procedure

latter uses the opposite approach. ASTM Dl143 describes both procedures. The vast ma
jority of tests use the controlled stress method, so it is the only one we will discuss.

Deep foundation construction, especially pile driving, alters the surrounding soil, as
discussed in Chapter 14. This alteration often produces excess pore water pressures,
which temporarily change the ultimate load capacity. Therefore. it is best to allow time

for these excess pore water pressures to dissipate before conducting the test. This typi
cally requires a delay of at least 2 days in sands and at least 30 days in clays.

When conducting controlled stress tests, the field crew applies the test load in incre
ments and allows the foundation to move under each increment. They then record the cor
responding movements and generate a load-displacement curve. Increments of 25,50, 75,
100, 125, 150, 175, and 200 percent of the proposed design load are typically used when
the test is intended to check a predetermined design. However, this load sequence is usu
ally not sufficient to reach the ultimate load capacity, so the engineer cannot determine if

the foundation is overdesigned and thus may lose an opportunity to economize the pro
duction foundations. Therefore, it is better to continue the test until reaching "failure" as
defined in Section 13.3.

The traditional method. known as a slow ML test, maintains each of these load in

crements until the foundation stops moving or until the rate of movement is acceptably
small. This criterion may require holding each load for at least I or 2 hours, sometimes
more, so these tests may require 24 hours or more to complete.

Figure 13.8 This hydraulic jack is loading

the steel pipe pile in compression. The jack
reacts against the beam above. which loads

the reaction piles (background) in 'tension.

Notice the reference beams and dial gages in
the foreground. These are used to measure
the foundation settlement.

Reaction Pile

Dial Gages

Reaction Pile

There are two categories of static load tests: controlled stress tests (also known as main
tained load or ML tests) and controlled strain tests. The former uses predetermined loads
(the independent variable) and measured settlements (the dependent variable), while the

Beam~

Figure 13.7 Use of a hydraulic jack reacting against a beam and reaction piles to de·

velop the test load in a static load test.

the test load. This system is much more stable and less prone to collapse, but it is expen
sive and cumbersome.

The most common method of developing reactions for the test load is to install re

action piles (or some other type of deep foundation) on each side of the test foundation
and connect them with a beam, as shown in Figures 13.7 and 13.8. A hydraulic jack lo
cated between the beam and the test foundation provides the downward load. For uplift
tests, we place the jack between the beam and one of the reaction piles.

Traditionally, engineers measured the applied load by calibrating the hydraulic jack
and monitoring the pressure of the hydraulic fluid during the test. However, even when
done carefully, this method is subject to errors of 20 percent or more (Fellenius, 1980).
Therefore, it is best to place a load cell (an instrument that measures force) between the
jack and the pile and use it to measure the applied load.

The pile settles (or heaves in the case of an uplift test) in response to each increment
of applied load. This settlement is measured using dial gages or LVDTs (linear voltage
displacement transformers) mounted on reference beams, as shown in Figures 13.6 and
13.7. It also is wise to include a backup system, such as a surveyor's level or a wire and
mirror system.

L.
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More recently, the quick ML test is beginning to dominate. This method is similar to
the slow test except that each load increment is held for a predetermined time interval re
gardless of the rate of pile movement at the end of that interval. Typically, each load in
crement is about 10 percent of the anticipated design load and is held for 2.5 to 15
minutes. Crowther (1988) suggests holding each increment for 5 minutes. This process
continues until reaching about 200 percent of the anticipated design load or "failure" and
generally requires 2 to 5 hours to complete. This may be the best method for most deep
foundations.

Quality Control

'"

;:"
E
~
;:;
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Applied Load. P

Solution

E = 4700 Vif = 4700 \/40 MPa = 30,000MPa

The load-settlementdata shown in Figure 13.11 were obtained from a full-scale static load
test on a 400-mm square, l7-m long concrete pile If/ = 40 MPa). Use Oavisson's method to
compute the ultimatedownward load capacity.

<=AnswerPlotting this line on the load-displacementcurve producesPUll = 1650kN.

Davisson's (1973) method is one of the most popular. It defines the ultimate capac
ity as that which occurs at a settlement of 4 mm (0.15 in) + 8/120 + PD/(AE) as shown in
Figure 13.10. The last term in this formula is the elastic compression of a pile that has noside friction.

Davisson's method seems to work best with data from quick ML tests. It may pro
duce overly conservative results when applied to data from slow ML tests.

Many engineers in the United States prefer to express pile capacities using tons (the
2000 Ib variety), whereas others use kips. This book uses only kips to maintain consis
tency with the remainder of structural and geotechnical engineering practice.

Example 13.3

B PD 400 mm P(17,ooomm)4mm + - + - = 4mm + --- + _
120 AE 120 (0.400')(30,000,000 kPa)

= 7.3 mm + 0.0035 P

Figure 13.9 Typical load-settlement

curves: Curve A is typical in soft clayey

soils (note plunge); and Curve B is typical of

intermediate. stiff clay and sandy soils
(ever-increasing load).

• Cases where an increase in the downward load caused an upward deflection
• Lack of smoothness in the load-settlement curve

• Misleading load-settlement curves produced by unusual plotting scales

Unfortunately, crews that conduct static load tests sometimes use less than satisfactory
workmanship, so the test results are not always reliable. This is especially true with slow
ML tests. Peck's (1958) review of static load tests demonstrates some of these problems,
including the following:

Therefore, it is important to have a formal quality control program. In addition, the test
should be performed under the supervision of an professional engineer.

t,
'The American Association of State Highway and Transportation Officials.

Once we have obtained the load-settlement curve, it is necessary to determine the ultimate
load capacity, which means we must define where "failure" occurs. For piles in soft clays,
this is relatively straightforward. In these soils, the load-settlement curve has a distinct
plunge, as shown by Curve A in Figure 13.9, and the ultimate capacity is the load that cor
responds to this plunge. However, piles in sands, intermediate soils, and stiff clays have a
sloped curve with no clear point of failure, as shown by Curve B.

Many different methods have been proposed to interpret the latter type of load
settlement curve (Fellenius, 1990), and these methods often produce significantly differ
ent results. For example, Fellenius (1980) used nine different methods to analyze the
results of a static load test and found that the computed ultimate capacity varied from 362
k to 470 k. Another method, found in early editions of the AASHT01 specifications, pro
duces an ultimate capacity of only 100 k!

13.3 INTERPRETATION OF TEST RESULTS
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Figure 13.10 Oavisson's method of interpreting pile static load test data.
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Figure 13.1l Static load test data for Example 13.3.
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Stresses and strains always occur together. Whenever a stress is applied to a material, cor
responding strains also develop, In other words, whenever we place a load on a material,
it responds with a corresponding deformation. It is impossible to have one without the
other.

This relationship between load and deformation helps us understand how deep
foundations respond to applied loads. As discussed earlier in this chapter, downward
loads acting on deep foundations are resisted by side-friction resistance and toe-bearing
resistance. We compute each of these components separately, then combine them using
Equation 13.4 to find the allowable downward load capacity. However, neither of these
resistances can develop without a corresponding deformation. We call this defomation
settlement. Therefore, in addition to evaluating the ultimate values of the side-friction and'
toe-bearing resistances, we also need to know something about the settlement required to

MOBILIZATION OF SOIL RESISTANCE13.4

Davisson's

/ Criterion

Applied Load, P

Pull

B = Foundation Diameter
P = Applied Load
o = Settlement
D = Foundation Depth
A = Foundation Cross-Section Area
E = Foundation Modulus of Elasticity

= (200,000 MPa) 29,000,000 Ib/in.2 for Steel
= 4700 -{f MPa or 57,()f.)()c"Jf Ib/in.2 for Concrete
= (11,oooMPa) 1,600,000 lb/inhor Pine or Fir

f; = 28 day compressive strength (MPa, Ib/in.2)

00

C
<Ll

E
~.,
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13.6 Curve B in Figure 13.12has been obtained from a static load test on a 60 ft long, PP18xO.375
pile. Using Davisson's method, compute the ultimate load capacity.

13.5 Curve A in Figure 13.12 has been obtained from a static load test on a 40-ft long, 12-inch
square solid concrete pile withf/ = 6000 Iblin2• Using Davisson's method, compute the ulti
mate load capacity.

13.4 A typical deep foundation project may include several hundred piles, but only one or two sta
tic load tests. Thus, the information gained from these test pile must be projected to the pro
duction piles. Describe some of the factors that might cause the load capacity of the
productionpiles to be different from that of the test pile.

4 mm(O.l5 in.) + ;r120t

PD!
AE

QUESTIONS AND PRACTICE PROBLEMS



484 Chapter 13 Deep Foundations-Axial Load Capacity Based on Static Load Tests
13.5 Instrumented Static Load Tests 485

The load-settlement curve obtained at the head of the foundation during a conven
tional static load test is really a composite of the side-friction and toe-bearing
curves.

Because of the shape of the load-settlement curve. the unit toe-bearing resistance.
q,'. is usually a difficult number to define. This is a strong contrast to the ultimate
bearing capacity. quit. in shallow foundations. which is based on a much better de
fined mode of failure. Engineers have used various methods of defining q,', which is
part of the reason different analysis methods often produce different results.

3. At a settlement of 5 to 10 mm. virtually all of the side friction will have been mobi
lized, but only a small fraction of the toe bearing will have been mobilized. There
fore, so long as sufficient side-friction resistance is available. it will carry nearly all
of the service loads, and the toe bearing becomes the factor of safety.

According to Tables 13.1 and 13.2, the design factors of safety for downward
loads is usually between 2 and 3. so "sufficient side-friction resistance" should be
available to resist all of the service load so long as the total side-friction resistance
(I fA,.) comprises at least one-third to one-half of the ultimate capacity. This is the
case for the vast majority of deep foundations. which means the settlement under
service load should be less than that required to mobilize the side friction (5 to
10 mm) plus the elastic compression in the foundation (typically < 5 mm) for a total
of no more than 15 mm. This is less than 8" for virtually all structures.

However, if the foundation relies primarily on toe bearing (i.e., I f,A, com
prises less than 1/3 to 1/2 of the ultimate capacity) then the settlement under service
loads might be excessive. especially if the foundation diameter is large, and should
be checked.

Other conditions also might cause settlement problems in deep foundations.
as discussed in Chapter 14.

becomes vague and subjective. In addition. much more settlement is required to mobilize
the toe bearing, with the "ultimate" resistance corresponding to perhaps 10 percent of the
foundation diameter. Even a small diameter foundations. perhaps with B = 300 mm, re
quires about 30 mm of settlement to develop the ultimate toe-bearing resistance. Larger
foundations require even more settlement to reach this value.

This difference between side-friction and toe-bearing response has at least three im
portant implications:

Conventional static load tests only produce information on the load-settlement relation
ship at the top of the foundation. Although this data is very useful, we would also like to
know how this load is transferred into the soil. How much side friction develops and how
much toe bearing? How is the side friction distributed along the foundation? We can find
the answers to these questions by installing additional instrumentation in the foundation,
which allows us to perform an instrumented static load test.

13.5 INSTRUMENTED STATIC LOAD TESTS
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Figure 13.12 Load-settlement curves from static load tests.
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Figure 13.13 Load-displacement relationships for side-friction and toe bearing under
downward loads .
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mobilize these resistances. Some of this settlement is caused by elastic compression of the
foundation, but most is the result of strains in the soil.

As shown in Figure 13.13. only 5 to 10 mm (0.2-0.4 in) of settlement is required to
mobilize the full unit side-friction resistance,f,. The load-settlement curve becomes quite

steep, so there is a well-defined "ultimate side-friction resistance." However, the load
settlement curve for toe bearing is not nearly as steep. and often does not reach a well
defined ultimate value. Thus, the definition of "ultimate unit toe-bearing resistance"
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Instrumentation Using Strain Gauges Instrumentation Using Telltale Rods

p

Closed-end steel pipe piles may be instrumented by installing a series of strain gages on
the inside of the pile. as shown in Figure 13.14. Using data from these strain gauges. we
can compute the force in the pile at each depth, and thus can determine the distribution of
side-friction resistance and the toe-bearing resistance.

For example. if the applied load is transferred into the ground entirely through side
friction. the plot of force vs. depth will be similar to Curve A in Figure 13.14 (Le., the
force in the foundation gradually dissipates with depth, reaching zero at the toe). Con
versely. if the resistance is entirely toe bearing. the plot will be similar to Curve B (Le.,
constant with depth). Most foundations have both side friction and toe bearing. and thus
have plots similar to Curve C.

Using this data, we can calculate the unit side-friction resistance.h. for each stra
tum. and the net unit toe-bearing resistance, q,'. These values could then be used to design
foundations with other lengths or diameters.

Drilled shafts and concrete piles can be instrumented by installing load cells inside
the concrete. These load cells measure the stress in the concrete at various depths.

Solution

0.572 in
0.530 in
0.503 in

<=Answer= 3791bjftZ

Two telltale rods have been installed in a 45-ft long closed-end PP2OXO.750 pile. This pile
was subjected to a static load test. which produced the following results:

Test load at failure 250.040 lb

Dial gage settlement readings at failure:
At pile head (Gauge #1)

Tell-tale anchored at 20 ft depth (Gauge #2)
Tell-tale anchored at 45 ft depth (Gauge #3)

Pile interval 1-2 (upper 20 ft)

Compute the force in the pile at 20 and 45 ft. and compute the average f, values on the pile
and the q/ value.

250.040 - 210.360

1T(20jI2)(20)

ilP
};=A

8, - 8, = (_P'_+_P_2)!:...- 2 AE

0.572 _ 0.530 = (_2_50_.040__ +_P_2) _(_20_)(_1_21_'n~jf~t)2 (45.36)(29 X 106)

Pz = 210,360 Ib <=Answer

Another method of conducting instrumented static load tests is to install telltale rods in

side the foundation. These rods extend from the top of the foundation to some specified
depth. and are encased in a protective sleeve. By comparing the settlement of these rods
with the settlement at the top of the foundation, we can compute the force in the founda
tion. which in turn may be used to compute J, and q,'.

Instrumented static load tests are more expensive than conventional static load tests,
so they are generally used only on especially important projects, or for research. The
results of such tests form the basis for some of the static design methods described in
Chapter 14.

Example 13.4

J.

Force in Foundation
p

o = Strain Gage or Load Cell
Figure 13.14 Typical instrumented static
load test.

t.



13.6 OSTERBERG LOAD TESTS

489

Osterberg Test Cell

Dial Gage

To Pump anu
Pressure Gauges

tor pumps hydraulic fluid into the jack and keeps track of both pressure and volume. The
jack expands and pushes up on the shaft (Osterberg, 1984). A dial gauge measures this
movement. Thus, we obtain a plot of side-friction capacity vs. axial movement.

This device also includes a telltale rod that extends from the bottom of the pancake
jack to the ground surface. It measures the downward movement at the bottom, and thus
produces a plot of toe-bearing pressure vs. axial movement.

Figure 13.]6 An Osterberg cell heing :c·
stalled at the bottom of a drilled shaft rebe
cage {Photo courtesy of Loadtest. Inc. I.

Figure 13.]5 Osterberg load test de\ice
(Loadtest. Inc.).

13.6 Osterberg Load Tests

{=Answer

26,420

-rr(20/12)2/4

= 12,100 Ib/ft2

P,

q~= ~

. :1P

f='A
210,360 - 26,420

-rr(20/l2)(25)

= 14101b/ft2 {=Answer

Commentary

Chapter 13 Deep Foundations-Axial Load Capacity Based on Static Load Tests

These values off, and q/ may then be used to compute the load capacity of proposedpiles at
this site with other diameters and depths of embedment. Thus, this technique is a method of
extrapolating the load test results.

This analysis has assumed the telltale dial gages were "zeroed" after the pile was dri
ven but before the load was applied, and thus implicitly account for pile compressiondue to
the weight of the pile.

Pile interval 2-3 (lower 25 ft)

0, _ 0, = (_P2_+_P_,) ~-. 2 AE

(210,360 + P,) (25)(12 in/ft)
0.530 - 0.503 = ---- -----

2 (45.36)(29 X 10")

P, = 26,4201b {=Answer

Conventional static load tests on piles are nearly always conducted on a single pile, even

though a pile group is normally needed to support each column. Therefore the load frame,
jack, and other hardware only need to develop a fraction of the proposed column load.
However, drilled shaft foundations are typically larger in diameter and have a correspond
ingly greater capacity. Many designs use a single high~capacity drilled shaft to support
each column. This makes it more difficult and expensive to conduct conventional static
load tests on drilled shafts because the hardware must be correspondingly larger. Often

these additional costs are prohibitive.
Fortunately, Osterberg (1984) in the United States and DaSilva in Brazil have de

veloped a method that reduces the cost of conducting high-capacity static load tests. It
eliminates the expensive test frame and substitutes a hydraulic pancake jack at the bottom
of the shaft, as shown in Figures 13.15 and 13.16. Once the concrete is in place, the opera-

.,..t~.
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These two plots continue until the foundation fails in side friction or toe bearing. If
a toe-bearing failure occurs fIrst, we must extrapolate the data to obtain the ultimate skin
friction. However, if a side-friction failure occurs fIrst, it may be possible to add a nomi

nal static load to the top, and then continue the test to fInd the toe-bearing capacity. Once
the test is completed, the jack is fIlled with grout and the foundation may be used to carry
structural loads.

The Osterberg test also can be used with piles. In this case, the pile is driven with
the cell attached to the bottom.

13.7 WHEN AND WHERE TO USE FULL-SCALE STATIC LOAD TESTS

Full-scale load tests provide the most precise assessment of ultimate load capacity, so
foundation designs that have the benefIt of such tests may use a low factor of safety, as
shown in Tables 13.1 and 13.2. Other methods of assessing ultimate load capacity are in

direct and less precise, and thus must use higher factors of safety to compensate for the
greater uncertainties. This difference in design factor of safety can signifIcantly impact
foundation construction costs. For example, changing the factor of safety from 2.0 to 3.0
increases most of the foundation construction costs by fIfty percent. However, load tests
are expensive, so the construction savings must be compared to the cost of performing the
test. In many cases, a conservative design is less expensive than a load test. The decision
whether or not to conduct static load tests, and how many tests to conduct at a particular
site is primarily based on economics.

For example, extensive static load tests were performed for the 1-880 freeway re
construction project in Oakland, California (which was required because of the collapse
of a viaduct during the 1989 Loma Prieta Earthquake). This $3.5 million test program
produced $10 million in savings because they enabled a more precise design of the pro
duction foundations.

Full-scale static load tests are most likely to be cost-effective when one or more of
the following conditions are present:

• Many foundations are to be installed, so even a small savings on each will sig
nifIcantly reduce the overall construction cost. Static load tests are more likely
to be cost-effective if at least 3000 m (10,000 ft) of production piling is to be

installed. ~
• The soil conditions are erratic or unusual, and thus ifficult to assess with the ana

lytic methods described in Chapter 14.

• The pile is supported in soils that are prone to dramatic failures (i.e., a steeply-
falling load-settlement curve).

• The structure is especially important or especially sensitive to settlements.

• The engineer has little or no experience in the area.

• The foundations must resist uplift loads (the consequences of a failure are much
greater).

1-
,..~

Ideally, static load tests are conducted well before construction of the production
piles. This allows time to fInalize the design, develop a contract to build the foundation,
and fabricate the production piles. Unfortunately, this also requires an extra mobilization
and demobilization of the pile driver and crew, which is very expensive. Alternatively, the
engineer could design and fabricate the piles without the benefIt of a static load test, and
then proof test some of the fIrst production piles. This method is faster and saves the extra
mobilization costs, but may generate last-minute changes in the design.

The state-of-practice for static load tests varies signifIcantly from one geographic
area to another. In some areas, they rarely are performed, even for very large structures,
whereas elsewhere they are required for nearly all pile-supported structures. Sometimes
these differences in practice are the result of local soil and geologic conditions or building
code requirements. However, in other cases, the underutilization or overutilization of sta
tic load tests seems to be primarily the result of custom and habit.

SUMMARY

Major Points

1. The most important geotechnical design requirement for most deep foundations is
that they have suffIcient axial load capacity to support the applied loads. We can
evaluate this capacity using static load tests, analytic methods, or dynamic methods.

2. Deep foundations transfer downward axial loads into the ground through side fric
tion and toe bearing. Uplift loads are transferred through side friction, and possibly
bearing on the ceiling of an enlarged base.

3. The design of open section foundations, such as steel H-piles and open-end steel
pipe piles must consider soil plugging.

4. The design factor of safety must be based on many factors, and is somewhat subjec
tive. A higher factor of safety is used for uplift loads because uplift failures are
more catastrophic.

5. A conventional static load test consists of applying a series of loads to the top of a
prototype deep foundation and measuring the corresponding settlements.

6. There is no universally accepted method of interpreting static load test results.
However, Davisson's method is widely used.

7. A instrumented static load test is a conventional test that includes instruments inside

the foundation to measure the distribution of side friction and toe bearing.

8. An Osterberg load test applies the test load using a hydraulic pancake jack located
at the bottom of the foundation.

9. Static load tests are expensive to perform, and are usually cost-effective only when
the project is large enough that the savings in production foundation costs is suffI
cient to offset the cost of the test. On smaller projects, a more conservative design
without the benefIt or cost of a load test may produce a lower total project cost.



benefit of a wave equation analysis and onsite dynamic testing. Compute the allowable down
ward and upward load capacities.
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Vocabulary

13.7 When and Where to Use Full-Scale Static Load Tests 493

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

13.7 The results of pile load tests are usually considered to be the "correct" load capacity, and all
other analysis methods are compared to this standard. However, there are many ways to con
duct load tests, and many ways to interpret them. Therefore, can we truly establish a single
"correct" capacity for a pile? Explain.

Closed-section foundation

Controlled stress test

Controlled strain test

Conventional static load

test

Davisson's method

Downward load capacity

Enlarged base

Full-scale static load test

Instrumented static load

test

Maintained load test

Open-section foundation

Osterberg load test

Plunge

Side friction

Side-friction resistance

Straight foundation

Temporary structure

Toe bearing

Toe-bearing resistance

Upward load capacity

13.9 A 250-mm square, IS-m long prestressed concrete pile If/ = 40 MPa) was driven at a site in
Amsterdam as described by Heijnen and lanse (1985). A conventional load test conducted 31

days later produced the load-settlement curve shown in Figure 13.17. Using Davisson's
method. compute the ultimate load capacity of this pile.

13.10 A static load test has been conducted on a 6O-ft long, 16-inch square reinforced concrete pile
which has been driven from a barge through 20 ft of water, then 31 ft into the underlying soil.

Telltale rods A and B have been embedded at points 30 ft and 59 ft from the top of the pile.
respectively. The data recorded at failure was as follows: Load at head = 139,220 lb, settle
ment at head = 1.211 in. settlement of telltale rod A = 1.166 in, settlement of telltale rod

B = 1.141 in. Use the data from tell tale rod A to compute the modulus of elasticity of the pile,
then use this value and the remaining data to compute q,' and the averagej, value in the soil.
Hint: Telltale rod A is anchored only I ft from the mud line (the top of the soil). There is es
sentially no side-friction resistance between the top of the pile and this point, so the force at a
depth of 30 ft is essentially the same as that at the top of the pile.

13.8 A 350-mm diameter closed-end steel pipe pile with lO-mm thick walls and a 20-mm thick
bottom plate is to be driven to a depth of 18.5 m into a soil that has f,= 50 kPa for downward
loads and 40 kPa for upward loads, and q,' = 9000kPa. This pile will be constructed with the
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Figure 13.17 Static load test results for
Problem 13.9.
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14

Deep Foundations-Axial Load
Capacity Based on Analytic Methods

There is no glory in the foundations.

Karl Terzaghi, 1951

14.1 CHANGES IN THE SOIL DURING CONSTRUCTION

When evaluating the load capacity of shallow foundations, engineers test the soil before
construction and use the results of these tests in the analytic methods described in Chap
ters 5 to 10. The construction of shallow foundations does not significantly alter the un
derlying soils, so these pre-construction soil properties also reflect the post-construction
conditions. Analytic methods of designing deep foundations use this same general ap
proach, but there is an important difference: The process of constructing deep foundations
changes the surrounding soils. For example, piles push the soil aside as they are driven
into the ground, thus inducing large horizontal stresses in the soil. These changes are im
portant because they alter the engineering properties of the soil, which means the pre
construction soil tests may not accurately reflect the post-construction conditions.
Sometimes these changes are beneficial, while other times they are detrimental, but in ei
ther case they introduce another complexity into load capacity analyses. Therefore, in
order to intelligently apply analytic methods of computing load capacity, the engineer
must understand these changes.

Piles

Changes in Clays

Distortion

494

The second way of determining the axial load capacity of deep foundations is to use ana
lytic methods. These methods use certain properties of the soil, such as the effective fric
tion angle, <1>', or the CPT cone bearing, q,., to compute the unit side-friction resistance,h,
and the net unit toe-bearing resistance, q/. These values are then placed into Equations
13.4 and 13.5 to compute the allowable downward and upward load capacities. Additional
analytic analyses are available to evaluate group effects and settlement.

Analytic methods are much less expensive than static load tests, and thus are very
attractive. However, the computed capacities are not as precise, so designs based solely
on analytic methods must be correspondingly more conservative. This additional conser
vatism is reflected in the factors of safety listed in Tables 13.1 and 13.2, which indicate
that designs that do not include any load test data require a higher design factor of safety.

This chapter discusses various analytic methods for design of deep foundations to
resist axial loads. Most of the chapter discusses specific ways to obtain q/ andj, through
the use of various equations and charts, all of which are straightforward and easy to use.
However, the proper application of these methods in practical engineering design prob
lems also requires a thorough understanding of how side-friction and toe-bearing resis
tances develop in deep foundations, and the careful application of engineering judgment.
The engineer also must understand the limitations of these methods. To help develop
these skills, we will begin by discussing changes in the soil that occur during the con
struction of deep foundations, and how these changes affect analytic analysis methods.

f.
~.I:f,

As a pile is driven into the ground, the soil below the toe must move out of the way. This
motion causes both shear and compressive distortions. Additional distortions occur as a

result of sliding friction along the side of the advancing pile. These distortions are greatest
around large displacement piles, such as closed-end steel pipe piles. For example, Cooke
and Price (1973) observed the distortion in London Clay as a result of driving a l68-mm
(6.6 in) diameter closed-end pipe pile. The soil within a radius of 1.2 pile diameters from
the edge of the pile was dragged down, while that between 1.2 and 9 diameters moved
upward.

This remolding of the clay changes its structure and reduces its strength to a value
near the residual strength. Nevertheless, current analysis techniques are based on the peak
strength and implicitly consider the difference between peak and residual strength. An
analysis based on the residual strength might be more reasonable, but no such method has
yet been perfected.

Compression and Excess Pore Water Pressures

Pile driving also compresses the adjoining soils. If saturated clays are present, this com
pression generates excess pore water pressures, as discussed in Chapter 3. The ratio of the
excess pore water pressure, Ue' to the original vertical effective stress, CY /' may be as high
as 1.5 to 2.0 near the pile, gradually diminishing to zero at a distance of 30 to 40 pile
radii, as shown in Figure 14.1. The greatest compression occurs near the pile toe, so uJCY/
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Increase in load capacity of an isolated pile with time (Adapted from Soderberg,Figure 14.2
1962).

Changes in Sands

develop throughout a much larger zone of soil and may require a year or more to dissi
pate. This delay is significant because the rate of load capacity gain is now slower than
the rate of construction, so the pile does not reach its full capacity until after the super
structure is built.

Loss of Contact Between Pile and Soil

Piles wobble during driving, thus creating gaps between them and the soil. Soft clays will
probably flow back into this gap, but stiff clays will not. Tornlinson (1987) observed such
gaps extending to a depth of 8 to 16 diameters below the ground surface. Piles subjected
to applied lateral loads also can create gaps near the ground surface. Therefore, the side
friction in this zone may be unreliable, especially in stiff clays.

Soil compression from the advancing pile also generates excess pore water pressures in
loose saturated sands. However, sands have a much higher hydraulic conductivity (perme
ability) than do clays, so these excess pore water pressures dissipate very rapidly. Thus,
the full pile capacity develops almost immediately.

14.1 Changes in the Soil During Construction
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Figure 14.1 Summary of measured excess pore water pressures, uc, in the soil surrounding isolated

piles driven into saturated clay (Adapted from Pile Foundation Analysis and Design by Poulos and
Davis, Copyright c 1980 by John WHey and Sons, Inc. Reprinted by permission of John Wiley &
Sons, Inc.).

'Thixotropy is the hardening of a disturbed material (in this case, soil) that sometimes occurs as it is allowed to
resL
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in that region may be as high as 3 to 4 (Airhart et aI., 1969). These high pore water pres
sures dramatically decrease the shear strength of the soil, which makes it easier to install

the pile, but temporarily decreases its load-bearing capacity.
The presence of excess pore water pressures is always a transient condition because

the resulting hydraulic gradient causes some of the water to flow away; in this case, radi
ally away from the pile. Thus, the pore water pressures eventually return to the hydrosta
tic condition. If the pile is timber, some of the water also might be absorbed into the
wood. This, along with thixotropic effectsl and consolidation, eventually restores or even
increases the strength of the clay. We can observe this increase in strength by resetting the

pile hammer a couple of days after driving the pile and noting the increase in the blow
count, a phenomenon known as setup or freeze.

In most clays, the excess pore water pressures that develop around a single isolated

pile completely dissipate in less than one month, with corresponding increases in load ca
pacity, as shown in Figure 14.2. However, in pile groups, the excess pore water pressures
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Some local dilation (soil expansion) can occur when driving piles through very
dense sands. This temporarily generates negative excess pore water pressures that in
crease the shear strength and make the pile more difficult to drive. This effect is espe

cially evident when using hammers that cycle rapidly.
Usually, we are most interested in the permanent changes that occur in the sand dur

ing pile driving. The impact and vibrations from the pile will cause particle rearrange
ment, crushing, and densification. In loose sands, these effects are especially pronounced,

and engineers sometimes use piles purely for densification. However, dense sands will
likely require predrilling or jetting to install the pile, both of which loosen the sand and
partially or fully negate this effect.

The sand in the center of pile groups is influenced by more than one pile, and there-
fore becomes denser than the sand near the edge of the group. This, in turn, probably
causes the center piles to carry a larger share of the total downward load.

Drilled Shafts

The construction methods for drilled shaft foundations are completely different from

those for piles. Piles push the soil aside as they are driven, thus increasing the lateral earth
pressure, whereas drilled shaft construction produces a temporary hole in the ground that
allows the soil to expand laterally, thus reducing the lateral earth pressure. In addition,

pile driving compresses the soil below the toe, while drilled shaft construction does not.
When the concrete is placed in the hole, it exerts an outward hydrostatic pressure on the

soil, and this pressure may at least partially recompress it. However, this effect is proba

bly not sufficient to return the soil to its original condition. Therefore, piles and drilled
shafts may not develop the same side-friction and toe-bearing resistances, even when the
foundation dimensions are identical.

The amount of net lateral expansion and its impact on the load capacity of drilled
shaft foundations vary depending on how long the boring is left open before placing the
concrete. If the boring is open for an extended period, too much expansion occurs and the

load capacity can be significantly reduced. In addition, there is more opportunity for cav
ing. Therefore, it is best to place the concrete as soon as possible, preferably within a cou
ple of hours, and certainly within the same work day.

When working in clays, the process of drilling the hole also alters the soil properties
because the auger smears and remolds the clay. This can reduce its shear strength and the
side-friction resistance.

The use of drilling mud during construction also can affect the side-friction resis-
tance because some of the mud may become embedded in the walls of the boring. This ef

fect is very dependant on the contractor's construction methods and workmanship, as well
as the soil type, and the corresponding reduction in load capacity can range from minimal
to substantial. The best results are obtained when the slurry is carefully mixed and the

slurry is in place for only a short time (i.e., the concrete is placed as soon as possible).
Sometimes drilled shafts have been intentionally or unintentionally built with a cas

ing left in place. This method can seriously degrade the side-friction resistance because

t~,.e is generally a gap between portions of the casing and the surrounding soil....•

These detrimental effects can generally be kept under control by careful construc
tion methods, and are often offset by other advantages of drilled shafts, such as the ability
to drill into hard soil or soft rock that a pile could not penetrate.

Other Types of Deep Foundations

The changes in soil induced by construction of other types of deep foundations have not
been studied as thoroughly. Nevertheless, these changes are still important and often are
quite different than those due to construction of piles. For example, drilled shaft construc
tion does not compress the soils like pile driving does, and thus does not induce signifi
cant positive excess pore water pressures. In fact, there may even be some relaxation in
some soils, which could produce negative excess pore water pressures.

Because different types of deep foundation construction methods induce different
changes in the soil, we often cannot use an analysis method developed for one type to de
sign another type. It is important to use analysis methods developed specifically for the
type of foundation being designed.

Impact on Analytic Design Methods

Most analytic methods of determining q/ and!: were developed empirically by comparing
the results of static load tests with measured soil properties. Therefore, most of the soil
changes discussed in this section are implicitly incorporated into the methods. For exam
ple, a research engineer could perform a series of static load tests on steel pipe piles
driven into sands. These tests could be accompanied by measurements of the friction
angle, <1>', of each sand, and then could be used to develop an empirical formula forf,. as a
function of <1>' and the vertical effective stress, a:'. The remaining factors would be im
plicitly incorporated into the function.

Since most analytic methods were developed this way, it is important to apply these
methods only to foundations that are comparable to those on which it was developed. For
example, the equation described in the previous paragraph was developed for steel pipe
piles, and thus is probably not applicable to auger cast piles even though they may have
the same length and diameter. Therefore, most of the analytic methods described in this
chapter are associated with a particular type of deep foundation.

QUESTIONS AND PRACTICE PROBLEMS

14.1 A prestressedconcretepile is being driven into a saturated clay with a hammer blow count of
17 blows per foot of pile penetration. Unfortunately, the pile driving rig breaks down before
the pile reaches the required depth of penetration, resulting in a 15-hourdelay. Once the rig is
repaired, pile driving resumes but the blow count is now 25 blows per foot. Explain the pri
mary reason for this change in blow count.

14.2 Sometimespile drivingcontractors use predrilling when installingpiles. This methodconsists
of drilling a vertical hole that has a smaller diameter than the pile. then driving the pile into
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this hole. Could predrilling affect the side·friction resistance? Why? Is the diameter of the
predrill hole important?Why?

14.3 Why is it important for drilled shaft contractors to place the concrete soon after drilling the
shaft? What detrimental effects can occur if the contractor waits too long before placing the
concrete?

• In deep foundations, the depth of embedment, D, is very large and the diameter, B,
is small. Therefore, the second term in Equations 6.4 to 6.6 dominates.

Therefore, we cannot compute toe-bearing resistance by simply applying the Terza
ghi bearing-capacity formulas. It is necessary to have special methods developed specifi
cally for deep foundations.

14.2 TOE BEARING Sands

The net unit toe-bearing resistance, q,', for deep foundations appears to be similar to the
ultimate bearing capacity, qui" for shallow foundations. Therefore, it might seem that we
could compute it using Terzaghi's bearing capacity formulas (Equations 6.4 to 6.6). How
ever, there are important differences:

• Most bearing-capacity analyses for shallow foundations, as discussed in Chapter 6,
are based on a general shear failure. Thus, they are based on the assumptions that
the soil is incompressible and the shear surfaces extend to the ground surface, as
shown in Figure 14.3. However, toe-bearing failures in deep foundations usually
occur as a result of local or punching shear, and thus involve shearing only near the
pile toe, as shown in Figure 14.3. For example, this is what occurs beneath the toe
of a pile as it is being driven into the ground. Therefore, q,' depends on both the
strength and the compressibility of the soil.

• As shown in Figure 6.2, the load-settlement curves for local and punching shear
failures do not have a distinct point of failure. Thus, it is not always clear how to de
fme "failun:" or to know exactly when it occurs. In addition, failure criterion are
often based on settlement, which blurs the distinction between strength and service
ability requirements.

Piles

The toe-bearing resistance of piles in sandy soils may be expressed using the following
formula (Kulhawy et aI., 1983):

(14.1)I q; = B '( N~ + er;oN~ I
Where:

q,' = net unit toe-bearing resistance
B = pile diameter

N~',Nq' = bearing capacity factors

'( = unit weight of soil immediately beneath pile toe (use '( - '('" if toe is located
below the groundwater table)

er co' = vertical effective stress at pile toe

Any excess pore water pressures that might develop beneath deep foundations in sands

dissipate very quickly, so the pore water pressure may be computed using Equation 3.9.
Therefore we can evaluate the toe-bearing resistance using an effective stress analysis.
Alternatively, we could use empirical correlations with other soil parameters, such as the
CPT q, value .

+

+

General
Shear
Failure

Local or

Punching ...••.••••1Shear
Failure

When DIB exceeds 5, which is true for nearly all deep foundations, the first factor in
Equation 14.1 becomes negligible and may be ignored.

The bearing capacity factors N~ and Nq used in shallow foundations are functions
only of the shear strength, as defined by the friction angle, <1>', because general shear con

trols the failure. However, N~' and Nq' in Equation 14.1 depend on both shear strength
and compressibility, because any of the three modes of failure (general, local, or punching
shear) could govern. We define the compressibility effects using the rigidity index, I,., of
the soil (Vesic, 1977):

Figure 14.3 Comparison of general shear failure in spread footings with local and

punching shear failures in deep foundations.

I,.
E

2( I + v)( er;o tan. <1>'
(14.2)

,1ft!
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Where:

Ir = rigidity index

E = modulus of elasticity of soil in vicinity of toe

v = Poisson' s ratio of soil in vicinity of toe

er,/)' = vertical effective stress at the toe elevation

<1>' = effective friction angle of soils in vicinity of toe

The magnitude of Ir is typically between about ID and 400. Soils with high values of Ir

fail in general shear, as mode led by conventional bearing capacity theory. However, low
values of I,. suggest that soil compressibility is important and the local or punching shear
failure modes govern.

For this analysis, we can assume the modulus of elasticity, E, is very close to the
equivalent modulus of elasticity, E" used in the Schmertmann analysis described in Chap
ter 7. Therefore, we can estimate E from SPT or CPT data using Table 7.5 or Equa
tion 7.17. If neither SPT nor CPT data is available, we could use an estimated N(,o. The
value of Poisson' s ratio may be obtained from Table 14.1.

According to Vesic (1977), the bearing capacity factors N~ and N,! are computed
as follows:
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(14.5)

(14.4)

(14.3)
I N~ = 0.6(N~ - I )tan <1>' I

(I + 2 Ko) N"N*=-----
q 3

3 I.'.",., ( <1>') "".,.
N = e "" tan- 45 + - 1."""'"

" 3 - sin <1>' 2 '
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Where:

N~', Nq*, N" = bearing capacity factors
Ko = coefficient oflateral earth pressure at rest (can estimate using Equation 3.15)

<1>' = effective friction angle

TABLE 14.1 TYPICAL VALUES OF POISSON'S RATIO FOR

SOILS AND ROCKS (Adapted from Kulhawy, et al., 1983)

Figure I-JA Bearing capacity factor N~T'. This plot is hased on assumed values of KII'

and thus Illay produce results that differ from Equation 1-\..3. Ho\\'e\'cr, this difference

represcms a small part of the total toe-bearing resistance (Adapted from Kulhawy et al..

198.1: Copyright <D198.1 Electric Power Research Institute. Reprinted with permission).

The results of these equations are presented in graphical form in Figures 14.4 and 14.5
using typical values of Ko.

Example 14.1
Soil or Rock Type

Saturatedclay, undrained conditions

Partially saturated clay
Dense sand. drained conditions

Loose sand. drained conditions

Sandstone

Granite

Poisson's Ratio. v

0.50

0.30-0.40

0.30-0.40

0.10-0.30

0.25--D.30

0.23-0.27

A 400-mm square prestressedconcrete pile is to be driven 16 m into the soil profile shown in
Figure 14.6.Compute the net ultimate toe-bearingcapacity.

Solution

a;f) = I -yH - u

= (17.8)(3) + (18.2)(13) - (9.8)(13)

= 163kPa

f
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Figure 14.5 Bearing capacity factor N: (Adapted from Kulhawy et al.. 1983; Copyright
© 1983 Electric Power Research Institute. Reprinted with permission).

*=Answer

400 nun Square
Prcsln.:sscU Concrete Pill;

y = ] :-:.2 kN/nr'

= (0.4)(18.2 - 98)(14) + (163)(76)

= 12.400 kPa

3 III I I Y= 17.X kN/Ill'

Well-graded Sand (SW)
<D'= 36°

I/) III I I Nnll= 25
OCR = I

f)r::;:: 5()e;

q; = 13 'Y N~ + 11;,,N~

q;A, = (12.400)(0.42) = 1990kN

Figure 14.6 Proposed pile for Examples 14.1 and 1-1.2.

Per Figure 14.4; N~ = 14
Per Figure 14.5; N'l = 76

Drilled Shafts
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The impacts and vibrations from pile driving compact the soil beneath the piles. which in
creases its toe-bearing resistance. Unfortunately. this does not occur beneath drilled
shafts. where the augering process and the temporary stress relief may even loosen the
soiL Therefore, the net unit toe-bearing resistance for drilled shafts in sands is less than
that for piles.

Analytic design of drilled shafts is usually based on empirical formulas developed
from instrumented full-scale static load tests (O'Neill and Reese, 1999). Various re
searchers have offered different interpretations of these load tests. but O'Neill and Reese
defined the toe-bearing resistance as that which occurs at a settlement of 5 percent of the
base diameter. Based on this criterion, they recommend computing the net unit toe
bearing resistance for drilled shafts in sands with N"o ::; 50 as follows:

J

2(1 + v)I1'f) tan <1>'

35.000

2(1 + 0.30)(163) tan36

= 114

I,.

E, = 130 = VOCR + I3,N6o

= (5000)v1 + (1200)(25)

= 35.000 kPa

E

Per Equation 7.17;

'1"
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I q; = 1200 N6(1 :5 60,000 lb/ft" I

I q; = 57.5 Noo :5 2900 kPa

(14.6 English)

(14.6 SI)

I q; = 3800 N6(J :5 150,000 lb/ft" I

Iq; = 190 N6(1 :5 7500 kPa I

(14.8 English)

(14.8 SI)

If the allowable total settlement is greater or less than 25 mm, then the diameter at which
excessive settlements may be a problem is correspondingly different.

The design is then based on q".' .

or 2. Perform a settlement analysis, as described in Section 14.7, and adjust the design so
the settlement under working loads is within tolerable limits.

Where:

q,' = net unit toe-bearing resistance Ob/fte or kPa)

NhO = mean SPT N-value between toe and a depth of "lB" below the toe

B" = base diameter of drilled shaft

(14.9 SI)

(14.9 English)

q; = 28 (NI )60 D :5 280 (NI )60
Bh

D

q; = 560 (NI)6O B :5 5600 (NI)6O/,

Pressure-Injected Footings

Neely (1989, 1990a, 199Gb) developed empirical methods of computing the net unit
toe-bearing resistance, q,', of pressure-injected footings (PIFs) from SPT N values. This
method is based on the results of load tests conducted 93 PIFs with cased shafts and 41

PIFs with compacted shafts. All of these piles were bottomed in sands or gravels. His for
mula for cased PIFs bottomed in clean sands and gravels is:

Where:

q,' = net unit toe-bearing resistance Ob/ft", kPa)

Nf>l) = SPT blow count between toe and a depth of about B below the toe

A comparison of Equations 14.6 and 14.8 suggests auger cast piles have substantially
more toe-bearing resistance than drilled shafts. However, the differences between these
formulas is probably caused by differences in interpretation of the load test data, not to
any real difference in resistance for foundations of equal diameter. In any case, the small
diameter of auger cast piles limits the q,'A, value, so most of the load transfer occurs via
side friction.

Where:

q,' = net unit toe-bearing resistance Ob/ft2, kPa)

(NI)6O = corrected SPT N value between toe and a depth of about B below the toe

D = depth to bottom of PIF base

Bh = diameter of PIF base

(14.7 SI)

(14.7 English)
50 in ,,- -q,

q'r - Bh

1. Reduce q,' to a lower value, q,,' using Equations 14.7:

If N60 > 50, the ground is classified as an intermediate geomaterial, as described later in
this section.

Shafts with base diameters larger than about 1200 mm (50 in), require about 60 mm
(2.5 in) of settlement to develop the "full" toe-bearing resistance as defined by O'Neill
and Reese. With normal factors of safety, this translates to a settlement of about 25 mm
(I in) to develop the allowable toe-bearing resistance. Assuming this is equal to maximum
allowable settlement, shafts with larger base diameters may experience excessive settle
ments, especially if toe bearing represents a large portion of the total capacity. There are
two ways to deal with this problem:

Auger-Cast Piles

Neely (1991) developed the following empirical formula for toe-bearing resistance of
auger-cast piles in sand. This formula is based on the results of sixty six load tests on piles
with diameters between 300 and 600 mm (12-24 in) and depths of embedment between
4.5 and 26 m (15-85 ft). Grout consumption data was not always available, so he reduced
the data in terms of the auger diameter, even though the actual pile diameter is somewhat
larger. Therefore, capacity predictions using this formula also should be based on the
auger diameter.

·ft
"!

1.

For compacted shaft PIFs, Neely presented his design toe bearing recommendations in
graphical form, as shown in Figure 14.7.

Neely's data suggest that silty sands' and clayey sands have less toe-bearing resis
tance than clean sand with a comparable N value. Soils with a fines content of 25 percent
may have a toe-bearing resistance of about half that predicted by Equation 14.9 or Fig
ure 14.7.

Because of the soil compaction that occurs during PIF construction, their net unit
toe-bearing resistance is much greater than that of a drilled shaft of comparable dimen
sions, especially in clean sands (compare Equations 14.6 and 14.9).
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Net Unit Toe-Bearing Resistance, q', (kPa) Clays

B.:cause of Iheir low hydraulic conductivity, we assume undrained conditions exist in

clays beneath the toe of deep foundations. Therefore, we compute q,' using the undrained

shear strength, S", For deep foundations with DIB > 3 in clays with s" ~ 250 kPa (5000

Iblft') usc the following equation:

Where:

q,' = net unit toe-bearing resistance

N, = bearing capacity factor (O'Neill and Reese, 1999)

= 6.5 at s" = 25 kPa (500 lb/ft')

= 8.0 at S" = 50 kPa (1000 Ib/ftC)

= 9.0 at S" 2: 100 kPa (2000 Ib/ftc)

S" = undrained shear strength of soil between the toe and 2B below the toe

Clays with S" > 250 kPa (5000 Ib/ftC) should be evaluated as intermediate geomaterials, as
discussed later in this section.

The value of S" is determined from laboratory tests, such as the unconfined com

pression or triaxial compression, or from in-situ tests. However, be especially cautious

when working with fissured clays. The spacing of these fissures is often large compared

to the size of the soil samples, so test results may represent the soil between the fissures

rather than the entire soil mass. In such cases, reduce S" accordingly (perhaps to a value of
about 0.75 times the measured value).

As discussed earlier, large diameter foundations require correspondingly more set

tlement to achieve the ultimate toe-bearing resistance. If the base diameter, B". is greater

than 1900 mm (75 in), the value of q,' from Equation 14.10 could produce settlements

greater than I in (25 mm), which would be unacceptable for most buildings. To keep set

tlements within tolerable limits, reduce the value of q,' to q,,', and use this value (O'Neill
and Reese. 1999):

(14.10)

(14.12)

(14.11)

(14.14 SI)

(l4.13sn

(14.13 English)

(14.14 English)

Iq; = NI'. I'·\11

Iq;, = F,q; I

, 2.5 I
Fr = ----::5 1.0

IjJ)B" + 2.51jJc

I ~II = 0.0085 B" + 0.083 (DIB,,) I

!1jJ1 = 0.28 B" + 0.083 (DI B,,) I

[ IjJc = 0.014 VS" I

I Ill, = 0.065 VS" I

<)<)
\t:,.t:,.

10 I- I
or

<5><)

<)

<)

121
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Figure 14.7 Net unit toe-hearing resistance. q/. for compacted shaft PIFs in clean sands

and gravels (Adapted from Neely. I990b: Used with permission of ASCEl.
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Where:

q/>' = reduced net unit toe-bearing resistance

q/ = net unit toe-bearing resistance
8. = diameter at base of foundation (ft, m)

D = depth of embedment (ft, m)

5 = undrained shear strength in the soil between the base of the foundation and
a depth 18" below the base Ob/ft', kPa)

tests may be appropriate. The Osterberg test has heen especially useful in such circum
stances.

O'Neill and Reese (1999) recommend the following methods of evaluating q,' for
drilled shaft foundations. These methods also should be appropriate for other types of
deep foundations.

Cohesive Intermediate Geomaterial and Rock

If 70% < RQD < 100%, all joints are closed (i.e., not containing voids are soft infill
material) and nearly horizontal, and q" > 500 kPa ( ]0,000 Ib/ft2):

The rock quality designation or RQD is a measure of the integrity of rock or intermediate
geomaterial obtained from coring. It is defined as the percentage of the core that is recov

ered in pieces;::: 100 mm in length. RQD values greater than 90 percent typically indicate
excellent material, while those less than 50 percent renect poor or very poor material. The
unconfined compressive strength, q", is usually measured in the laboratory on core sam
ples using a technique similar to that for measuring the compressive strength of concrete.
This value also is equal to twice the undrained shear strength, 5". O'Neill and Reese use
the RQD and the unconfined compressive strength hetween the bottom of the foundation
and a depth of about 28 below the bottom to evaluate toe-bearing resistance.

If RQD = 100% and the foundation extends to a depth of at least 1.58 into the inter
mediate geomaterial or rock:

Where q" is in Ib/in2 and MPa and q,' is in Ib/ft2 and kPa.

If the material is jointed, the joints have random orientation, and the condition of
the joints can be evaluated in the area or from test excavations:

Intermediate Geomaterials and Rock

Inr'-'7,:,'diare geolllQrerial is a new term used to describe hard soils and soft rocks. O'Neill
and Reese I 1999) define them as cohesive or cemented materials, such as clay shales or
muds,,'nes. \\'ith 150 kPa (5000 lb/ft') < 5" < 2500 kPa (50,000 lb/ft') or noncohesive ma
terials, such as glacial till. with Noo > 50. These materials can be difficult to evaluate be
ciuse ,hey have engineering properties between those of soil and rock.

We \I'ill define rock as a material with s" ;:::2500 kPa (50,000 Ib/ft'), which corre
Spl'I1":sto an unconfined compressive strength, q" ;:::5000 kPa (100,000 Ib/ft'). This defin
iti"11j,'es not necessarily correspond to the geological definition of rock, which includes
Sl't11e:naterials that we would classify as intermediate geomaterials.

Some, but certainly not all, deep foundations extend down to bedrock. Such designs
take lJvantage of the increased strength and stiffness of bedrock, and thus have more toe
bearir!g resistance than foundations bottomed in soil. However, the feasibility of such a
desip depends on many factors, including:

• The depth to bedrock, which ranges from zero (in which case a shallow foundation
should be suitable) to thousands of meters below the ground surface (which is far
below the technical and economic reach of deep foundations).

• The design loads, which may be too high to be supported on soil.

• The strength of the overlying soils, which may be sufficient to support the applied
loads,

• The potential for scour, which may wash away some or all of the overlying soil.

• The potential for downdrag loads caused by settlement in the soils. This phenome
non is discussed in Chapter 18.

The toe-bearing resistance in intermediate geomaterials and bedrock is more diffi
cult to evaluate than that for soil, mostly because it depends on the nature of the disconti

11IIiri,'5, which can be difficult to assess. Fortunately, even conservative estimates of q,' in
these materials are often sufficiently high to produce an economical design. In very strong
rock. 'I: may exceed the allowable stress in the foundation, especially with drilled shafts.
In that case. the structural capacity may control the design. If the structural loads are very
high. md toe bearing is the primary source of resistance, conservative design values may
pr"":1.lI:ea foundation design that is too expensive. In these cases, full-scale static load

,ff't

--~

Iq; = 2.5 q"

I q; = 7970 (q"j' <IJ

q; = 4830 (q,.tll

Iq; = V5 + (m,os - t)05]q" I

Where m and t are determined from Tables 14.2 and 14.3.

Noncohesive Intermediate Geomaterial

For noncohesive intermediate geomaterials, O'Neill and Reese use:

...•..

q; = 0.59[(Ndoij a.'1)

(14.15)

(14.16 English)

(14.16 SI)

(14.17)

(14.18)
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TABLE 14.2 DESCRIPTION OF ROCK AND INTERMEDIATE GEOMATERIAL TYPES

FOR USE IN TABLE 14.3 (O'NeiH and Reese, 1999)

Where:

q,' = net unit toe-bearing resistance

(N1)NI= SPT N-value corrected for field procedures and overburden stress:::; 100

ad;' = vertical effective stress at base of foundation

Rock or Intermediate

Geomaterial Type

A

B

C

D

E

Description

Carbonate rocks with well-developed crystal cleavage (e.g .. dolostone,
limestone, marble)

Lithified argillaeous rocks (e.g .. mudstone. stiltstone, shak slate)

Arenaceous rocks (e.g .. sandstone. quartz)

Fine-grained igneous rocks (e.g .. andesite. dolerite, diabase, rhyolite)

Coarse-grained igneous and metamorphic rocks (e.g .. amphibole, gab
bro, gneiss, granite, norite, quartz dioriteJ

14.3 SIDE FRICTION

The unit side-friction resistance,J., is more clearly defined than the toe bearing because of
the sharp break in the load-settlement curve. The analysis of side friction is based on the
principle of sliding friction, and is most accurately performed using effective stresses.
However, side friction also may be evaluated using total stresses.

Effective Stress Analyses

Excess pore water pressures are often present along the sides of deep foundations during
and immediately after construction, especially with piles in clays. However. these pres
sures dissipate rapidly, so hydrostatic conditions generally are present during the service
life of the structure. If, during the service life of the structure, an additional load is placed
on the foundation, little or no excess pore water pressure will be generated along the side
of the foundation, because there is no additional compression of the soil. Therefore, we
may compute the vertical effective stress using the hydrostatic pore water pressure and
evaluate side-friction resistance using an effective stress analysis.

Principles

Side friction may be described using a simple sliding-friction model:

If the base diameter is larger than 1200 mm (50 in), this computed value should be re
duced using Equation 14.7 in order to control settlement. If=a:tan<l>/I

(14.19)

Deep foundation construction induces significant changes in the surrounding soils,
as discussed in Section 14.1. Therefore, the coefficient of lateral earth pressure, K, is gen-'
erally not equal to the coefficient of lateral earth pressure in the ground before construc
tion, Ko. The ratio K/Ko depends on many factors, including the following:

Where:

J, = unit side-friction resistance

ax' = horizontal effective stress (i.e., perpendicular to the foundation axis)

tan <1>/= J.l. = coefficient of friction between the soil and the foundation

<1>/=soil-foundation interface friction angle

Researchers have used laboratory tests to measure the coefficient of friction, tan <1>/.
and have correlated it with the effective friction angle of the soil, <1>'.Table 14.4 gives typ
ical values of <1>/<1>'.Saturated dense soils have <1>//<1>'ratios on the high end of these
ranges, whereas dry loose soils tend to the low end.

As discussed in Chapter 3, the ratio between the horizontal and vertical effective
stresses is defined as the coefficient of lateral earth pressure, K:

TABLE 14.3 VALUES OF mAND tFOR EQUATION 14.17 (O'Neill and Reese, 1999)

Quality of

III
Rock or Intermediate

JointJoint TypeTypeTypeTypeType
Geomaterial

DescriptionSpacingtABCDE

Excellent

Intact> 3 m1710251725

(closed)
(> 10 ft)

Very Good

Interlocking1-3 m0.13.557.58.512.5

(3-10 ft) Good .

Slightly]-3 m4xlO-20.7]1.51.72.5
weathered

(3-10 ft)

Fair

Moderately0.]-1 mIO--l·.0.140.20.30.340.5
weathered

(I-3ft)

Poor

Weathered30--300 mm10-50.040.050.080.090.13

with gouge

(1-]2 in)

Very Poor

Heavily<50 mm00.0070.010.0150.0170.025

weathered
« 2 in)

,f(

"!

1

a'
K - xa~ (14.20)
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TABLE 14.4 APPROXIMATE <l>,/<l>' VALUES FOR THE
INTERFACE BETWEEN DEEP FOUNDATIONS AND SOIL

(Adapted from Kulhawy et aI., 1983 and Kulhawy, 1991)

TABLE 14.5 APPROXIMATE RATIO OF COEFFICIENT OF LATERAL EARTH

PRESSURE AFTER CONSTRUCTION TO THAT BEFORE CONSTRUCTION

(Adapted from Kulhawy et aI., 1983 and Kulhawy, 1991)

Foundation Type

Rough concrete

Smooth concrete (i.e .. precast pile)

Rough steel (i.e .. step-taper pile)

Smooth steel (i.e .. pipe pile or H-pile)

Wood (i.e .. timber pile)

Drilled shaft built using dry method or with
temporary casing and good construction techniques

Drilled shaft built with slurry method (higher values
correspond to more careful construction methods)

<l>/1<!>'

1.0

0.8-1.0

0.7--0.9

0.5-0.7

0.8--0.9

1.0

0.8-1.0

Foundation Type and Method of Construction

Pile jetted

Pile-small displacement. driven

Pile-large displacement. driven

Drilled shaft-built using dry method with minimal sidewall disturbance and
prompt concreting

Drilled shaft-slurry construction with good workmanship

Drilled shaft-slurry construction with poor workmanship

Drilled shaft-casing method below water table

K/K"

0.5--0.7

0.7-1.2

1.0-2.0

0.9-1.0

0.9-1.0

0.fHl.7

0.7-0.9

'Passive earth pressures are discussed in more detail in Chapter 23.

Vcrtical Effective

Stress. cr.: (Ibln')0

20004000

20

r:
rY~I

~

40

..<::

I-\ ---r-11 11 111 .. - \-lEE. 8 60

~ \11 11 "I\120
80

100 '-

,11 11 111, -I 30
I

II
0

100200
kPa

Fi~ure 14.8 Typical distributions of parameters that influence side-friction resistance

(Adapted from Kulhawy. 1991: Used with permission of Van Nostrand Publishers). NC =

normally consolidated. QC = overcol1solidated .

using Equation 3.24. However. even soils that are supposedly normally consolidated usu

ally have an overconsolidated crust as shown in Figure 14.8. This crust often extends

from the ground surface to a depth of 3 to 6 m (10-20 ft) or more. As a result, Ko in "nor

mally consolidated" soil deposits is typically quite high near the ground surface and grad
ually becomes smaller with depth (Kulhawy. 1984, 1991).

In more classical overconsolidated clays (Le., those precompressed by removal of

overburden), the overconsolidation ratio, OCR, decreases with depth, so Ko also decreases

with depth.

(14.21)If = Ko er; (~) ( :~ )

• Type of deep foundation-Pile driving causes compression of the surrounding

soils, while drilled shaft construction may result in some stress relaxation.

• High displacement vs. low displacement piles-High displacement piles, such as

closed-end steel pipes, displace much more soil than do low displacement piles,

such as a steel H-piles, and therefore have a much higher K/Ko ratio. However,

some of this gain may be lost over time as creep effects tend to relax the locally

high horizontal stresses.

• Soil consistency-Dense soils provide more resistance to distortion, which results

in a greater K/Ko ratio.

• Special construction techniques-Predrilling or jetting loosens the soil, thus re

ducing the K/Ko ratio.

The most difficult factor to assess in Equation 14.21 is Ko. It can be estimated using

Equation 3.15, which in turn requires an estimate of the overconsolidation ratio (OCR). In

clays this can be done by performing consolidation tests, as described in Chapter 3, and

The largest possible value of K is Kp, the coefficient of passive earth pressure,2 which is
equal to tan2 (45 + <1>'/2).Kulhawy et al. (1983) suggested the K/Ko ratios in Table 14.5.

Combining Equations 14.19 and 14.20 with the factors in Tables 14.4 and 14.5

gives:

.~ 1
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Unfortunately, it is much more difficult to evaluate the OCR in sands because we
cannot obtain suitable undisturbed samples. This is true even when interbedded clays are
present because the OCR of these strata may be different, especially if desiccation has
occurred.

Some in-situ tests, such as the pressuremeter (PMT), dilatometer (DMT), or Ko

stepped blade, might be used to evaluate lateral earth pressures. None of these tests is
widely available in North America, but their use may increase in the future.

I f3 = 1.5 - 0.135 vZ 0.25 :s f3 :s 1.20 I

I f3 = 1.5 - 0.245 vZ 0.25 :s f3 :s 1.20 I

Where:

;: = depth to midpoint of soil layer (ft, m)

(14.25 English)

(14.25 SI)

Sands

f3 Method

Because of the difficulties in evaluating some of the factors in Equation 14.21, engineers
sometimes rewrite this equation as follows (Burland, 1973):

(14.26)

o

2.51.5

Average Side-Friction Factor. J3

0.5

20

100
o

'" ~I:P~ 10.s
<:l

00
<:l

C
40 C" "

E "
"" 15

-0

1!
"" ~

t.ij

t.ij~ 60
~

0
..<:: 20

..<::

a a" "
Cl Cl

80

25

Where:

], = average unit side-friction resistance

i3 = average beta factor (from Figure 14.9)

o:~= average vertical effective stress along length of pile

[ J: = i3 o:~:s 140 kPa (2800 lb/ft") I

o

If N60 <15, multiply the f3 values obtained from Equation 14.25 by the ratio N601l5.

This f3 function reaches its limits at depths of 1.5 m (5 ft) and 26 m (86 ft), so layer
boundaries should be placed at these two depths. Another boundary should be placed at
the groundwater table. Additional boundaries should be placed every 6 m (20 ft) and
where the sand strata end and it becomes necessary to begin using clay or rock analyses.

For auger-cast piles, Neely (1991) computes the average unit side-friction resis
tance using the f3 method:

Figure 14.9 Average beta factor. 13 for use

in Equation 14.26. (Adapted from Neely.

1991: used by permission of ASCE.)

(14.22)

(14.23)

(14.24)

I.t: = f3 lT~ I

f3 = Ko (~Jtan [ ~,(;,)]

I f3 = 0.18 + 0.65 Dr I

Where:

D,. = relative density of the sand expressed in decimal form

For large-displacement pile foundations in sands, Bhushan (1982) recommends:

This technique of computing side-friction resistance is known as the beta method. In prac
tice, design f3 values have been obtained by backcalculating them from full-scale static
load tests and correlating these values with soil properties and foundation type. We then
use these correlations to apply these values to new foundations.

When using the f3 method, divide the soil into layers with layer boundaries located
at the soil strata boundaries and at the groundwater table. Then compute J, at the midpoint
of each layer using Equation 14.22.

Equation 14.24 is based on a series of load tests conducted on closed-end steel pipe piles
which probably had ~r/~' of about 0.7 and K1Ko of about I. The f3 value for other types of
deep foundations would be correspondingly higher or lower, as suggested by Tables 14.4
and 14.5.

For drilled shafts in sand with N60 2::15,O'Neill and Reese (1999) recommend
assessing the following equation for f3, and limit.t: to a maximum value of 190 kPa
(4000 Ib/ft"):

fI
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'!Ee beta factor 13 varies nonlinearly with depth. Figure 14.9 gives the average
value, 13, for various pile lengths. Therefore, when using this chart, determine only one j3

value based on the length of the pile and use it in Equation 14.26. Do not divide the soil
into layers to determine the 13 value for each layer.

For pressure injected footings (PIFs), the side-friction resistance should be ne
glected if a cased shaft is used because of the annular space between the casing and the
soil. However, PIFs with compacted shafts have excellent shaft-soil contact with a high
lateral stress and a rough surface. and therefore can develop high side-friction resistance.
Neely (1990b) computes it using Equation 14.26 and Figure 14.10.

Average Unit Side-Friction Resistance.]; (kPa)

(14.27 SI)

(14.28 SI)

(14.28 English)

(14.27 English)

Where:

z = depth to midpoint of soil layer (ft, m)

e = base of natural logarithms = 2.718

113 = 2.0 - 0.061 z'!75 0.25 :S 13 :S 1.80 I

113 = 2.0 - 0.15 Z075 0.25 :S 13 :S 1.80 I

Gravels

113 = 3.4 e-O.02oc 0.25 :S 13 :S 3.00 I

[13 = 3.4 e-O.OX5 c 0.25 :S 13 :S 3.00 I

and for gravelly sands (25-50 percent gravel size):

Rollins, Claylon, and Mikesell (1997) used a series of full-scale static load tests to de
velop a revised version of Equation 14.25 for drilled shaft foundations in gravels (> 50
percent gravel size):

Silts and Clays

13 for piles in gravelly soils also should be 20 to 30 percent higher than that in sandy
soils, so Equation 14.24 should be conservative.

..
Normally consolidated silts and clays typically have 13 = 0.27 to 0.50 and 13 = 0.25 to
0.35, respectively (Fellenius, 1999). Soft, normally consolidated soils are usually toward
the lower end of these ranges, while lightly overconsolidated soils are toward the high
end. If the soil is heavily overconsolidated, 13 could be much higher, as shown in Fig
ure 14.11.

In clays, the side-friction resistance within 1.5 m (5.ft) of the ground surface should
be ignored because of clay shrinkage caused by drying, foundation movement produced
by lateral loads, pile wobble during driving, and other factors.

400

Loose (Nb(] = 5 - 10)

Medium Dense

(Nb(] = 1I - 30)

4

o

20

Qjo::

C

"E ""0 -" ~
.g a 12tiii5~ -o~

Ido o~ gO

" .., ..,a'""Cl
16

J Denotes Driving Assisted by
External Jetting

24
o 2000 4000 6000 8000

Average Unit Side-Friction Resistance.]; (Ib/ft'l

Figure 14.10 Average unit side-friction resistance for compacted shaft PIFs in sandy

soils (Adapted from Neely. I990b: used with permission of ASCE). These values are ap

propriate only when the drive tube is driven into the ground in the conventional fashion.

The use of jelling to assist this process reduces the side-friction resistance.

.ft
f

II
!

1

Example 14.2

Using a factor of safety of 2.75, compute the allowable downward capacity of the pile de
scribed in Example 14.1. This pile is to be driven without the use of jetting.

Solution

i3 = 0.18 + 0.65(0.50) = 0.50 (Based on <1>,/<1>' = 0.7 and K/Ko = I)

Per Table 14.4. <l>rl<l>' = 0.9
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2.0

Overconsolidation Ratio (OCR)

15

Example 14.3

The drilled shaft shown in Figure 14.12 is to be designed without the benellt of any onsite
static load tests. The soil conditions are uniform and the site characterization program was
average. Compute the allowable downward load capacity.

1.5 .-

P 1.0'-

0.5

Solution

The unit weights of these soils, "I, have not been given (probably because it was not possible
to obtain a suitably undisturbed sample of these sandy soils). We can't compute the load ca
pacity without this information, so we must estimate "I for each strata using typical values
from Table 3.2:

Silly sand above groundwater table: "I = 17 kN/m'
Silty sand below ground water table: "I = 20 kN/m'
Sand below ground water table: "I = 20 kN/m'

Using Equation 14.25 to compute~:

o 0..5 1.0 1.5

Sl/cr.~ '

2.0 2.5 3.0

Figure 14.11 13 values for clays (Adapted fram Randolph and Wrath. 1982. and Equa

tion 3.15). For normally consolidated or slightly overconsolidated soils. these values are

comparable to those recommended by Fellenius. However, values for heavily overconsol

idated soils are much higher. When working with low displacement piles, reduce these

values by about 20 percent.

Per Table 14.5, KI Ko = 1

20 31

22

16 2-1

12 19

Depth
(m) NW

Well-Graded Sand

SW 9 20

':;':::f" '.::::::: ~•.~• '.' 2.0 m .•• '. ' •...• .I .•• 10 .

'f!': ':'" 'SiltySand":"':

.,'..,'.: ·h.5;" ',':' (SM~ ':2.5' ':"12'

600mm-ll_

Figure 14.12 Drilled shaft foundation for

Example 1-1.3.

1

I

I

I

As 'sAs
(m2)

(kN)

4.8

82

11.2

594

9.6

844-1520

<=Answerq;A, + I-f,A, _ 1990 + 1520 = 1276 kN
P" = ~ - 2.75

:. use ~ = 0.50( ~:~) ( +) = 0.64

Depth
,

's(J'z

Layer
(m)(kPa)(kPa)

1

0-326.717.1

2

3-1082.853.0

3

10-16137.487.9

,lit
.!
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Strata z(m)13er,' (kPa)J, (kPa)A,(m')P,(kN)

Silty sand above GWT

1.001.2017.020.43.7777

Silly sand below GWT

2.751.0941.545.22.83128

, Sand (3.5-9 m)

6.250.8877.368.010.37705

Sand (9-16 m)

11.150.68130.989.09.42838-1748

Note how we compute ~and er; at the midpointof each strata.

Use Equation 14.6 to compute the net unit toe-bearing resistance.Although no NtI,} values are
available within a depth of 2B below the bottom of the shaft, it appears that NtI,} = 22 would
be a reasonable value for design.

The formulation of the alpha method and the term adhesion factor give the mis
taken impression that side-friction resistance is due to a "gluing" effect between the soil
and the pile. This is misleading. It is more accurate to think of side-friction resistance
being a classical sliding friction problem.

The adhesion factor, a, is determined empirically from pile load test results. Ideally,
this could be performed on a site-specific basis, which allows us to extend load test results
to assist in the design of piles with other diameters or lengths at that site. In the absence of
site-specific data. we can use generic a values obtained from load tests at a variety of
sites. Figure 14.13 shows back-calculated a values from full-scale static load tests,along
with several suggested functions. Clearly, there is a large scatter in this data.

Of the various a functions in Figure 14.13, the API function is probably the most
commonly used for piles:

For SIT < 25 kPa (500 Ib/ft2):

q; = 57.5 N"o = (57.5)(22) = 1265kPa

1T(0.6)' ,
A = -- = 0283m-

, 4 .

I a = 1.0 I (14.30)

Using a factor of safety of 3 (per Table 13.2):

q;A, + "i.J,A,

Pu = F

(1265)(0.283) + 1748
3

Even though effective stress analyses are easily implemented and technically more cor
rect, engineers often evaluate side-friction resistance in clays soils using total stress analy
ses based on the undrained strength. The alpha method, as defined in Equation 14.29, is
the most common way of formulating this approach. Although the alpha method is less
precise than the beta method, it has been used much more widely and thus has the benefit
of a more extensive experience base. The alpha method equation is:

If = asu I

200150

A = American Petroleum Institute (API. 1974)
D = Dennis and Olson ( 1983)
K = Kerisel (1965)
M = McCarthy ( 1988)
P = Peck (1958)
T = Tomlinson (1957)
W = Woodward and Boitano (1961)

+

.'iu (kPa)

I (X)

+
+

50

------- Additional Data Points

+ as High as
s" = 500 Ib/ft'. a = 3.0

+
/A+

~

~ T--.:r __ ~ +

++:; +

-++

---
500

100015002000250030003500~OOO~5005000

Undrained Shear Strength. s" (lb/ft')

++

+
+ +
+
++

+ +~

+

1.3

1.0

1.2

Figure 14.13 Measured values of ex as backcaiculated from full-scale static load tests compared

with several proposed functions for a (Load test data adapted from Vesi':. 19771.

0.2

o
lA

0.0
o

1.1

0.3

0.8

0.7

0.5

0.1

0.4

0.9

a 0,6

(14.29)

<=Answer= 702kN

Where:

f = unit side-friction resistance
a = adhesion factor

SIT = undrained shear strength in soil adjacent to the foundation

Total Stress Analyses (a Method)

·Ift
"

1
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For 25 kPa (500 Ib/ft') < s" < 75 kPa (1500 Ib/ft'):

a
1.0 _ 0.5 (S" - 500 Ib/ft')1000Ib/ft'

a = 1.0 _ 0.5 (s" - 25 kPa)50 kPa

(14.31 English)

(14.31 SI)

1.5 m
(511)

a=()

a = O.SS for s" ,; j 50 kPa (3t~~) Iblft' )

a = 0.45 for s" 2:250 kPa t5(j(~) tb/fI')
Linearly Interpolate for 150 < SII < 150

For S" > 75 kPa (1500 Ib/ft'):

I a = 0.5\ (14.32) ~

Fi~ure 1·t15 ex factor for sidc·fril'tiof1 computations in drilled shaft\ (Adapled from
O'Neill and Reese. 1999).

Figure 14.14 shows backca1culated values of a for drilled shafts obtained from in
strumented load tests. Once again. there is a wide scatter in the results. We can use the a
curve shown in this plot. or the Reese and O'Neill (1989) approach as shown in Figure
14.15. Reese and O'Neilllimitj; to a maximum value of 260 kPa or 5500 Iblft'.

All of the a factors presented in this section are for insensitive clays (5, < 4). In sen
sitive clays, full-scale static load tests, special lab tests, or some other method of verifica
tion are appropriate (O'Neill and Reese, 1999).

BIu a=O

f+-n1

a=()

..•.

'f'

Figure 14.14 ex factor for side-friction computations in urillcu shafts (Adapted from

Kulhawy and Jackson. 1989: used with permission of ASCEI.

01 I I I I I I
o 1000 2000 3000 -lOOO SOOO 6000

Ulldraincd Shear Str~llgth'.\"1I (Ih/ft~)

Solution

q; = 9.1""= (9)(4000) = 36,000 Ib/ft~1f 81, 1f 5~ ,
A'=4=4= 19.6 ft-

Depth

ThicknessSu fsAsfsAs

Layer
(It)(It)(Ib/ff)Cl(lb/lt2)(If)(k)

0-5

5.0-0--0
2

5-12 7.016000.55880+I39

3

12-37 25.014000.55770157121

4

37-56.519.540000.481920122234

5

56.5-60 3.5-0--0-394

A 60-ft long drilled shaft is to be built using the open hole method in the soil shown in Figure
14.16. The shaft will be 24 inches in diameter and the bottom will be belied to a diameter of

60 inches. This foundation is to be designed without the benefit of an onsite static load test .
the soil conditions are uniform, and the subsurface investigation program was extensive.
Compute the allowable downward load capacity.

Example 14.4

!iII

1

300

•

250i

..•.

I.cgelld

• Uplift (65 Tests)
.•••.Compression (~l Tl:sts)

..•.

Undrained Shear Strength .1'" (kPa)

100 150 200

I I I
50

~
o

1.2

0.2I-

..•.•........

1.0~. I;
! •

0'8[ •......•...•.<j •••••••.: .~ .
g •• , ~ ..•.

"", ~ *
c .•••• ;~ ~i~~..., ..••
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1
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24 in. Diameter Shaft

r
I 14.4 Upward Geomaterial and Rock

Intermediate Geomaterial and Rock

527

T

Stiff Silly Clay
Y= 105 Ib/frl
s" = 1600 Iblft2

One of the advantages of drilled shaft foundations is that they can be drilled through inter
mediate geomaterials and rock that a pile could not penetrate. These strata can develop
large side-friction and toe-bearing resistances. and thus can support high-capacity founda
tions. O'Neill and Reese (1999) present methods of computing these resistanccs for
drilled shafts.

14.4 UPWARD LOAD CAPACITY

When a deep foundation is subjected to downward loads. it experiences some elastic com
pression and, because of the Poisson effect, a small increase in diameter. However, the
opposite occurs when they are subjected to upward loads: The foundation "stretches" and
the diameter becomes slightly smaller. As a result, the unit side-friction resistance,f, for
upward loading (Equation 13.7) may be smaller than that for downward loading. For de
sign, thef values for upward loading may conservatively be set to 75 percent of those for
downward loading unless static load test data justifies the use of higher values. See
O'Neill and Reese (1999) for additional information.

Deep foundations with enlarged bases, such as belied drilled shafts or pressure
injected footings. gain upward capacity through bearing on top of the base, as shown in
Figure 14.17. This capacity can be large, but it is difficult to quantify. O'Neill (1987) and
O'Neill and Reese (1999) suggested the following relationship for clays:

Use F = 2.50 (per Table 13.2)

(36)(19.6) + 394

2.5

P" = q;A, + "i.f,A,
F

Figure 14.16 Drilled shaft foundation for

Example 14.4.

'f!

25 ft

=440k

Stiff Clay
Y= 1081b1ftJ
S" = 1400 1b/ft2

<=Answer
i

L

(p ) = (s,,N,, + IT,I))(1T/4)(B~ - B~)IIfHl'ard (/ F

For unfissured clay:

1 N" = 3.5 Dh/ Bh :5 91

For fissured clay:

1 N" = 0.7 D,,/Bh :5 91

Where:

(P"""",."),, = allowable upward load capacity
s" = undrained shear strength in soil above the base

IT ,I) = total stress at the bottom of the base

B" = diameter of the enlarged base

B, = diameter of the shaft

D/o = depth of embedment of enlarged base into bearing stratum

(14.33)

(14.34)

(14.35)
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rr:// = vertical effective stress at bottom of foundation

AI> = area of bottom of enlarged base

F = factor of safety

Nu 5

LcgcnJ

o Loose Sand

• Dense Sand

3 .• 5 6

Emhedment Ratio. DIB"

3

10

2

..

Fi~ure 14. t8 Breakoul factor. ,\' " for

foundations \.vith enlarged bases in "andy

soils (Adapted from Oickin ~IndLClIng.
1'190).

Weight of Foundation. Wf

~D

Figure 14.17 Additional upward capacity

in deep foundations with enlarged bases.

The capacity computed from Equation 14.33 may be added to that computed in
Equation 13.7. However, the upward pressure from the enlarged base interacts with the
side-friction resistance of the lower portion of the shaft, so O'Neill recommends neglect
ing the side friction between the bottom of the foundation and a distance 2B" above the
bottom.

If the bottom is below the groundwater table, suction forces might produce addi
tional upward resistance. Although they might be large, especially for short-term loading
(i.e., less than 1 minute), it is best to ignore them until additional research better defines
their character and magnitude.

For pressure injected footings in sands, we use an effective stress analysis:

Once again, this capacity may be added to that computed from Equation 13.7.
Belled drilled shafts are not practical in sands, so this equation is not applicable to

drilled shaft foundations.

Example 14.5

Compute the allowable upward load capacity of the drilled shaft described in Example 14.4.

Solution

Use F = 5.0 (per Table 13.2)

Neglect side friction below a point 2Bh above the bottom of the bell

(P ) N"rr'oAII/Hnlnl (/ = ~."F

Where:

(P""w"rd)" = allowable upward load capacity

N" = breakout factor (from Figure 14.18)

'f'

(14.36)

_1

2 Bh = (2)(5) = 10 ft

Thus. layer 4 changes to; Depth = 37-50 ft; A, = 82 ft';};A, = 157 k

I};A, = 39 + 121 + 157 = 317 k

The soil near the bell is described as "very stiff clay" and thus is probably fissured.
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D" (60)
N" = 0.7 - = 0.7 - = 8.4

B" 5

(Lj) = ~ -yH = (105)(12) + (108)(25) + (109)(23) = 6467Ib/ft'

(s"N" + 0",0)(-TT/4 )(B!, - B;)

(P",,,,w·"),, = F

[(4000)(8.4) + 6467](1T/4)(52 - 22)

(5)(1000lb/k)

132 k

w, = [1T~)' (58.5) + 1T[(2 +/)/2]' (1.5) ](0.150 k/ft') = 30 k

No adjustment for buoyancy is necessary because the groundwater table is below the bottom
of the shaft.

Compute the uplift capacity exclusive of the bell using Equation 13.7 with a 0.75 factor ap
plied to the side-friction resistance.

W, + If A, 30 + (317)(0.75)
(P"p"w.")" = _ = _ = 54 k

The total upward load capacity is:

,
f

14.4 Upward Geomaterial and Rock

Figure 14.19 Soil profile for Problem
14.5.
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Stiff Silly Clay
",= IXOOlblli2

'{= IIX tb/li.' labove GWT)
'{= 120 Iblft.' (below GWTI

\Iedium Dense Sandy Sill (ML)
~'= 25" •
N(iJ =:!6
OCR=2

Y = 122 Ib/Ft.'

Dense Sandy Silt ISM)
<1>' = 37°
N"o = 50
Y= 128 Ib/Ft.'

(P",,,,,,n,la = 132 + 54 = 186 k <=AlIswer

QUESTIONS AND PRACTICE PROBLEMS

14.4 An office building is to be supported on a series of 700-mm diameter, 12.0-m long drilled
shafts that will be built using the open hole method. The soil profile at this site is as follows:

14.5 A closed-end PP16xO.500 pile with a I-in thick bottom plate will be driven 45 ft into the soil

profile shown in Figure 14.19. This pile will then be filled with concrete. It has been designed
without the benefit of any onsite static load tests. but onsite dynamic testing and wave equa
tion analyses have been performed. Compute the allowable downward and upward load
capacities.

,.Ift!

The groundwater table is at a depth of 50 m. No onsite static load test data is available. the soil
conditions are uniform. and the site characterization program was average. Compute the al
lowable downward and upward capacities of each shaft.

Depth
(m)

0-2.2

2.2-6.1

6.1-11.5

11.5-30.0

Soil Classification

Stiff clayey silt (CL)

Stiff silty clay (CL)

Very stiff sandy clay (CL)

Very stiff sandy clay (CL)

Undrained Shear

Strength, s" (kPa)

70

85

120

180

14.6 An industrial building is to be supported on a series of 14-in square prestressed concrete piles
which will be driven 45 ft into the following soil profile:

FrictionUnit
Angle

Relative WeightDepth <I>'Density -y(ft) Soil Classification(deg)D,N"o(lb/fr-')

0-10.0
Silty sand (SM) 3340%12100

10.0-16.5
Sandy silt (ML) 3150'7c16110

16.5-35.0
Fine to medium sand (SW)3562'7c30125

j
35.0-65.0Well-graded sand (SW)3768%35126I

1
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The groundwater table is at a depth of 15 ft and all of the strata may be assumed to be nor
mally consolidated. These piles have been designed without the benefit of any onsite static

load tests, dynamic tests, or indicator piles. but a wave equation analysis has been perfonned.
Compute the allowable downward and upward load capacities of each pile.

14.7 Auger-cast piles are being considered as an alternative design for the industrial building de
scribed in Problem 14.6. Select an appropriate pile diameter and determine the required depth
of embedment to achieve the same allowable downward capacity per pile as provided by the

concrete piles. Then, check the upward capacity and compare with the upward capacity of the
concrete piles. If necessary, lengthen the auger-cast pile to provide sufficient upward capacity.
Finally. state the required pile length.

14.8 Drilled shafts are being considered as an alternative design for the industrial building de
scribed in Problem 14.6. Each column will be supported on a single drilled shaft, which will

replace a group of piles. Select an appropriate shaft diameter, then detennine the length re
quired to resist the upward and downward loads that would otherwise have required four
piles.

14.9 A series of 20-ft deep pressure injected footings with compacted shafts are being considered
as an alternative design for the industrial building described in Problem 14.6. Each PIF will

replace four concrete piles. Using the infonnation in Table 11.1. select an appropriate PIF
type, then detennine the required dimensions to resist the downward and upward loads that
would otherwise have required four piles.

14.10 Using the soil profile, pile type, and structure described in Problem 14.6, detennine the re
quired pile length to support a 95-k compressive load.

14.11 According to Equations 14.6 and 14.9, how does the net unit toe-bearing resistance of PIF
foundations in sand compare to drilled shafts in sand? Explain the reason for this difference.
In what kinds of sand would you expect this difference to be greatest?

14.5 ANALYSES BASED ON CPT RESULTS

• Nottingham and Schmertmann method (Nottingham. 1975; Nottingham and
Schmertmann, 1975; Schmertmann, 1978)

• LCPC method developed by the Laboratoire Central des Ponts et Chaussees (also

known as the French Method) (Bustamante and Gianeselli, 1982; Briaud and
Miran, 1991)

• Mew'r/lOlmetllOd(Meyerhof, 1956, 1976. 1983)

• TUl11ayand F ukh/'()(Il11ethod (Tumay and Fakhroo. 1981)

• Es/al11i and Fellenius method (Eslami and Fellenius, 1997)

We will discuss only the Eslami and Fellenius method.

Basis

Eslami and Fellenius used the results of 102 full-scale static load tests from a total of forty

sites in thirteen countries, along with nearby CPT soundings to develop a method for

evaluating axial load capacity. All of the load tests were conducted on piles, and the soil
sonditions ranged from soft clay to gravelly sand.

This method takes advantage of the additional data gained through the use of a

pie,-ocone (also known as a CPTU test) which is a standard CPT probe equipped with a

piezometer to measure the pore water pressure near the cone tip while the test is in

progress. This pore water pressure is the sum of the hydrostatic pore water pressure (such

as could be measured using a conventional stationary piezometer) and any excess pore

water pressures induced by the advancing cone. In sandy soils. the excess pore water pres
sure is usually very small, but in clays it can be large.

When using piezocones, the pore pressure data is combined with the measured q,

values to obtain the corrected cone resistance, q,/" The correction factors depend on the

details of the piezocone, so this correction is normally applied when reducing the original
CPT data, and a plot of q,/, vs. depth is provided to the engineer.

The Eslami and Fellenius method requires application of an additional pore water
pressure correction to the q,/, values as follows:

This correction is intended to more closely align the analysis with the effective stresses.

In sands, U2 should be approximately equal to the hydrostatic pore water pressure. There
fore, this method could still be used in sands even if only conventional CPT data (i.e., no .

pore pressure data) is available, so long as the position of the groundwater table is known
and no artesian conditions are present.

Engineers also have developed analytic methods based on cone penetration test (CPT) re

sults. These methods are very attractive because of the similarities between the CPT and

the load transfer mechanisms in deep foundations. The cone resistance, qc, is very similar

to the net unit toe-bearing resistance, q/, and the cone side friction,j"" is very similar to

the unit side-friction resistance,!s. The CPT is essentially a miniature pile load test, and

was originally developed partially as a tool for predicting pile capacities. Although we

still must use empirical correlations to develop design values of q/ and/, from CPT data,

these correlations should be more precise than those based on parameters that have more

indirect relationships to deep foundations.

CPT-based methods include the following:

• Dutch method (also known as the European method) (Heijnen, 1974; DeRuiter and

Beringen, 1979)

,f(
t

I qE = q,/, - u2[

Where:

qE = effective cone resistance

q,. = corrected cone resistance

U2 = pore water pressure measured behind the cone point

(14.37)
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Toe Bearing TABLE 14.6 SIDE-FRICTION COEFFICIENT, Cs (Eslami and Fellenius, 1997)

c,
This method correlates the net unit toe-bearing resistance, q,', with the effective cone re

sistance, q£. Toe bearing failures occur as a result of punching and local shear, and thus
affect only the soils in the vicinity of the toe. Therefore, the analysis considers only the q£

values in the following zones:

For piles installed through a weak soil and into a dense soil: 8B above the pile toe to
4B below the pile toe

For piles installed through a dense soil and into a weak soil: 2B above the pile toe to
4B below the pile toe

Soil Type

Soft sensitive soils

Clay

Stiff clay or mixtureof clay and silt

Mixtureof silt and sand

Sand

Range

0.0737 -{l.O864

0.0462-D.0556

0.0206-D.0280

0.0087-0.0134

0.0034-D.0060

Typical Design Value

0.08

0.05

0.025

0.01

0.004

In both cases, B is the pile diameter. The geometric average, q£" of the n measured q£ val
ues within the defined depth range is then computed using:

q£g =
(q£MqdMdJ'" (q£)"

n (14.38)

If, = C,q£1

Where:

f = unit side-friction resistance

C, = side-friction coefficient (from Table 14.6)

q£ = effective cone resistance

(14.40)

Eslami and Fellenius recommend using C, = I for pile foundations in any soil type. In ad
dition, unlike some other methods, they do not place any upper limit on q,'.

In general, odd spikes or troughs in the q£ data should be included in the computation of
q£g' However, extraordinary peaks or troughs might be "smoothed over" if they do not ap
pear to be representative of the soil profile. For example, occasional gravel in the soil can
produce false spikes ..

The net unit toe-bearing resistance has then been empirically correlated with q£g

using the load test results:

The C, value depends on the soil type, and should be selected using Table 14.6. this
soil classification may be determined directly from the CPT data using Figure 14.20.

Because CPT data is typically provided at depth intervals of 100 to 200 mm, this
procedure is too tedious to use at every data point when performing computations by

I - Collapsible Soil - Sensitive Soil
2 - Soft Clay - Soft Silt
3 - Silty Clay - Stiff Clay
4 - Silty Sand - Sandy Silt
5 - Sand - Gravel

100.0

10.0

1.0

'"~

,.
c..

~

(14.39)

Where:

q,' = net unit toe-bearing resistance

C, = toe bearing coefficient

q£g = geometric average effective cone resistance

Iq; = C,q£g I

Side Friction CD o
The procedure for computing the unit side-friction resistance,f" is similar to the method
used to compute q,'. If the analysis is being performed by a computer (which is often the
case, because CPT data can be provided in electronic form), a side-friction analysis is per
formed for each CPT data point using the following equation:

,4f
f

L

Figure 14.20 Soil dassilication from CPT
data (Eslami and Fellenius. 1997L

0.1
10

I~,I,Pal

lOO 1000
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hand. Therefore, hand computations usually divide the soil between the ground surface to

the pile tip into layers according to the CPT results, with a representative (h for each

layer. For most soil profiles, five to ten layers are sufficient.

Accuracy

Finally. Eslami and Fellenius applied this method to independent load test data (i.e., not

the data used to develop the method). This comparison indicates the average ultimate ca

pacity prediction using this method is within about :2 percent of the measured ultimate ca

pacity (i.e .. there is no systematic bias), and that 95 percent of the predictions are within

about 30 percent of the measured ultimate capacity. This is very good accuracy (e.g ..

compare with Figure 14.13). and certainly well within the range implied by the factors of

safety in Tables 13.1 and 13.2. However. attaining this accuracy in practice requires care

ful selection of the C, values from Table 14.6, which may be difficult for some soils.

14.6 Group Effects

Side friction

Silty clay stratum (ignore upper 1.5 m)

I = C,'f, = (0.025)(2000) = 50 kPa

A, = (4)(0.4)(8 - 1.5) = 10.4 m'

Sandy silt stratum

f~= C,'f, = (0.01 )(2500) = 25 kPa

A, = (4)(0.4)(4) = 6.4 m'

Downward load capacity

'f',A, + 'if A,

P" = F -

(2500)(0.16) + (50)(10.4) + (25)(6.4)---_._.~----_.
2.5

537

Example 14.6

A -lOO-mm square prestressed concrete pile is to be driven 12.0 m into the soil profile shown
in Figure 14.21. Using the Eslami and Fellenius method with a factor of safety of 2.5. com
pute the allowable downward load capacity.

= 432 kN

QUESTIONS AND PRACTICE PROBLEMS

<:=Answer

Solution

Toe beating

(t: = C,'f, , = (1)(2500) = 2500 kPa

A, = (0.4)' = 0.16 m'

14.12 Using the Eslami and Fellenius method. compute the allowable downward load capacity of an
18-inch diameter closed-end steel pipe pile driven 60 ft into the soil profile shown in Figure
14.22. Use a factor of safety of 2.5.

14.6 GROUP EFFECTS

Srn

400 mm Square
Prestressed Concrete Pile

t
Silty Clay

qe= 2000 kPa
J"c = 70 kPa

Pile foundations are usually installed in groups of three or more, as discussed in Chap

ter 11. Other types of deep foundations, such as auger-cast piles, also can be installed in

groups.

The proper spacing of piles in the group is important. If they are too close [i.e., less

than 2.0--2.5 diameters or 600 mm (2ft) on center], there may not be enough room for er

rors in positioning and alignment. Conversely, if the spacing is too wide, the pile cap will

be very large and expensive. Therefore, piles are usually spaced 2.5 to 3.0 diameters on
center.

Group Efficiency

Figure 14.21 Soil profile for Example
I-H,.

of!

4m

±

SandySilt

qE = 2000 kPa
r = 20 kPa. se

I
L

The interactions between piles in a group and the adjacent soil are very complex. and the

ultimate capacity of the group is not necessarily equal to the ultimate capacity of a single
isolated pile multiplied by the number of piles. The effect of these interactions on the

axial load capacity is called the group efficiency, which depends on several factors. in

cluding the following:
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'Some authorities suggest applying the efficiency factor to the entire pile capacity. as shown here. while others
apply it only to the side-friction component.

Engineers compute the allowable downward load capacity of pile groups using a
group efficiency factor, TJ, as follows3:

• The number, length, diameter, arrangement, and spacing of the piles

• The load transfer mode (side friction vs. end bearing)

• The construction procedures used to install the piles

• The sequence of installation of the piles

• The soil type

• The elapsed time since the piles were driven

• The interaction, if any, between the pile cap and the soil
• The direction of the applied load

(14.42)

(14.43)
2s(m + n) + 4BTJ= ------:S 1

'lTmnB

Where:

P"g = allowable downward or upward capacity of pile group

TJ = group efficiency factor

N = number of piles in group

P" = allowable downward or upward capacity of a single isolated pile

Where:

m = number of rows of piles

n = number of piles per row

a = tan-I (Bls) (expressed in degrees)

B = diameter of a single pile

s = center-to-center spacing of piles (not the clear space between piles)

I (n - I)m + (m - I)n ITJ = I - a ---90-m-n--.

When computing the allowable load capacity. we always ignore the bearing pres
sure acting between the bottom of the cap and the underlying soil.

Converse and Labarre were among the first to address group efficiency. but they
had little or no test data available to develop a formula for computing TJ. Therefore. they
were forced to rely on assumed relationships between the pile group geometry and group
efficiency, thus forming the basis for the Converse-Labarre Formula (Bolin, 1941):

Another approach is to compare individual failure with block failure, as shown in
Figure 14.23. Individual failure means the soil between the piles remains stationary and
the individual piles punch through it, whereas block failure means the soil moves with the
piles, thus failing as a large single unit Presumably block failure governs if the sum of the
perimeters of the piles is greater than the circumference of the pile group, and the group
efficiency factor is assumed to be the ratio of these two perimeters:

Although pile group efficiency formulas, such as Equations 14.42 and 14.43, have
been widely used, they were based primarily on intuition and speculation, and had little or
no hard data to substantiate them. To overcome this problem, some researchers have con
ducted model load tests to study the performance of pile groups. Although these tests pro
vide some insight, scale effects, especially the lower effective stresses in the model
compared to the real soil, make the results difficult to interpret. We can alleviate some of
these problems by performing model tests inside of a centrifuge, which has the net effect
of increasing the apparent unit weight of the soil and thereby increases the effective
stresses, but few such tests have yet been performed.

(14.41)

Sandy Sill

qE = 60 kg/cm2

f" = 0.3 kg/cor

18-in. Diameter Closed-End

Steel Pile Pipe

I P"g = TJ N P" I

22 ft

Figure 14.22 CPT resuits and soil profile
for Problem 14.12.

,f!

I1
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The high values of " in sands seem to be primarily due to the radial consolidation

that occurs during driving and the resulting increase in lateral stress, Less consolidation
occurs if predrilling or jetting is used,
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Tests in Clays

The results from model and full-scale static tests in clays are quite different from those in
sand (O'Neill, 1983), The group efficiency factor, ", is generally less than one, and be
comes smaller as the number of piles in the group increases, Some of the measured" val
ues were as low as 0,5,

Another important difference is that" for groups in clays increases with time, This

is because the efficiency of pile groups in clays is largely governed by excess pore water
pressures induced by pile driving, Although the magnitude of these pressures is not signif
icantly higher than those near single piles, they encompass a larger volume of soil and

therefore dissipate much more slowly, as shown in Figure 14,24, For single piles, nearly
all of the excess pore water pressures dissipate within days or weeks of pile driving,
whereas in groups they may persist for a year or more,

Figure 14.23 Types of failures in pile groups: (a) individual failure occurs along the

perimeter of each pile, ib) block failure occurs along the perimeter of the pile group.

L1,= Excess Pore Water Pressure Time Since Driving (days)
lII, = Hydrostatic Pore Water Pressure

Figure 14.24 Measured excess pore water pressures in soil surrounding full-scale statk
pile groups IAdapted from Q'Neill. 1983: used with permission of ASCE) .
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Tests in Sands

•ft
.!

Group efficiency factors from model and full-scale static load tests of piles in sands, as re
ported by O'Neill (1983) suggest the following:

In loose sands, " is always greater than I and reaches a peak at sIB'" 2, It also
seems to increase with the number of piles in the group,

• In dense sands with 2 < sIB < 4 (the normal range),,, is usually slightly greater than
I so long as the pile was installed without predrilling or jetting,

• Piles installed by predrilling or jetting, and drilled shafts. have lower group effi
ciency factors, perhaps as low as about 0,7,

Full-scale static.1oad tests on pile groups overcome the problems with model tests,
and are the best method for studying group behavior. Unfortunately, these are very expen
sive because of the large load frames, jacks, and other equipment required to conduct the
test. They also lack the versatility of model tests, Therefore, very few full-scale static tests
have been done (DiMillio et aL, 1987a, 1987b; O'Neill, 1983),

Neither model tests nor full-scale static tests are used as routine design tools, except

possibly for exceptional projects, However, the results of such tests done in a research envi
ronment may be used to develop criteria for evaluating group effects in routine pile designs,



542 Chapter 14 Deep Foundations-Axial Load Capacity Based on Analytic Methods 14.7 Settlement 543

Guidelines for Practice

Although research conducted thus far has provided many insights, the behavior of pile
groups is still somewhat mysterious, and no comprehensive method of assessing group
action has yet been developed. Therefore, we must use the available information, along
with engineering judgment and conservative design methods to develop design values of
the group efficiency factor, TJ. Hannigan et al. (1997) recommend the following guide
lines for pile groups:
In sands:

• So long as no predrilling or jetting is used, the piles are at least 3 diameters on cen
ter, and the group is not underlain by weak soils, use TJ = I.

• A,!oid predrilIing or jetting whenever possible, because these methods can signifi
cantly reduce the load capacity. If these methods must be used, they should be care
fully controlled.

• If a pile group founded on an firm bearing stratum of limited thickness is underlain
by a weak deposit, then the ultimate group capacity is the smaller of either the sum
of the ultimate capacities of the individual piles, or the group capacity against block
failure of an equivalent foundation consisting of the pile group and the enclosed soil
mass punching through the underlying weak soil.

• Piles should be installed at center-to-center spacings of at least 3 diameters.

In clays:

Where:

Pa .• = allowable downward load capacity

B. = width of pile group

L. = length of pile group

D = depth of embedment of pile group

s", = weighted average of undrained shear strength in clays over depth of em
bedment

Su~ = average undrained shear strength between the bottom of the pile group and
a depth 2B. below the bottom

N, = bearing capacity factor

5. Use the lowest of the applicable values from Steps I to 4.

• Because of the excess pore water pressures produced by pile driving, the short-term
ultimate capacity of pile groups in saturated clays will be reduced to about 0.4 to
0.8 times the ultimate value. However, as these excess pore water pressures dissi
pate, the ultimate capacity will increase. The rate at which it rises depends primarily
on the dissipation of excess pore water pressures. Small groups will probably reach
the long-term TJ within I to 2 months, which may be faster than the rate of loading,
whereas larger groups may require a year or more. If the group will be subjected to
the full design load before the excess pore water pressures fully dissipate, then a
more detailed analysis may be warranted. In some cases, it may be appropriate to
install piezometers to monitor the dissipation of excess pore water pressures.

• Use a center-to-center spacing of at least 3 pile diameters.

• Use the following procedure to estimate the allowable capacity of the pile group:
1. If the undrained shear strength, su' is less than 95 kPa (2000 Ib/ft~) and the pile

cap is not in firm contact with the ground, use Equation 14.41 with TJ = 0.7for
groups with center-to-center spacings of 3 diameters, and TJ = 1.0 with center-to
center spacings of 6 diameters or more. For intermediate spacings, linearly inter
polate between these two values.

2. If the undrained shear strength, su' is less than 95 kPa (2000 Ib/ft~) and the pile
cap is in firm contact with the ground, use Equation 14.41 with TJ = 1.0.

3. If the undrained shear strength, su' is greater than 95 kPa (2000 Ib/ft~), use Equa
tion 14.41 with TJ = 1.0 regardless of whether or not the cap is on contact with
the soil. •

4. Compute the group capacity against block failure using the following formula:

f

I Pag = 2 D (B. + L.)sul + B.L.s,,~N~ I

N*=5(1 +E-)(I +~)'S9, 5B 5L

(14.44)

(14.45)

....

14.7 SETTLEMENT

Most deep foundations designed using the methods described in Chapters 12 to 17 will
have total settlements of no more than about 12 mm (0.5 in), which is acceptable for
nearly all structures. Therefore, engineers often do not perform any settlement computa
tions for deep foundations. However, certain conditions can produce excessive settle
ments, so the engineer must be able to recognize and evaluate them. These include the
following:

• The structure is especially sensitive to settlement.

• The foundation has a large diameter and a large portion of the allowable capacity is
due to toe bearing.

• One or more highly compressible strata are present, especially if these strata are
below the toe.

• Downdrag loads might develop during the life of the structure.

• The engineer must express the pile response in terms of an equivalent "spring" 10- .
cated at the bottom of the column. This analytical model is used in some sophisti
cated structural analyses.
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Load-Settlement Response

'i 14.7 Settlement

Example 14.7

545

The load-settlement response of deep foundations is approximately described by the fol
lowing relationships (adapted from Fellenius, 1999):

Deep foundations also experience elastic compression, which is another source of
apparent "settlement." It can be computed using:

(q;:", = (~)gq, 0"

Where:

q,' = unit toe-bearing resistance

(q,')", = mobilized net unit toe-bearing resistance

f = unit side-friction resistance

!J)", = mobilized unit side-friction resistance
° = settlement

0" = settlement required to mobilize ultimate resistance

= BIIO for toe bearing

= 10 mm (0.4 in) for side friction

g = 0.5 (clay) - 1.0 (sand)
h = 0.02-0.5

~~

(14.46)

(14.47)

(14.48)

A 40-ft long HPl4x73 pile uriven into a sandy clay has a computeu ultimate side-friction ca
pacity (:4t:AJ of 170 k and an ultimate toe-bearing capacity (q,'A,) of 90 k. Develop a
load-settlement curve using Equations 14.46 to 14.48, then uetermine the settlement when

the foundation is subjected to the allowable load (with a factor of safety of 3).

Solution

Use 0" = 14110= lA in for toe bearing anu OA in for side friction
Use g = 0.75 and h = 0.10

Siue Friction Toe Bearing
Adj0

IfA,)",(q/A')I/IP0,0

(in)
010"(f)",It:(k)0/0"(q,'),jq,'(k)(k)(in)(in)

0

00 000 0000

0.05

0.120.811380.04O.Og 71450.080.13

0.10

0.250.871480.070.14121600.090.19

0.20

0.500.931590.140.23211800.100.30

0.40

1.001.001700.290.39352050.120.52

0.60

1.501.00170OA30.53482180.130.73

1.00

2.501.001700.710.78702400.141.14

1.40

3.501.001701.001.00902600.151.55

The P vs. adjusted 8 values are plotted in Figure 1-t.25.

The allowable downward load is:

Where:

0" = settlement due to elastic compression of foundation
P = downward load on each foundation

z" = depth to centroid of soil resistance (typically about 0.75 D)

D = depth of embedment

A = cross-sectional area of a single foundation

E = modulus of elasticity of the foundation

= 29,000,000 lb/in2 (200,000 MPa) for steel

= 57,000 Vi: lb/in2 (4700 Vi: MPa) for concrete

= 1,600,000 Ib/in2 (11,000 MPa) for Southern pine or Douglas fir

o at P = 87 k. 0 = 0.08 in

Commentary

P" = q; + If A,
F

<=Answer

90 + 170 = 87 k
3

Equations 14.46 to 14.48 may be used to develop approximate load-settlement curyes.

'f'

Sixty five percent of the ultimate capacity is side friction. only half of which is mobilized
under the allowable load. Therefore. the corresponding settlement is very small.
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Figure 14.25 Results of load-settlement computations for Example 14.7.
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O'Neill and Reese (1999) developed the charts in Figures 14.26 to 14.29 to estimate the

settlement of drilled shafts under service loads. These charts express the settlement in

terms of the ratio of the mobilized resistance to the actual resistance. They were devel

oped from full-scale load tests on drilled shafts, and thus should be more accurate than

Equations 14.46 and 14.47. If the computed settlement is too large, use these charts to

modify the design accordingly.
Drilled shafts in hard or dense soils tend to have load-settlement curves toward the

upper end of the ranges shown in Figures 14.26 to 14.29 (i.e., less settlement is required

to reach their ultimate capacities). Conversely, those in soft or loose soils tend toward the

lower end of these ranges, and require greater settlement.

If the drilled shafts are underlain by a compressible soil, the settlement will be

greater than indicated by Figures 14.26 to 14.29. This additional settlement should be

evaluated using the equivalent footing method, discussed below.

Figure 14.26 Normalized curves showing load transfer in side friction vs. settlement for

drilled shafts in clays (O'Neill and Reese. 1999).

Solution:

From Example 14.4:
B = 24 in

B" = 60 in

P, = 394 k
Pi = 706 k
P" = 440 k

E = 57,000 Vi: = 57,000 v'3000 = 3,100,000 Ib/in'

A = 1r 12' = 452 in'

Example 14.8

Compute the settlement of the shaft in Example 14.4 when it supports the allowable down
ward load. Use!:' = 3000 Ib/in'.

·r

I
i
i,

j

Try 0 = 0.20 in

olB = 0.2/2-1 = 0.8%. From Fig. 14.26 ~ working P, = (1.0)(394) = 394 k
0/8" = 0.2/60 = 0.3%. From Fig. 14.27 ~ working Pi = (0.25)(706) = 176 k----

570 k > 440



548 Chapter 14 Deep Foundations-Axial Load Capacity Based on Analytic Methods 14.7 Settlement 549

1.2

--:;"-

1.0

0.9

D.X

D.7

D.6

D.5

DA

D.3

0.2

0.1

-----------

--- Range

---- Trend

1.0,/O.X

~

.0

~I1'D6"'=~
-
0..1

D.2

Range for
Dcllcctioll Softening Response

-- - -- Range for
Dctlection Hardening Response

------- Trend

0.0 3 -l 5

Q.. ('k)
BI>

6 7 9 10
D.O 0.2 0..1 0.6 O.X 1.0 1.2 lA 1.6 1.8 2.D

~ (rA)
B,

Figure 14.27 Normalized curves showing load transfer in toe bearing \'s. y.ettlcmcnt for

drilled shafts in clays (O'Neill and Reese. 1999).

pz(
=8 +-

8""i AE

(570.000)(0.75)(60)( 12 in/ft)

= 0.20 + (452)(3.100.000)

= 0.42 in

Figure 14.28 Normalized curves showing load transfer in side friction vs. settlement for
drilled shafts in sand (O'Neill and Reese. 1999).

Pc,-8+-
8""1 - AE

(433.000)(0.75)(60)(12 in/Ft)

= 0.10 + (452)(3.100,000)

Try 8 = 0.10 in
8/B = 0.1124 = 0.4%. From Fig. 14.26 -7 working P, = (0.92)(394) = 362 k

81B" = 0.1160 = 0.2%. From Fig. 14.27 -7 working P/ = (0. I )(706) = _7_l_k _

433 k < 440

.f!

= 0.27 in

(440 - 433)8 = 0.27 + (0.42 - 0.27) 3 = 0.28 in570 - 4 3
~Answer
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Figure 14.29 Normalized curves showing load transfer in toe bearing vs settlement for
drilled shafts in sand (O'Neill and Reese, 1999).

Fi~ure 14.30 Numerical model ror 1-:. method.

Commentary

The side-friction resistance provides only 36 percent of the ultimate capacity, yet it carries 82
percent of the working load. This is because the shaft will mobilize the full side friction after
only a small settlement (in this case, about 0.2 in), whereas mobilization of the full toe bear
ing requires much more settlement (in this case, about 3 in). Therefore, under working loads,
this shaft has mobilized nearly all of the side friction, but only a small portion of the toe bear
ing. Thus, the remaining toe-bearing resistance becomes the reserve that forms the factor of
safety. It would need to settle about 3 inches to attain the ultimate capacity.

t-zMethod

The t-z method uses the numerical model shown in Figure 14.30 to compute the settle
ment of a deep foundation. This model divides the foundation into a series of elements,

each of which has a certain modulus of elasticity. The side-friction resistance acting on

'f!

1

each element is modeled using a nonlinear "spring," as is the toe bearing acting on the

bottom element. The load-displacement characteristics of these springs are defined using
t-z curves (Kraft, Ray and Kagawa, 1981), where t is the load and z is the settlement of

that pile segment. A load is then applied to the top of this model. and the foundation

moves downward until it reaches static equilibrium. The corresponding settlement is then
recorded.

This model explicitly considers the axial compression of the foundation, as well as

potential variations in the soil properties along its length, and thus should be more precise

than methods that consider these factors implicitly. However, the actual precision of this
method depends on our ability to properly define the t-z curves.

Experimental t·z curves have been developed by backcalculating them from instru
mented load tests. They have been correlated with soil properties, such as undrained shear

strength or effective friction angle, which allows them to be applied to other foundations.

Commercial software is available to conduct t-z analyses (for example, see www.ensoft
inc.com).
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P,

l
Downdrag Loads

14.16 Based on the results of a static load test. a cenain pile has a net toe bearing capacity of 200 k

and a side-triction capacity of 500 k. A series of these piles are to be driven in a 3x4 group,
which will have an estimated group efticiency factor of 1.15. Compute the allowable down
ward load capacity of this pile group using a factor of safety of 3.0.

14,13 What is "block failure" in a group of piles'!

14.14 What is a typical group efficiency factor for piles driven into loose sand without predrilling or
jetting? How does predrilling and jetting affect this factor" Why'!

If the soils surrounding a deep foundation settle, they induce a downward side-friction

load known as downdrag. This load can be very large, and has been a source of excessive

settlement. This phenomenon is discussed in Chapter 18.

14.15 The group eftiCiency factor for piles in saturated clay i~ low soon after driving, and increases
with time. Why does this occur')

14.17 A 500-mm square prestressed concrete pile (J;' = 40 MPa) is to be driven 20 m into a clay.
The ultimate side-friction capacity, ~t:A,.is 1450 kN and the ultimate net toe bearing capac
ity. q,'A, is 300 kN. Using Equations 14.46 to 14.48. develop a load-settlement curve, then de

termine the allowable load for a factor of safety of 2.5 and the corresponding settlement.

QUESTIONS AND PRACTICE PROBLEMS

'ooting

I I

-,

D I

B•
. 1

I
I

- Imaginary F
/

,,,
, ,,, , ,,, , ,,,
, ,,

'J/I
zf\\j,

,
,,,\,,,

15
,,,,,,,

~-------------------------~--------------------~
Figure 14.31 Use of an imaginary footing

to compute the senlement of a deep founda

tion group.

Imaginary Footing Method

The imaginary footing method computes the settlement of a deep foundation group by re

placing it with an imaginary footing, as shown in Figure 14.31. This method is especially

useful when the design consists of a group of deep foundations that are underlain by com

pressible soils such that the compression of these soils is more significant than the settle

ments required to mobilize the side friction and toe bearing.

For foundations that rely primarily on side friction, place the imaginary footing at a

depth of 0.67 D (where D is the depth of embedment). For foundations that rely princi

pally on toe bearing, place it at the toe elevation. When both side friction and toe bearing

are significant, use linear interpolation to place the imaginary footing between these two

positions.

Then use the techniques described in Chapter 7 to compute the settlement of the

imaginary footing, and add the elastic compression of the foundations, 3e, using Equation

. 14.48, with z.. = the depth Zi to the imaginary footing.

This method also can consider settlements produced by causes other than the struc

turalloads on the piles. For example, the construction process may include lowering the

groundwater table, which increases the effective stress in the soil and thus create settlement.

14.18 A 1500-mm diameter, 22-m long drilled shaft is to be constructed in a silty sand. The ultimate

side-friction capacity. ~t:A,. is 6200 kN and the ultimate net toe-bearing capacity, q,'A" is
4000 kN. This toe bearing capacity was computed using Equation 14.6 without applying the
reduction factor in Equation 14.7. Using O'Neill and Reese's method, develop a load
settlement curve. then detelmine the allowable load for a factor of safety of 2.5 and the con'e
sponding settlement.

14.19 A 3.5-m square, 5x5 pile group supports a downward load of 12,000 kN. Each pile in the
group is 300-mm square. 20-m long concrete <1;' = 40 MPa). The load transfer consists of
75 percent side friction and 25 percent toe bearing. The soil profile at this site is as follows:

0-25 m: Overconsolidatd stiff clay: "I = 18.6 kN/m·'.

"I,,, = 19.7 kN/m', C/(l+e) '" 0.04

>25 m: Dense sand and gravel

The groundwater table is at a depth of to m. Using the imaginary li10ting method. compute
the settlement of this pile group.

'11

1
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Hint: Compute 13 based on the average rr( and the average measuredj"

14.23 Using the informationin Problem 14.22,compute a site-specificex factor.

Develop a plot of allowable downward load capacity vs. depth for a 350-mmsquare concrete
pile. Considerpile embedmentdepths between 5 and 20 m and use a factor of safety of 3.0.

14.24 A 12-inchsquare prestressed concrete pile is to be driven 45 ft into the soil described by the
CPT results in Figure 4.14 in Chapter 4. Compute the allowable downward load capacity
using a factor of safety of 2.8 and each of the following methods:

80

15

30

100

Side friction

t-z method

Toe bearing

Total stress analysis

UndrainedShear Strength,s" (kPa)

Group efficiency factor

Group efficiency

Imaginary footing
Individual failure

Soil Classification

Stiff silty clay (CL)

Soft clay (CL)

Mediumclay (CL)

Stiff clay (CL)

Depth (m)

0-2.5

2.5-6.7

6.7-15.1

15.1-23.0

Block failure

Compression
Distortion

Effective stress analysis

14.20 Why is the cone penetration test a good source of data for pile designs?

14.21 The soil profile beneath a proposed construction site is as follows:

14.22 An HP l3x87 pile is embedded 45 ft into a clay. The unit weight of this soil is 100lb/ftJ
above the groundwater table (which is 12 ft oelow the ground surface) and 1121blft' below.
The soil in the vicinity of the pile tip has an undrained shear strengthof 2800 Ib/ft2. According
to a static load test, the ultimatedownward load capacity is 143k.

You wish to compute a site-specific 13 factor for HP 13x87piles to be used in the de
sign of other piles at this site. Based on these test results, what is that 13 factor?

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

1. Analytic methods of evaluating axial load capacity are those based on soil proper
ties. These methods evaluate the values of q/ andf" which are then combined with
the foundation geometry to compute the axial load capacity.

2. Analytic methods are less accurate than full-scale static load tests, but have the ad
vantages of being less expensive to analyze and more flexible. However, because of
this loss in accuracy, they require the use of higher factors of safety, which in
creases construction costs.

3. The process of constructing deep foundations induces significant changes in the
soil. These changes include distortion, compression, excess pore water pressures,
loss of contact, and loosening. It is difficult to quantify these changes, which is why
all analytic methods must be calibrated from static load tests.

4. The load-settlement curve for side friction has a well-defined capacity, but that for
toe bearing is much more poorly defined. Therefore the definition of toe bearing
"capacity" is subject to interpretation.

5. The full side-friction resistance is mobilized after only 5 to ID mm of settlement.
However, much more settlement is required to mobilize the full toe-bearing capac
ity. Therefore, side friction usually carries most of the service loads.

6. Unlike bearing-capacity failures in shallow foundations, toe-bearing failures in deep
foundations are usually local or punching shear.

7. Side-friction analyses are best performed using effective stresses, because drained
conditions are normally present. However, total stress methods also are available.

8. The upward load capacity of straight foundations is less than the downward load ca
pacity because of the Poisson effect. The presence of an enlarged base can signifi
cantly increase the upward load capacity.

9. The cone penetration test forms the basis for a good analytic analysis because it is
essentially a miniature pile load test.

10. When deep foundations are installed in groups, we must consider the group interac
tion effects. These effects are described by the group efficiency factor.

11. Settlement analysis methods are available for deep foundations. These analyses are
especially important when the diameter is large, the foundation is underlain by soft
soils, or downdrag loads are present.

Major Points

Vocabulary

SUMMARY

Alpha method

Analytic method
Beta method

Elastic compression

Excess pore water pressure
Freeze

Presumptive capacity

Rigidity index

Set up

14.25 A group of five closed-end steel pipe piles were driven into a sandy hydraulic fill at Hunter's
Point in San Francisco,California (DiMillio, et aI., 1987a).A single isolatedpile also was dri
ven nearby. Each pile had an outside diameter of 10.75 in and a length of 30 ft. The group
piles were placed 3 to 4 ft on-center, and their pile cap was elevatedabove the ground surface.

,ft

1
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The upper 4.5 ft of the soil was predrilled to a diameter larger than the piles, and the top
of the completed piles extended 5 ft above the ground surface. Therefore, only 20.5 ft of each
pile was in contact with the soil. No other predrilling or jetting was done.

An extensive subsurface investigation was conducted before these piles were installed.

This included SPT, CPT. DMT and other tests. The CPT results are shown in Figure 14.32.

a. Using this CPT data, compute the ultimate downward load capacity of the single pile.

b. Based on a pile load test. the ultimate downward load capacity of the single pile was 80 k
(based on Oavisson's method). Other methods of reducing the load test data gave ultimate
load capacities of 80 to 117 k. How accurate was your prediction"

c. Using this CPT data. compute the ultimate downward load capacity of the pile group.

d. Based on a group pile load test. the ultimate downward load capacity of the pile group was
432 to 573 k. depending on the method of reducing the load test data. How accurate was
your prediction?

22 n

t
10 ft

-.J~

Sliff Silly Clay
s" = ~200 Iblft'

24 in.

Very Stiff Clay
s" = 5000 Iblft'

I-60 in.--l

14.26 Compute the settlement of the shaft in Example 14.3 when it is subjected to the allowable
downward load.

Figure 14.33 Proposed drilled ,haft lilr Prohlem 14.27.

14.27 A highway hridge is to he supported on a series of belied drilled shaft foundations as shown in
Figure 14.33. Although no static load lest data is available. the soil conditions are uniform and
an extensive site characterization program has been completed. The groundwater table is at a
greal depth. The shan will be drilled using the open-hole method. Compute the allowahle
downward and upward capacities of each shaft.

Figure 14.32 CPT data ror Prohlem I~.25 .

Cone Tip Resistance. (j, (kJft~)

Load Cell DepthForce
Number

(ft)(Ib)

I
3.0719,360

2

12.0636.120

3

21.0487.500

4

30.0304,320

5

39.0135.400

There are two soil strata: the lirst extends from the ground surface to a depth of 15 n ano has a
unit wei£ht of 117 Iblft'; the second extends from 15 ft to 60 n and has a unit wei£ht of 120

lb/n' ab~ve the groundwater table and 127 (bin' below. The grounowater table is at~ depth of
17 ft.

14.28 Compute the setllemel1l of lhe shaft in Prohlem 14.27 when it i5 subjected to the allowable
downward loao.

14.29 A full-scale load test has been conoucteo on a 24-in oiameter. 40-ft long instrumented orilleo
shaft similar to the one shown in Figure 13.14. The test crew maintained records of the loao
settlement data and the forces in each of the five load cells. The applied load at failure (using
Oavisson's methoo as oescribed in Chapter 13) was 739.600 lb. The corresponding forces in
the load cells were as follows:

:!.5

---~-

x CPT:2
• ,PT)
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Local Siul: Friction.F,. (klft~)
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14.30

14.31

Compute the average ~ factor in each of the two soil strata. and the net unit toe-bearing
resistance, q,'.

Note: Once these site-specific ~ and q,' values have been computed, they could be used to de

sign shafts of other diameters or lengths at this site.

An 18-inch diameter auger-cast pile is to be built in a well graded silty sand and must support

a compressive load of 150 k. The soil has a unit weight of 120 Ib/ft' above the groundwater
table, 128 Ib/ft' below and N,., = 25. The ground water table is at a depth of 45 ft. Compute the

required depth of embedment using a factor of safety of 3.0.

Using the data in Problem 14.30 and a 30-ft deep cased-shaft pressure-injected footing instead
of an auger-cast pile, determine the required base diameter.

-r

15.1

15

Deep Foundations-Axial Load
Capacity Based on Dynamic Methods

I read some of the papers last night where some of
these pile driving formulas were derived, and the
result was that my sleep was very much disturbed.

Pioneer Foundation Engineer Lazarus White (1936)

The third way of determining the axial load capacity of deep foundations is to use dv
namic methods, which are based on the foundation's response to dynamic loads, such as
those from a pile hammer or some other impact source. By monitoring the response to

these dynamiF loads, engineers can develop predictions of the static load capacity. Some
dynamic methods also provide information on driveability and structural integrity.

PILE-DRIVING FORMULAS

When driving piles, it is very easy to monitor the blow count, which is the number of
hammer blows required to drive the pile a specified distance. In English units, blow count
is normally expressed as blows/ft; with SI units it is expressed as blows/250 mm or per
haps with some other units. Blow count records are normally maintained for the entire
driving process, but the most important value is the blow count for the last foot (or
250 mm), because it represents the completed pile's resistance to driving.

Intuitively, we would expect piles that are difficult to drive (i.e., those with a high
blow count) will have a greater downward load capacity than those that drive more easily.
Thus, there should be some correlation between blow count and load capacity. Engineers
have attempted to define this relationship by developing empirical correlations between

559



One of the most popular pile driving formulas is the one first published over one

hundred years ago in the journal Engineering News (Wellington. 1888). It has since be

come known as the Engineering News Formula:

... first deduced as the corTect form for a theoretically perfect equation of the bearing power
of piles. barring some trifling and negligible elements to be noted; and I claim in regard to
that general form that it includes in proper relation to each other every constant which ought
to enter into such a theoretically perfect practical formula. and that it cannot be modified by
making it more complex ... (Wellington. 1892)

Based on load test data. Wellington recommended using a c coefficient of I in
(25 mm) to account for the difference between the theoretical set and the actual set. How

ever, his database included only timber piles driven with drop hammers. Some engineers

use c = O. I in (2 mm) for single-acting hammers, although this was not part of the original

formula. He also recommended using a factor of safety of 6.

Wellington apparently had much confidence in his work when he stated that his for
mula was:

560 Chapter 15 Deep Foundations-Axial Load Capacity Based on Dynamic Methods

hammer weight, blow count. and other factors, with the static load capacity. These rela

tionships are collectively known as pile-dril'ing ftmnulas.
Hundreds of pile-driving formulas have been proposed. some of them as early as

the 1850s. Although these formulas have different formats, all share a common methodol

ogy of computing the pile capacity based on the driving energy delivered by the hammer.

They use the principle of conservation of energy to compute the work performed during

driving, and attempt to consider the various losses and inefficiencies in the driving system

using empirical coefficients.

Engineers have used pile-driving formulas as follows:

• At sites where full-scale load test data is not available. standard pile-driving formu

las have been used to assess the static load capacity of the piles. In practice. each

pile has a required load capacity which corresponds to a certain minimum accept
able blow count. Therefore. each pile is driven until it reaches the specified blow
count.

• At sites were full-scale load test data is available. the engineer modifies one of the

standard pile driving formulas to match the load test results. For example, if a cer

tain formula overpredicted the test pile capacity by 20 percent, then it is modified

with a site-specific correction factor of 1/1.20. This custom formula is then applied

to other piles at this site. and thus is a means of extrapolating the load test results.

15.1 Pile-Driving Formulas

W,.h

P" = F(s + c)

561

( 15.2)

Pile-driving formulas are convenient because the engineer can compute the capacity

of each pile as it is driven by simply determining the final blow count. Thus. these formu
las have often served as a means of construction control.

Typical Pile-Driving Formulas

The basic relationship common to all pile driving formulas is:

Wrh
P" = sF

Where:

P" = allowable downward load capacity

W, = hammer ram weight

h = hammer stroke (the distance the hammer falls)

s = pile set (penetration) per blow at the end of driving = Ilblow count

F = factor of safety

The Sanders fonnula of 1851 uses Equation 15.1 with a factor of safety as high as

8. This relatively high value is partially a true factor of safety and partially a method of

accounting for energy losses.

"

The Engineering News Formula has been used quite extensively since then and has

routinely been extrapolated to other types of piles and hammers. Other pile-driving for

mulas include the Modified Engineering News Formula, the Hiley Formula, the Gates
Formula, and many others.

Precision

Pile-driving formulas are attractive, and they continue to be widely used in practice. Un

fortunately, the accuracy of these methods is less than impressive. Cummings (1940) was

one of the first to describe their weaknesses. Since then, many engineers have objected to

the use of these formulas and many lively discussions have ensued. Terzaghi's (1942)

comments are typical:

In spite of their obvious deficiencies and their unreliability, the pile formulas still enjoy a
great popularity among practicing engineers, because the use of these formulas reduces the
design of pile foundations to a very simple procedure. The price one pays for this artificial
simplification is very high. In some cases the factor of safety of a foundation designed on the
basis of the results obtained by means of the pile formula is excessive and in other cases sig
nificant settlements have been experienced .

. . . on account of their inherent defects, all the existing formulas are utterly misleading
as to the influence of vital conditions. such as the ratio between the weight of the pile and the
hammer. on the result of the pile driving operations. In order to obtain reliable information
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concerningthe effect of the impact of the hammer on the penetrationof the piles it is neces
sary to take into considerationthe vibrations that are produced by the impact.

... Newton himself warned against the applicationof his theory to problemsinvolving
the impact produced"by the stroke of a hammer." (Used with permissionof ASCE)

In another article, Peck (1942) suggested marking various pile capacities on a set of

poker chips. selecting a chip at random, and using that capacity for design. His data sug
gest that even this method would be more accurate than pile driving formulas.

Not everyone agreed with Cummings. Terzaghi, and Peck, so this topic was the sub

ject of heated discussions, especially during the 1940s. However, comparisons between
pile load tests and capacities predicted by pile driving formulas have clearly demonstrated
the inaccuracies in these formulas. Some of this data are presented in Figure 15.1 in the

form of 90 percent confidence intervals. All of these piles were driven into soils that were

primarily or exclusively sand. Predictions of piles driven into clay would be much worse
because of freeze effects.

Although the principle of conservation of energy is certainly valid. pile-driving for
mulas suffer because it is very difficult to accurately account for all of the energy losses
in a real pile-driving situation. The sources of these uncertainties include the following:

• The pile, hammer, and soil types used to generate the formula may not be the same
as those at the site where it is being used. This is probably one of the major reasons
for the inaccuracies in the original Engineering News Formula.
The formulas do not account for freeze effects.

The hammers do not always operate at their rated efficiencies.

The energy absorption properties of cushions can vary significantly.

The formulas do not accou.nt for flexibility in the pile.

There is no simple relationship between the static and dynamic strength of soils.

13.2~
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Because of these many difficulties, Davisson (1979) stated "... it is hoped that such
formulas have been purged from practice." Wave equation analyses, as discussed in the
next section, provide much better results. Therefore, there is little need to continue using
pile-driving formulas.

15.2 WAVE EQUATION ANALYSES

It is unfortunate that pile driving formulas are so unreliable, because it is very useful to
define pile capacity in terms of hammer blow counts. Such functions provide a convenient
means of construction control that can easily be applied to every pile installed at a given
site. Therefore. it would be very useful to have a reliable dynamic method.

To satisfy this need, engineers studied the dynamics of pile driving in more detail
and eventually developed another type of dynamic analysis: the wave equation method.
This method provides a more accurate function of capacity vs. blow count, helps optimize
the driving equipment, and computes driving stresses.

Pile-Driving Dynamics

Figure 15.1 Ratio of measured pile capac

ity (from pile load tests) to capacities com

puted using various pile-driving formulas.
The bars represent the 90 percent confidence
intervals, and the line near the middle of

each bar mean. The number to the right of

each bar is the number of data points (based

on data from Olson and Flaate, 1967).
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9 8 7 6 5 4 3 2

Computed
Measured

2 3
Measured

Computed

Pile-driving formulas consider the pile to be a rigid body subject to classical Newtonian
physics. In other words, they assume the entire pile moves downward as a unit. In reality,
the impact load provided by the pile hammer is very short compared to the time required
for the resulting stress wave to reach the bottom of the pile, so portions of the pile may be
moving downward, while other portions are stationary or even moving upward (in re
sponse to a reflected wave). Therefore, it is much better to consider stress wave propaga
tion effects when evaluating the pile driving process. Isaacs (193 I) appears to have been
the first to suggest the advantages of evaluating piles based on wave propagation.
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The one-dimensional propagation of stress waves in a long slender rod, such as a

pile, is described by the one-dimensional wave equation:

This formula is manageable when the boundary conditions are simple, but it be
comes much more difficult with the complex boundary conditions associated with pile
foundations. A closed-form solution is available (Warrington, 1997), but virtually all
practical problems are solved using numerical methods, and this was not possible until
digital computers became available. Smith experimented with numerical solutions soon
after the Second World War (Smith, 1951) in what appears to have been one of the first
civilian applications of digital computers. He later refined this work (Smith, 1960, 1962),
thus forming the basis for modern wave equation analyses of piles.

Smith's numerical model divides the pile, hammer and driving accessories into dis
crete elements, as shown in Figure 15.2. Each element has a mass that equals that of the
corresponding portion of the real system. These elements are connected with springs that
have the same stiffness as the corresponding element. For example, if the pile is divided
into I-foot long elements, the corresponding masses and springs In the numerical model
pile would correspond to the mass and stiffness of I foot of piling.

Some portions of the pile system are more difficult to model than others. For exam
ple, the hammer is more difficult to model than the pile. This is especially true of diesel
hammers because their energy output varies with the hardness of the driving. Fortunately,
some of the newer programs include improved hammer models.

The method also models the interface between the pile and the soil using a series of
springs and dashpots along the sides of the elements and on the bottom of the lowest ele
ment to model the side-friction and toe-bearing resistances. The springs model resistance
to driving as a function of displacement; the dashpots model resistance as a function of
velocity.

Smith proposed using a biIinear elastic-plastic spring and a linear dashpot as shown
in Figure 15.3. The spring resistance increases until it reaches a displacement q, known as
the quake. At that point, it reaches the ultimate resistance, R", and becomes completely
plastic. The dashpot resistance is a linear function of the velocity and is defined by the
Smith damping factor, J,. Although this is a simplified view of the forces that act between
the pile and the soil, it seems to work well for practical problems. More elaborate spring
and dashpot functions also may be used.

'rl

Figure 15.2 The numerical model used in wave equation analyses: (a) actual system:
(b) numerical modelladapled from Gable. 1986).
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The values of q, R", and J, for each element are based on the soil type and other fac
tors. Researchers have developed recommended values by comparing wave equation
analyses with pile load test results. Therefore, it is best to think of them as experimental
calibration coefficients, not physical soil properties.

Smith suggested using a quake value of 2.5 mm (0.1 in) in all cases. Others have
modified his suggestion slightly and used a quake value of 0.008 mm per mm of pile di
ameter (0.1 in per foot). Although these guidelines often produce acceptable results, there
are situations where the quake is much larger, perhaps as much as 150 mm (0.5 in). Fail
ure to recognize these special situations, and the use of a quake value that is too small can
result in pile breakage and/or premature refusal.

Once assembled, the numerical model simulates the pile driving by imparting a
downward velocity to the hammer ram elements equal to the impact velocity. This gener-

1

(15.3)
a2u E a2u

atC - P aZ.c-

Where:

z.= depth below the ground surface
t= time

u = displacement of the pile at depth z.

E = modulus of elasticity of the pile

p = mass density of the pile
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Fi!:ure 15.3 Smllh's model of the soil-pile

inrerfut:c: (u) hili!1car springs and (h) lincar

dashpots.
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Figure 15...• A lypical bearing graph ohtained from a wave equation analysis. (Courtesy
of Gohlc Rauschc Likins and Associates. Inc.).

ates a stress impulse that travels to the bottom of the pile. generating displacements and
resistances along the way. Upon reaching the bottom, the impulse reflects back upward
and travels back to the top of the pile. Eventually the wave dissipates due to energy
losses. In the real pile, this process occurs very quickly, and the stress waves are fully dis
sipated before the next hammer blow occurs.

Usually the reflected waves are compressive, so the pile is subjected only to com
pressive stresses. However, if the pile penetrates through a hard stratum with the tip
founded in a much softer stratum, the reflected wave could be tensile. This is especially
important in concrete piles, because their tensile strength is much less than the compres
sive strength, so the tensile wave can cause breakage in the pile.

Once the stresses have dissipated, the pile will have advanced some distance,

known as the set. The model predicts the magnitude of the set, but often expresses it as
the inverse of the set, which is the blow count (i.e., hammer blows/ft). A bearing graph,
as shown in Figure 15.4, is a plot of ultimate load bearing capacity vs. blow count for a
certain pile type and size driven with a certain hammer at a certain site. It may be neces
sary to develop several bearing graphs to represent piles of different diameters, lengths, or
types, or for different hammers.

·f!

Once the bearing graph (or graphs) have been obtained, they may be used as a
means of construction control. For example, if a certain pile has a design ultimate capac
ity of 100 k, the field engineer simply refers to the appropriate bearing graph and deter
mines the necessary blow count, or given an observed blow count the graph indicates the
corresponding load capacity.

Freeze (Setup) Effects

As discussed in Section 14.1, piles driven into saturated clays produce excess pore water
pressures that temporarily decrease their load capacity. The capacity returns when these
pressures dissipate, a process known as free~e or setup. Thixotropic effects also contribute
to pile freeze.

We are primarily interested in the load capacity after freeze has occurred, yet dy
namic analyses based on data obtained during driving only give the prefreeze capacity.
Therefore, engineers use retap blow counts in these soils. These are obtained by bringing
the pile driver back to the pile sometime after it has been driven (perhaps a few days) to
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drive it an additional couple of inches and monitor the blow count (Hussein, Likins, and
Hannigan, 1993).

Analyses of Driving Stresses and Selection
of Optimal Driving Equipment

Pile driving hammers are available in many different sizes and energy ratings. For exam

ple, the rated energy of a small hammer might by only 10 kN-m, whereas that for a large
hammer could be over 300 kN-m. Thus, it is very important to select the proper hammer

for each project. If the hammer is too small, it will not efficiently drive the pile and it may
be possible to reach the design embedment: if it is too large, the pile may be overstressed

and break, as shown in Figure 15.5. In addition, other parts of the pile-driving system,
such as cushions, should be optimized for each project. Fortunately, wave equation analy
ses can be used to select the optimal hammer and driving accessories because these analy
ses evaluate the driving stresses in the pile, which can be compared to the allowable
stresses listed in Chapter 12. Through trial and error, a suitable hammer and accessories
can be selected. This process is known as a driveabilitv analvsis.

Fi~ure 15.5 These piles were Jamaged during driving because the contractor selected a hammer that was too

large. A drivcaoility analysis could have predicted these prohlems. and would have helped the COntractor select a

morc aPiDpriate hammer. (Courtesy or Guble Ruuschc Likins ;:tnUAssociates. Inc.)

Jt~

h

For example, an engineer might propose driving a pile into a very hard stratum. An
analytic analysis conducted using the techniques described in Chapter 14 might indicate a
very high allowable capacity for this pile. However. it may be difficult or impossible to
drive the pile into this hard soil without using an exceptionally large hammer, and that
hammer might damage the pile. In this case it may be necessary to use a stronger pile (i.e.,
greater wall thickness) to accommodate the -increase driving stresses, or redesign the
foundation to better accommodate the soil conditions. Such problems can be identified
and rectified by conducting a drivability analysis before construction.

Wave Equation Analysis Software

The first publicly available wave equation software was the TTI program developed at
Texas A&M University (Edwards, 1967). In 1976, researchers at the Case Institute of
Technologi developed the WEAP (Wave Equation Analysis of Piles) program. It has
been revised on several occasions and is in the public domain (see http://uftrc.ce.utledu/
info-cen/info-cen.htm). The WEAP program has since formed the basis for other more ad
vanced proprietary programs, such as GRL WEAP (see www.pile.com).

Wave equation analysis software is widely available, and can easily run on personal
computers. Thus. there is no need to continue using pile driving formulas.

15,3 HIGH-STRAIN DYNAMIC TESTING

Another dynamic method of evaluating the static load capacity of deep foundations is to
install instruments on the foundation and use them to monitor load and settlement data ob

tained while the foundation is subjected to a dynamic impact load. This measured re
sponse to dynamic loads can then be used to develop design static load capacities.

The most common source of dynamic loading is a pile hammer, because it is al
ready on site and thus represents little or no additional cost. Therefore, these tests are
most commonly performed on pile foundations. However, dynamic loads also can be ob
tained with drop hammers or with explosives, which enables testing of drilled shafts and
other types of deep foundations.

This method requires sufficient strain in the foundation to mobilize the side friction
and toe bearing, and thus is called high-strain dynamic testing. The next section discusses
low strain dynamic testing, which is used to evaluate structural integrity.

The Case Method

High-strain dynamic tests were developed during the 1960s and early 1970s at the Case
Institute of Technology in Cleveland, Ohio (now known as Case Western Reserve Uni
versity). The Case Method is based on an analysis of dynamic forces and accelerations
measured in the field while the pile is being driven (Rausche, Goble, and Likins, 1985;
Hannigan, 1990). The Case Method provides real-time information on pile capacity, pile
driving stresses, structural integrity, and hammer/driving system performance.

1Nl)\\' known as Case \\\:stcrn Reserve University.
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Figure 15.7 Typical plots of force and particle velocity near the top of the pile vs. time

for a toc-hc-aring pile (Hannigan. 1990: Used \vith permission of Deep Foundations II1~ti
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Using this data, the PDA computes the Case method capacity. using the method de
scribed later, and displays the results immediately. It also can store the field data on a
t10ppy disk to provide input for a CAPW AP analysis, also described later in this chapter.

Wave Propagation

D, = distance from strain transducers and accelerometers to the pile tip

c = wave velocity in the pile

The time '2D,/c is very short compared to the interval between hammer blows. Therefore.
the PDA can observe the effects of a single blow.

The plots of force and particle velocity near the top of this toe bearing pile (as mea
sured by the PDA) are similar to those in Figure 15.7. Note the arrival of the return pulse
at time 2D/c. These plots are called wm'e traces.

Now, consider another pile that also has no side-friction resistance and much less
toe-bearing resistance than the previous one. In this case, more of the energy in the down
ward moving wave is expended in advancing the pile, so the reflected wave has a smaller

The hammer impact creates a compressive wave pulse that travels down the pile. As it
travels. the pulse induces a downward (positive) particle velocity. If the pile has only toe
bearing resistance (no side friction), the pulse ret1ects off the bottom and travels back up
as another compression wave. This ret1ected wave produces an upward moving (negative)
particle velocity.

The time required for the wave to travel to the bottom of the pile and return is
'2D,/c. where:

(b)(a)

Figure 15.6 (a) Pile-driving analyzer: (b) Accelerometer (left) and strain gage (right)

mounted near the top of a pile to provide input to the pile-driving analyzer (Pile Dynam
ics. Inc.).

t,

Pile Driving Analyzer

• A pair of strain transducers mounted near the top of the pile

• A pair of accelerometers mounted near the top of the pile

• A pile driving analyzer (PDA)

• The strain data, combined with the modulus of elasticity and cross-sectional area of
the pile, gives the axial force in the pile.

• The acceleration data integrated with time produces the particle velocity of the
waves travelling through the pile.

• The acceleration data, double integrated with time produces the pile displacement
during the hammer blow.

Field equipment for measuring the forces and accelerations in a pile during driving was
developed during the 1960s and became commercially available in 1972. The methodol
ogy is now standardized and is described in ASTM standard D4945.

This equipment includes three components:

The strain transducers and accelerometers and a pile driving analyzer is shown in
Figure 15.6.

The pile driving analyzer monitors the output from the strain transducers and ac
celerometers as the pile is being driven, and evaluates this data as follows:
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Case Method Analyses

CAPWAP

• To provide more accurate input parameters for a wave equation analysis that could
then be used to select the optimal driving equipment as well as to produce a bearing
graph.

• To provide a site-specific Case method damping factor,),. for use in PDA analyses
of selected production piles.

• To obtain quantitative measurements of pile setup (Fellenius et aI., 1989).

• To produce simulated static load test results.

The Case method. while useful, is a simplification of the true dynamics of pile driving and
the associated response of the adjacent soil. The empirically obtained damping factor. j"

calibrates the analysis, so the final results are no better than the engineer's ability to select
the proper value. In contrast, a wave equation analysis utilizes a much more precise nu
merical model, but suffers from weak estimates of the actual energy delivered by the
hammer. Fortunately, the strengths and weaknesses of these two methods are complimen
tary, so we can combine them to form an improved analysis (Rausche, Moses. and Goble,
1972). This combined analysis is known as CAPW AP (CAse Pile Wave Analysis
Program).

The numerical model used in CAPW AP is essentially the same as that in Figure
15.3 except that the hammer and accessories are removed and replaced with force-time
and velocity-time data obtained from the pile driving analyzer. The analysis produces val
ues of RH (the ultimate resistance in the soil "springs"), q (the quake), and j, (the Case
method damping factor).

A CAPW AP analysis performed on PDA data could be used as follows:

The Case method is an analytical technique for determining the static pile capacity from
wave trace data (Hannigan, 1990). The PDA is programmed to solve for pile capacity
using this method and gives the results of this computation in real time in the field.

The Case method computations include an empirical correlation factor. j,. that can
be determined from an on-site static load test. Thus, engineers can use this method to ex
tend static load test results to indicator piles or selected production piles. However, for
most projects, it would not be cost-effective to obtain PDA measurements on all of the
production piles.

It is also possible to use the Case method without an on-site pile load test by usingj,
values from other similar soils. This apprmich is less accurate, but still very valuable.

Figure 15.10 shows a sample output from a CAPW AP analysis.
CAPW AP analyses can be used to reduce the required number of static load tests.

or used where load tests are not cost-effective .

15.3 High-Strain Dynamic Testing
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Figure 15.9 Typical plots of force and panicle velocity near the top of thc pile vs. time

for a friction pile (Hannigan. 1990: Used with permission of Deep Foundations Institute).
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Figure 15.8 Typical plots of force and particle velocily near the top of the pile vs. time for a toe

bearing pile with less toe-bearing resistance than that shown in Figure 15.7 (Hannigan. IYYO:Used

with permission of Deep Foundations Institute).

force and a smaller velocity, as shown in the wave trace in Figure 15.8. Therefore, the
shape of the wave trace at time 2D/c reflects the bearing resistance.

Finally, consider a friction pile with very little toe-bearing resistance. As the com
pression wave pulse travels down the pile, it encounters the side-friction resistance. Each
increment of resistance generates a reflected wave that travels back up the pile, so the
wave trace measured near the top will be similar to that in Figure 15:9. The time scale
corresponds to the depth below the instruments, and the vertical distance between the
force and velocity plots reflects the soil resistance at various depths.

The wave trace also provides pile integrity data. For example, if the pile breaks dur
ing driving, the fracture produces a reflected wave that changes the wave trace recorded
by the pile driving analyzer (Rausche and Goble, 1978).
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The statnall1ic test is another high strain dynamic testing method for evaluating the static
load capacity of deep foundations. This method loads the foundation by detonating slow
burning explosives located inside a pressure chamber placed between the foundation and a
mass, as shown in Figures 15.12 and 15.13. The force from the explosion generates a down
ward movement in the foundation, which is monitored using load and displacement instru
ments, and the data obtained from these instruments is plotted directly as a
load-displacement curve similar to that obtained from a static load test. The mass provides a
reaction for this force.

The loading from a statnamic test is of much longer duration (0.1-0.2 s) than that
from a pile hammer or drop hammer, so the foundation moves downward almost as a sin
gle unit and may be analyzed as if it were a rigid body. Therefore, the statnamic test does
not rely on a numerical model of the foundation's dynamic response. Instead, it directly
develops a load-displacement curve. and thus is conceptually similar to a static load test,
except that it is performed very quickly. This feature also allows the test to be performed
without a knowledge of the cross-sectional area or modulus of elasticity of the foundation,
which is especially helpful when testing drilled shafts.

The load-displacement curve obtained from the test is then adjusted to account for
inertial and damping forces in an attempt to produce a "derived static" or "equivalent sta
tic" load-displacement curve. For most foundations, this analysis can assume the founda
tion acts as a rigid body

Data reduction methods attempt to account for inertial and damping forces. Typi
cally. the foundation settles about 5 mm (0.2 in) during the test, which is probably suffi-
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Figure 15.11 This drop hummer i'i being

used'to condlKt a high-strain dynamic load

test on a drilled shaft foundation L..\DSC:

The International Association nf Foundation

Drilling),

Statnamic Test

15.3 High-Strain Dynamic Testing

~

Tests Using Drop Hammers

Below is the PDA screen; it is what the measurement engineer sees during dynamic pile testing.

Case Method and CAPW AP analyses were originally developed for use with pile founda
tions, because they rely on acceleration and stress data obtained while the pile is being
driven. More recently. engineers have applied these methods to drilled shaft foundations,
using drop hammers to generate the required strains. This method can provide dynamic
venfication of the load capacity determined from analytic methods, while being less
costly than a static load test.

Figure 15.11 shows a typical drop hammer used to perform these tests. Typically
the test uses a weight equal to about 1.5 percent of the required static test load, and a drop
height of about 8.5 percent of the shaft length or 2 m, whichever is greater. However, the
actual equipment needs should be determined in advance using a wave equation analysis
(Hussein. Likins, and Rausche, 1996). The instrumentation and data analysis are essen
tially the same as for piles.

"
',r:.

Figure 15.10 Sample output from a CAPW AP analysis. The upper plots renect the
computational match between the CAPW AP model and the PDA data obtained from the

field. The plot in the lower left is a computed load-settlement curve. and that in the lower

right shows the computed distribution of soil resistance (Courtesy uf Gqhle Rausche
Likins and Associates. Ine)
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Figure 15.12 Schematic of the statnamic test.

cient to de'velop most of the side-friction resistance, but less than the settlement required
to fully mobilize the toe-bearing resistance. Therefore, the test should, in principle, be
conservative. However, the static response of soil differs from the dynamic response, so
the load-settlement curve obtained from statnamic can differ from that obtained from a

static load test. The data reduction attempts to account for this difference, along with the
inertial effects in the foundation itself, but the proper method of doing so is not always
clear. As a result, the capacities obtained from statnamic tests can be higher or lower than
those obtained from static load tests. In addition, the rigid body assumption may not be
valid for long slender foundations.

Statnamic tests also have been used to evaluate lateral load capacity of deep founda
tions, and are an alternative to static lateral load tests. These statnamic tests are performed
using a horizontal pressure chamber. Since design lateral loads are usually dynamic (i.e.,
wind or earthquake), the statnamic test may be a better representation of the actual service
loads, and thus may provide more realistic capacities than those obtained from static lat
eralload tests.

Application of High-Strain Dynamic Tests

All of these high-strain dynamic test methods help an engineer evaluate the downward
load capacity of a deep foundation, and thus serve as a independent check on capacities
determined using analytic methods. The Case Method provides this data in real time as
the pile is being driven, and thus may be used to determine the required embedment
depth. Often this depth is different from that indicated by the analytic methods described
in Chapter 14, which produces an as-built foundation that is longer or shorter than that in
dicated on the design drawings.

CAPW AP analyses, statnamic tests, and drop hammer tests are conducted after the
foundation has been built, and thus cannot be used to control the as-built depth of the test
shaft. However, the test results are still valuable in that they provide an independent con-
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15.5 Conclusions

Figure IS.13 A \tatnamic test \111 Cl pile

driven over water. J) Usually' [he reaction
mass is located Jbove or JroLlnd the stal

namic pressure chamher. Hov..-c\cr. in this
case, the reaction mass consisted l)( waleI' in

side suhmerged containers. b) The statnamic

pressure chamber is located aome rhe test

pile. and in this case is connected to the sub

merged mass through tendons. In most tests

this pressure chamber is hidden by the reac

tion mass. c) The explosion occurs inside the

pressure chamher. \vhich then imparts a

L10wnward force Oil the pile. (PI1l)tos cour

tesy of Bcrminghammcr Foulldation Equip
ment).
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Figure 15.14 Conducting" low-strain

dynamic test to assess the integrity of a
concrete-filled pipe pile {PhOLO courtesy of

Pile Dyn~lInics. Inc.),

15.4 LOW-STRAIN DYNAMIC TESTING

1. Dynamic methods use evaluations of a foundation's response to applied dynamic
loads, such as those from a pile hammer or other impact source, to determine its sta
tic load capacity. Some dynamic methods also provide information on driveability
and structural integrity.

2. Pile-driving formulas are the oldest type of dynamic method. They attempt to corre
late static load capacity with blow count, hammer type, and other factors. Unfortu
nately, these formulas oversimplify the pile-driving process. and thus are not very
precise, especially if they have not been calibrated with an onsite load test.

3. Wave equation analyses have generally replaced pile-driving formulas. Instead of
relying solely on empirical correlations, the wave equation analysis uses a detailed
analytical model of the pile and its driving system. The results of these analyses in
clude a bearing graph (which is a plot of static capacity vs. blow count). and the pile
driving stresses, which form the basis for a driveability analysis.

4. High-strain dynamic tests use instruments mounted on the foundation to record its
response to applied dynamic loads. These loads usually are from the pile hammer.
but also may be generated by a drop hammer or by a controlled explosion. The data
obtained from these instruments may be used to determine the static load capacity.

5. Low-strain dynamic testing uses much smaller impact loads (typically imparted by
a carpenter's hammer) and is used to evaluate structural integrity.
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SUMMARY
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fIrmation of the downward load capacity which verifies the suitability of the test founda
tion and assists in the design of future foundations at that site.

578

Low-strain dynamic testing consists of striking the top of the foundation with a small load
and monitoring the resulting waves using one or more accelerometers. These tests typi

cally use a carpenter's mallet to generate the load, as shown in Figllre 15.14, so the in
duced strains are very small and the settlement is not nearly sufficient to fully mobilize
the side-friction or toe-bearing resistance. Therefore, low-strain dynamic tests do not pro
vide an indication of static load capacity. However, they are very useful for evaluating
structural integrity and for determining the as-built length. These methods are discussed
in Section 17.10.

Vocabulary

Bearing graph
Blow count
CAPWAP
Case method

Driveability analysis
Dynamic methods

Engineering News Formula
Freeze (setup)
High-strain dynamic

testing
Low-strain dynamic

testing

Pile-driving formula
Pile driving analyzer
Quake
Smith damping factor
Statnamic test

Wave equation

15.5 CONCLUSIONS

Dynamic methods have progressed from the crude pile driving formulas of the late nine
teenth century to sophisticated numerical models with extensive calibrations to static load
tests. These methods are very attractive to foundation engineers, because they promise to

provide reliable information on load capacities without the necessity of investing in ex
pensive static load tests. In addition, some dynamic methods provide information on dri
veability and structural integrity.

It is unlikely that static load tests will ever become obsolete, but dynamic methods

h!lve substantially reduced the need for them. As dynamic methods continue to be refined.

.~ey will probably enjoy increased use in a wider range of projects.

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

15.1 Explain why pile-drivingfonnulas are not reliable. and why a waveequation analysis is a bet
ter choice.

15.2 How can analyses based on the wave equation account for increasedpile capacity caused by
freeze or setup?

15.3 A IS-m long concrete pile has a wave velocity of 4000 rnIsand is being driven at a rate of 2S

blows per minute.Will the wave from the first hammer blow reach the bottom of the pile and
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return to the top before the next hammer blow? Justify your answer with appropriate computa
tions and comment on the results.

15.4 Why does the statnamic test use slow-burning eXplosives?

15.5 An HP 10 x 53 pile is to be driven with a Delmag 0-12 hammer in a soil profile described in

Figure 15.4. The required allowable downward load capacity is 500 kN. Using the bearing
graph in Figure 15.4 and the appropriate factor of safety from Table 13.1, determine the mini
mum required blow count.

15.6 The pile described in Problem 15.5 is to be made of A36 steel, which has F, = 250 MPa. De
termine the maximum allowable driving stress using the criterion described in Section 12.3,

then use the wave equation analysis results in Figure 15.4 to determine if the driving stresses
are acceptable.

15.7 According to a static analysis, the pile described in Problem 15.5 will develop the required
downward load capacity if it is driven 12.2 m into the ground. The pile has now been driven to

that depth, and the final blow count was 200 blows/m. Is this acceptable? Why or why not?
Does any remedial action need to be taken? Explain.

15.8 A 14-inch square prestressed concrete pile is to be driven with a certain hammer. According
to a wave equation analysis, the driving stresses will exceed the maximum allowable values

described in Table 12.5. What can be done to resolve this problem? Provide at least two possi
ble solutions.

15.9 A series of large-diameter steel pipe piles are to be driven at an offshore site. These piles will
support a major marine structure. Unfortunately, because of the location and size of these

piles, a full-scale static load test is not economically feasible. Suggest an appropriate dynamic
method for evaluating the load capacity of these piles and indicate the reason for your selec_
tion.

t

16

Deep Foundations
Lateral Load Capacity

Some say the cup is half empty, while others say it is half full. However,
in my opinion both are wrong. The real problem is the cup is too big.

Sometimes all we need is a new perspective on an old problem.

The discussions in Chapters 13 to 15 considered only axial loads. However, many deep

foundations also must support lateral loads. which are applied shear and/or moment loads

as shown in Figure 16.1. Sources of lateral loads include the following:

• Earth pressures on the back of retaining walls

• Wind loads

• Seismic loads

• Berthing loads from ships as they contact piers or other harbor structures

• Downhill movements of earth slopes

• Vehicle acceleration and braking forces on bridges

• Eccentric vertical loads on columns

• Ocean wave forces on offshore structures

• River current forces on bridge piers

• Cable forces from electrical transmission towers or electric railway wire support
towers

• Structural loads on abutments for arch or suspension bridges

Deep foundations transfer these loads into the ground through lateral bearing, as shown in

Figure 16.1, which is quite different from the side friction and toe bearing associated with

581



583

Vertical
Pile

M,

~
fp,

--.. Vt:

• Batter piles form a very stiff foundation system. This is suitable when only static
loads are present, but can cause problems when dynamic loads are applied, such as
those imposed by an earthquake. Figure 16.3 shows the kinds of damage that can
occur as a result of the high loads that develop in such a stiff system. A more flexi
ble system would perform better because it would allow inertial effects to absorb
some of the load.

• Only certain combinations of applied vertical and horizontal loads on the pile cap
produce only axial loads in all of the piles. Because the horizontallbads often are
temporary (i.e., wind or seismic loads), the actual working loads often are not prop
erly combined. For example, if the horizontal load is sometimes zero, then the verti
<:alload generates flexural stresses in the batter piles .

• The soil may consolidate after the piles are driven (see discussion of downdrag
loads in Section 18.1). This downward movement of the soil produces lateral loads
on the batter piles, and might even cause them to fail in flexure. Unfortunately, such

Engineers also recognized that groups of batter piles are not subject to axial loads
only. In reality, shear and moment loads also are present because:

Figure 16.2 Batter piles being used to re
sist combined vertical and horizontal loads.
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Chapter 16 Deep Foundations-Lateral Load Capacity

• Large offshore structures, such as drilling platforms, are subjected to very large lat
eralloads from water currents, wind loads, and seismic loads, but it is not practical
10 drive piles at a sufficiently large angle to accommodate these loads.

1.
"~~

axial loads. Thus, when evaluating load transfer from the foundation to the ground, axial
and lateral load capacities require two separate analyses. This chapter discusses methods
of performing lateral load analyses, and shows how to compute the resulting stresses and
lateral deflections in the foundation.

Until the middle twentieth century, engineers did not know how to evaluate laterally
loaded deep foundations, so they assumed deep foundations were only able to resist axial
loads. Therefore, when horizontal loads were present, engineers installed some of the
foundations at an angle from the vertical, as shown in Figure 16.2. Thus, each foundation
supposedly is subjected to axial loads only.

Although it is possible to build most types of deep foundations on an angle, driven
piles are the most common choice. Piles driven in this fashion are known as batter piles or
raker piles. Contractors with the proper equipment can usually install them at a batter of
up to 4 vertical to 1 horizontal by simply tilting the pile-driver leads. However, these op
erations are not as efficient as driving vertical piles.

Although batter piles have generally performed well, there are at least two situa
tions that cause problems:

16.1 SAnER PILES

Figure 16.1 Load transfer from a deep

foundation to the ground: (a) Axial loads are

transferred through the side friction and toe

bearing: (b) lateral loads are transferred

through lateral bearing.
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Fiaure 16.4 Short vs, long foundalions.

toe is essentially fixed. The minimum length to be considered "long" depends both on the
stiffness of the foundation and the lateral resistance provided by the soil. In general, flexi
ble foundations. such as timber piles. are long if DIB greater than about 20. while stiffer
foundations, such as those made of steel or concrete, typically require DIB greater than
about 35,

The ultimate lateral capacity of short foundations is controlled primarily by the soil.
In other words, the soil fails before the foundation reaches its flexural capacity, Con
versely, the ultimate lateral capacity of long foundations is controlled primarily by the
flexural strength of the foundation because it will fail structurally before the soil fails,

Figure 16.3 Behavior of hatler piles during seismic loading (Adapted from Dowrick, 1987: Used

with permission of John Wiley and Sons),

a failure would probably be hidden, and would not be evident until an earthquake or
other extreme event occurred and the batter piles failed to perform,

In spite of these problems, batter piles are still an appropriate solution for some
foundation problems, However, research and development in designing deep foundations
to resist lateral loads has opened new possibilities. as discussed in the next section,

16.2 RESPONSE TO LATERAL LOADS

Because of the difficulties with batter piles and the need to produce more economical and
reliable designs, engineers reconsidered the assumption that deep foundations are only
able to resist axial loads, If a deep foundation system could be designed to resist both
axial and lateral loads, then it could be built using only vertical members, which would be
more economical and more flexible, These characteristics are especially important in off

shore structures, so the petroleum industry led much of the early effort to develop lateral
load analysis methods,

Short vs. Long Foundations

When evaluating lateral loads. we divide deep foundations into two categories: short and
long as shown in Figure 16.4. A short foundation is one that does not have enough em
bedltent to anchor the toe against rotations, whereas a long foundation is one in which the,.•..~

~.
£
-~

'"
4:;

i

Soil-Structure Interaction

The transfer of lateral loads from deep foundations to the ground is a soil-structure inter
action problem, and is very similar to the interaction between mat foundations and the un
derlying soil as discussed in Chapter 10, In other words, the movements and flexural
stresses in the foundation depend on the soil resistance, while the soil resistance depends
on the movements of the foundation, Thus, we cannot artificially separate the geotechni
cal and structural aspects of the analysis. Both must be evaluated concurrently.

Figure 16.5 shows diagrams of lateral deflection, slope, moment, and shear in a
long foundation, and the lateral soil reaction, all as a function of depth. The applied shear
and/or moment loads produce a lateral deflection at the top of the foundation. This deflec
tion induces lateral resistance in the soil, and this resistance is a function of the deflection

as shown in Figure 16.6. Near the ground surface, this soil resistance opposes the applied
loads, so the deflection decreases with depth, eventually reaching zero deflection at some
depth. However, the shear and moment at this depth are not zero, so the foundation de
flects in the opposite direction and induces soil reactions that also are in the opposite di
rection. This interaction continues with depth until all of the parameters are essentially
zero.

The shapes and magnitudes of these plots depend on many factors. including:

• The type (shear and/or moment) and magnitude of the applied loads

• The resistance-deflection relationship in the soil (known as the p-y curve)

• The flexural rigidity of the foundation, which is the product of its modulus of elas
ticity, E, and moment of inertia, I
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(16.2)

(16.1)

( 16.3)

( 16.4)
dV d4yp=-=EI-'
dz dz4

dM d.1yV=-=EI-'
dz dz.1

El
dS d2yM=EI- = EI-'
dz dz2

Where:

S = slope of foundation

M = bending moment in foundation
V= shear force in foundation

p = lateral soil resistance per unit length of the foundation

E = modulus of elasticity of foundation

I = moment of inertia of foundation in the direction of bending

y = lateral deflection

z = depth below ground surface

The change in each of these parameters with depth are defined by the principles of
structural mechanics as follows:

(f) Soil Reaction

p

(e) Shear
V

(d) Moment
M

(c) Slope
S

(b) Detlection
v

Figure 16.5 Forces and detlections in a long deep foundation subjected to lateral loads (Adapted

from Matlock and Reese, 1960: Used with permission of ASCE).

(a) Loading

M
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Figure 16.6 Soil resistance per unit length,

p. as a function of lateral detlcction, y. This

is known as a p-y curve.
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If the shape of one of these curves is known, either through computation or field
measurements, the others may be computed through progressive integration or differentia
tion with appropriate boundary conditions.

Example 16.1

According to measurements made during a full-scale lateral load test, the deflection of a cer
tain deep foundation between the ground surface and a depth of 2.0 m is defined by the equa
tion:

v = 0.035 - O.OlOz's

Develop equations for slope. moment, shear, and soil reaction vs. depth for 0 ::;z ::; 2 m.

Solution

dv .
S = -=-- = -0.018zoX ~Answer

d:

M = £/dS = -0.0144z-02£/ ~AlIswer
dz
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dM ]'V = - = O.288z - .-El <=Answer
dz

dV "
p = - = -O.346z·'·'E1 <=Answer

dz

Commentary

In practice, the shapes of these curves are not easily detined by simple polynomials, so the
integrationor differentiationmust be performedby numericalmethods.

• The restrained-head condition (also known as the fixed-head condition), shown in
Figure 16.7b, means that the top of the pile may move laterally, but is not permitted
to rotate. A group of piles connected with a pile cap closely approximate this condi
tion, because there will be very little rotation in the cap. In this case, V and S at the
top are known, but M and y are unknown.

• The pure moment condition, shown in Figure 16.7c, occurs when there is an applied
moment load, but no applied shear load. It results in rotation of the top of the pile,
but no lateral movement. This is the least common of the three conditions, and is

not often used in practice. In this case, V, S, M, and y at the top are all known.

The type of connection between the foundation and the structure also is important
because it determines the kinds of restraint, if any, acting on the foundation. These define

the boundary conditions needed to perform integrations on Equations 16.1 to 16.4. Engi
neers usually assume that one of the following restraint conditions prevail (although oth
ers are also possible):

• Thefree-head condition, shown in Figure 16.7a, means that the top of the pile may
freely move laterally and rotate when subjected to shear and/or moment loads. A
single drilled shaft supporting a highway sign is an example of the free·head condi
tion. In this case, the applied shear and moment loads, V and M, at the top are
known but the slope and deflection, Sand y, are unknown.

Thus, selecting one of these alternatives defines the boundary conditions at the top of the
pile. Although real piles often have connections that are intermediate between these three
ideal conditions, one of these assumptions is usually reasonable for design purposes.

So long as the foundation is "long," the shear, moment, rotation, and deflection at
the toe are all zero, thus forming four additional boundary conditions.

The foundation transmits most of the applied lateral loads to the upper soils, so the
soil properties within about 10 diameters of the ground surface are the most important.
Therefore, we must be especially careful to consider scour or other phenomena that might
eliminate some of the upper soils.

Figure 16.7 Types of connections between the pile and the structure: (al free-head:
(b) restrained-head: and (c) pure moment.

• Determine the minimum required depth of embedment to transfer the lateral loads
into the ground. When lateral loads are the primary loads acting on the foundation,
this criteria may control the required depth. However, when significant axial loads
are present, such as with foundations that support buildings or bridges, the depth of
embedment is usually controlled by axial load considerations.

• Determine the lateral deflection under the design lateral loads. Buildings, bridges,
and other similar structures typically can tolerate no more than 5 to 20 mm
(0.25-0.75 in) of lateral movement.

• Determine the shears and moments induced in the foundation by the lateral loads.
Sometimes we need only the maximum values and design the entire foundation to
resist them, while other times we need shear and moment diagrams and design the
foundation accordingly.

Methods of evaluating lateral load capacity include both experimental and analytical
methods, and range from simple to complex. The results of extensive research, and the
widespread availability of powerful computers have greatly improved our ability to ana
Iyze these foundations.

The objectives of lateral load capacity analyses generally include one or more of the
following:

16.3 METHODS OF EVALUATING LATERAL LOAD CAPACITY

J
(c)

"'Mv

(b)

_v

(al

"'M
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Full-Scale Lateral Load Tests

One way to evaluate lateral load capacity is to conduct a full-scale load test. These tests
involve installing one or more prototype foundations at the project site, applying a series
of lateral loads, and measuring the resulting lateral deformation and slope at the top of
the foundation (Reese, 1984; ASTM 03966). Thus, we can directly determine load
deformation characteristics. In addition, if strain gages are installed in the foundation
and/or deformations are measured at different depths (such as with an inclinometer), we
can compute the shears and moments in the foundation using Equations 16.1 to 16.4.

Full-scale lateral load tests are less common than full-scale axial load tests, but they
are performed on occasion, especially for very large projects or when the soil conditions
are unusual. Figure 16.8 shows a typical test setup. Most load tests are performed using a
free-head condition with applied shear loads, because this is the easiest test condition to
produce in the field.

The results of a lateral load test (deflections, shears, and moments) can be directly
used to design the production foundations. Alternatively, they may be used to backcalcu
late site-specific p-y curves (Kramer, 1991). These curves may then be used with the p-v

analyses described later in this chapter to design a wider variety of foundations with dif
ferent head restraint conditions,

The primary disadvantage of full-scale load tests is cost. They are very expensive,
and thus can be economically justified only on large projects.

16.3 Methods of Evaluating Lateral Load Capacity

Figure 16.9 Modd loau tests conducted at Utah State Univer."ll: to evaluate the rc~

sponse of pile groups suhjected to cyclic lateral loads. Each of the five Illotlcl pile" is

made of 1..3 in. (33 mm) diameter aluminum tubing and inslrumented with fourteen pairs

of strain gauges (photo coul1csy or Professor Jose ph Caliendol. See Moss, R,-l\vlings,
Caliendo. and Andersoll ( 19~8) for more details.

Model Lateral Load Tests
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The cost of load tests can be substantially reduced by using scale model foundations and
conducting the tests in a laboratory. Figure 16.9 shows the apparatus used for a model
load test. In addition to their lower cost, these tests have the advantages of more flexibility
in loading, restraint conditions, soil conditions, etc. However, it can be difficult to extra
polate model tests to full-scale foundations because the various parameters (linear dimen
sions, stresses, masses, etc.) have different scaling ratios.

Some engineers have attempted to overcome some of the scaling problems inherent
in model load tests by conducting the tests inside a centrifuge. The additional "gravity" in
a centrifuge model helps bring the scaling ratio for mass and stress closer to that for linear
dimensions. However, centrifuge tests introduce other complexities, and are limited to
very small scale models.

Model lateral load tests are most effective when evaluating undrained loading con
ditions in a clay, because the undrained shear strength, SU' is not dependant on the effec
tive stress and thus is not affected by scaling .

Lateral Statnamic Test

Figure t6,8 Typical full-scale lateral load test on a prototype deep foundation. Unlike
vertical load tests, both foundations are "reaction" and both are "tested" because hoth

move about the same distance during the test.

.,
r.t.:.

Another option is to conduct a lateral statnamic test. This technique uses the same princi
ples as the vertical statnamic test described in Chapter IS, except the load is applied hori
zontally as shown in Figure 16.10. Unlike conventional lateral load tests, lateral statnamic
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TABLE 16.1 ALLOWABLE LATERAL SOIL PRESSURE (ICBO, 1997 and ICC, 2000;
used with permission)

: = depth below the ground surface to a maximum of 15 ft (4.6 Ill). Below {ha! depth. llse an allowable lateral

hearing pressure equal to the value at 15 ft (4.6 m).

Note: The UBC and IBC imply the maximum.:: is 15 nor]5 111. which is an inl.:orrcct conversion to llletric units.

Since this tab]c \vas originally developcd using English units. wc can assume they represent the con·cl.:! value.

Where:

Dmin = minimum required depth of embedment (ft. m)

V= applied shear load Ob. kN)

h = vertical distance from ground surface to point of application of V(ft. m)

B = diameter of foundation (ft. m)

SI = allowable lateral soil pressure at z = Dmin/3 Ob/fte. kPa)

S, = allowable lateral soil pressure at z = DOlin Ob/fte, kPa)

z = depth below the ground surface (ft, m)

The values of SI and S, are presented in Table 16.1. Both UBC and lEC permit the
use of twice the values shown in this table for short-term loads (presumably wind or seis
mic loads). so long as a lateral deflection of 13 mm (0.5 in) is acceptable.

(16.6)

(16.7)

(16.5)

24 z

16 :

190 z

63 :

31 :

(kPa)

100:

150 :

1200 :

400 :

200 :

(lb/ft')

Allowable Lateral Bearing Pressure

_ ~ ( ~4.36h)
Dm;n - I +

2 A

I A = 2.34 viSIB

~4.25 V hDmin = S,B

For the restrained-head condition:

For the free-head condition:

Soil Classification

Massive crystalline bedrock

Sedimentary and foliated rock

Sandy gravel and/or gravel (GW and GP)

Sand, silty sand, clayey sand. silty gravel, and clayey
gravel (SW, SP. SM. Se. GM. and GC)

Clay. sandy clay. silty clay, and clayey silt (CL. ML.
MH. and CH)

I

I
I•
I

I
I

Rigid Analyses

Figure 16.10 Lateral stutnamic test being conducted from a barge. The test foundation
is on the far left side of the photograph. (Courtesy of Bcrminghaml11cr Foundation Equip~

ment),

The earliest analytical solutions to lateral load problems assumed the foundation was per
fectly rigid (i.e .. a very high El). This is the same assumption used in early mat founda
tion analyses. as discussed in Chapter 10. and it was introduced for the same reason: to
simplify the computation of soil reaction forces. Broms (1964a, 1964b, 1965) and others
used this method to evaluate lateral load capacity.

These rigid analyses provide information on the minimum required depth of embed
ment and the maximum moment. However, because these methods neglect flexural rota
tions in the foundation and use simplified descriptions of the soil resistance. they are not
as accurate as the nonrigid methods discussed later.

Rigid analyses are now used primarily for lightweight "short" laterally loaded foun
dations. such as those supporting streetlights or small highway signs. where the required

depth of embedment is controlled by the lateral loads. The Uniform Building Code [UBC
1806.8.2] and International Building Code [lEC 1805.7.2] include the following rigid

ana.lysis formulas for "posts or poles" embedded in the ground:1......-:

tests require only one test foundation because the statnamic equipment provides its own
reaction.
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Nonrigid Soil-Structure Interaction Analyses

A finite element method (FEM) analysis consists of dividing both the foundation and the
soil into a series of small elements and assigning appropriate stress-strain properties to
each element. The analysis then considers the response of these elements to applied loads,
and uses this response to evaluate shears, moments, and lateral deflections in the founda
tion. Finite element analyses may be performed using either two-dimensional or three
dimensional elements.

The accuracy of finite element analyses depends on our ability to assign correct en
gineering properties to the elements. This is easy to do for the foundation because the
properties of structural materials are well-defined, but very difficult to do for the soil be
cause it is more complex. For example, the stress-strain properties in the soil are defi
nitely nonlinear. In addition, three-dimensional FEM analyses, which are more accurate,
require more extensive computer resources.

Because of the shortcomings of the methods described thus far, engineers have developed
more thorough lateral load analysis methods that consider the flexural rigidity of the foun
dation, the soil's response to lateral loads, and soil-structure interaction effects. This can
be done using either of two methods: the finite element method or the p-y method.

Finite Element Method

16.3 Methods of Evaluating Lateral Load Capacity

Figure 16.12 Depth to fixity method of

describing the behavior of laterally-loaded

deep foundations.

12.5

Dmin

4.36 (20) )
1+---

12.S/D"'in

~Answer

20ft

2.34(800)A=----
IOO(D"'in)(I.S)

12.5 (
Dmin=~- 1 +

2 Dmin

Dm;n = 7 ft

SI = ISO(2)(D"'in/3)= looDmin

A sign is to be supported on an 18-inchdiameter drilled shaft foundation,as shown in Figure
16.1I. The design wind load is 800 Ib, and the center of the sign is 20 ft above the ground.
Compute the minimumrequired depth of embedment,D"'in'

Example 16.2

Chapter 16 Deep Foundations-Lateral Load Capacity

t,;

This is a free-head condition where a O.S inch lateral deflection would be acceptable, so use
twice the value shown in Table 16.1.

During the 1960s and 1970s, many geotechnical engineers described the results of lateral
load analyses in terms of the depth toflXity, as shown in Figure 16.12 (Davisson, 1970;
Tomlinson, 1987). This method ignored the soil between the ground surface and the depth
to fixity, and considered the soil beneath this depth to be infinitely strong and rigid. They
provided this depth to the structural engineer, who simply computed the stresses and de
flections in the foundation as if there was a rigid connection at the depth of fixity and no
soil resistance above that point. This method was especially convenient for the structural
engineer because the structural computations were straightforward and appeared to pro
vide all of the needed information.

The depth to fixity method does consider the flexural rigidity of the foundation, and
in that respect is an improvement over the rigid analyses. However, it uses a simplistic
representation of the soil resistance, and thus is not as precise as the p-y method discussed
later in this chapter.

Depth to Fixity Analyses

Figure 16.11 Proposed sign for Example
16.2.

594



QUESTIONS AND PRACTICE PROBLEMS

The p-y method models the foundation using a two-dimensional finite difference analysis.
It divides the foundation into n intervals with a node at the end of each interval, and the

soil as a series of nonlinear "springs" located at each node, as shown in Figure 16.13. The

flexural stiffness of each interval is defined by the appropriate El, and the load-deforma

tion properties of each spring is defined by a p-y curl'e such as those in Figure 16.14. It

also is necessary to apply appropriate boundary conditions, as described earlier.

Using this information and applying the structural loads in increments. the software

finds a condition of static equilibrium and computes the shear. moment, and lateral de
flection at each interval.

Experiments with this method began in the late 1950s (McClelland and Focht,

1958; Matlock and Reese, 1960). However, the full development of this method required
development of new software and calibration from full-scale load tests. Much of this work

was performed during the 1960s and 1970s, and the method was well established by 1980.

Nevertheless, this method continues to be refined through continued research and experi
ence.
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Nonlinear Springs
I'-r Model

Mc:. VMc:.Vr-r-

Actual Foundation
Figure 16,13 Analytical model used in the

p-r method.

Numerical Model

16.4 p-y Method

16.4 p-y METHOD

p-yMethod

.,'.~~

16.5 A sign is to be supported on two steel poles, each of which will be embedded into a stiff silty
clay. The lateral wind load will be 5.4 kN and will act at a height of 8 m above the ground sur
face. This load will be equally distributed to the two poles. The embedded portions of the

poles will be in 300-mm diameter holes that will be backfilled with concrete. Using a rigid
analysis and a free-head condition, compute the required depth of embedment.

Chapter 16 Deep Foundations-Lateral Load Capacity

Finite element analyses have been used on specialized projects, and ultimately may
become the preferred method of evaluating laterally-loaded deep foundations. However,

they are still under development and require additional calibration with load test results

before they are likely to be used on routine projects.

16.2 A full-scale lateral load test has been conducted on an HP 10 x 57 pile made of A36 steel. The

lateral load was applied so that bending occurred in the x-x axis. According to measurements
made during this test, the lateral deflection between the ground surface and a depth of 10 ft is
defined by the equation y = 1.52 - 0.001131 zl5, where both y and z are expressed in inches.
Develop plots of shear, moment, and lateral soil pressure vs. depth.

16.3 A group of cell-phone antennas are to be installed on a steel pole that will be embedded into
sandstone bedrock. The embedded portion of this pole will be placed in a 2-ft diameter boring
that will then be backfilled with concrete. The resultant of the lateral wind load will be 600 lb

and will act at a point 50 ft above the ground surface. Using a rigid analysis and a free-head
condition, compute the required depth of embedment.

16.1 What are the primary advantages of using laterally-loaded vertical piles instead of balter

piles?

16.4 A satellite dish is to be supported on a steel pole that will be embedded through a concrete
slab and into the underlying ground. The embedded portion of the pole will be placed in a
6-inch diameter hole that will be backfilled with concrete. The lateral wind load on this dish

will be 200 Ib, and the center of the dish will be 15 ft above the concrete slab. The soils are
clayey sands and sandy clays (SC and CL). Using a rigid analysis and a restrained-head condi
tion (because of the slab), compute the required depth of embedment.

The p-y method uses a series of nonlinear "springs" to model the soil-structure interac

tion. This is similar to the method used to analyze mat foundations, as discussed in Chap
ter 10, and is much simpler than the finite element method. Although the p-y method is

not as rigorous as the finite element method, it has been extensively calibrated with full

scale load test results, and is easier to implement due to the widespread availability of

commercial software. Therefore, this is the preferred method for most practical design

problems, especially with "long" foundations.
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A: Ductile
The ultimate compression resistance is probably much greater than the ultimate side

shear resistance. However, mobilization of the side shear requires much less deflection, so
it may be an important part of the total resistance at the small deflections generally associ
ated with the working loads .

The p-y curve for a particular point on a foundation depends on many factors. in
cluding the following:

• Soil type

• Type of loading (i.e_, short-term static, sustained static. repeated. or dynamic)

Foundation diameter and cross-sectional shape
• Coefficient of friction between foundation and soil

• Depth below the ground surface
• Foundation construction methods

• Group interaction effects

The heart of Ihe p-y method is the definition of the lateral load-deflection relationships be
tween the foundation and the soil. These are expressed in the form of p-y curves, where p

is the lateral soil resistance per unit length of the foundation (expressed in units of force
per length), and y is the lateral deflection. The p-y relationship might fIrst appear to be a
nonlinear extension of the Winkler bearn-on-elastic-foundation concept described in
Chapter 10. However, there is an important difference between the two: The Winkler
model considers only compressive forces between the foundation and the soil, whereas
the lateral soil load acting on a deep foundation is the result of compression on the leading
side, shear friction on the two adjacent sides, and possibly sqme small compression on the
back side. These components are shown in Figure 16.15. Thus, it is misleading to think of
the p-y curve as a compression phenomenon only (Smith, 1989), even though the numeri
cal model appears to treat them as such.

The influence of these factors is not well established, so it has been necessary to de
velop p-y curves empirically by back-calculating them from full-scale load tests. Most of

this data were obtained from 250 to 600 mm (10-24 in) diameter steel pipe piles because
these are easier to instrument. These tests have been performed on various soil types, and
the results have been correlated with standard soil properties, such as effective friction

angle or undrained shear strength. Thus, they may be extended to other sites by measuring
the appropriate soil properties and using the correlations. Reese (1984,1986) summarizes

many of the tests conducted thus far and provides recommended p-y curves for analysis
and design. These curves and correlations also have been incorporated into p-y software.

Some curves are ductile, as shown in Curve A in Figure 16.14. These curves reach
the maximum resistance, Pm"x' at a certain deflection, and then maintain this resistance at

greater deflections. Other curves are brittle, as shown in Curve B in Figure 16.14, and
have a decreasing p at large deflections. Brittle curves can occur in some clays, especially
if they are stiff or if the loading is repeated or dynamic. Soft clays under static loading and
sands appear to have ductile curves. Brittle curves are potentially more troublesome be
cause of their potential for producing large foundation movements.

Although the empirical p-y data collected thus far have been an essential part of
making the p-y method a practical engineering tool, we continue to need more data. Addi

tional instrumented load tests would further our understanding of this relationship and
thus provide more accurate data for analysis and design. For large projects, it may be ap
propriate to conduct full-scale lateral load tests and develop site-specifIc p-y curves.

Some engineers have attempted to develop p-y curves from in-situ pressuremeter or
dilatometer tests (Baguelin et aI., 1978; Robertson et aI., 1989). Although these tests di
rectly measure something similar to the compression component of lateral pile resistance,
they do not address the side shear component. This may be at least a partial explanation of
Baguelin's assessment that this approach produces pessimistic results. There also are
scale effects to consider. Further research may improve the reliability of these methods.

•
:~

Loaded

Lateral Detleetion. r

~
I •• 1

Unloaded

p-yCurves

Figure 16.14 Typical p-r curves.

Figure 16.15 A foundation with no lateral

load is subjected to a uniform lateral earth

pressure. Once the load is applied and the

foundation moves laterally a distance r. the

lateral pressure becomes greater on one
side. The resultant of this pressure distrihll

tion is p.
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Software The advantages of these charts include the following:

The fIrst widely used p-y analysis software was a program called COM624, which was
developed at the University of Texas at Austin. This program is in the public domain (see
http://uftrc.ce.ufl.edulinfo-cenlinfo-cen.htm), but it has since been superceded by other
software that is more up-to-date and easier to use. Another public domain program,
Florida Pier, is available from http://www.dol.state.fl.uslStructureslproglib.htm. A popu
lar commercial Windows-based program is called LPILE (see http://www.ensoftinc.com).

• The analyses can be performed more quickly, and they do not require the use of a
computer.

• The load corresponding to a given pile deflection can be determined directly, rather
than by trial.

• The load corresponding to a given maximum moment in the pile can be determined
directly, rather than by trial.

Accuracy

EVANS AND DUNCAN'S CHARTS

(16.9)

(16.8)

(16.10)

1.00 for solid circular cross sections

1.70 for solid square cross sections

I
RJ = 'IT Ir/64

Vc = "AB2 ERJ (;;Jm (eso)n

Mc = "AB3 ERJ (;;Jm (esot

• The stiffness, El, is constant over the length of the foundation.

• The shear strength of the soil, expressed either as s" or <1>',and the unit weight, 'I,
are constant with depth.

• The foundation is long enough to be considered fIxed at the bottom. For relatively
flexible foundations, such as timber piles, this corresponds to a length of at least
20 diameters. For relatively stiff foundations, such as those made of steel or con
crete, the length must be at least 35 diameters.

Evans and Duncan defIned the characteristic shear load, Vc' and characteristic moment
load, Mc, as follows:

These charts are also a useful way to check computer output from more sophisticated
analyses.

The charts presented here are a subset of the original method and apply only to deep
foundations that satisfy the following criteria:

We can idealize deep foundations that deviate slightly from these criteria, such as
tapered piles, by averaging the El, s", <1>', or-y values from the ground surface to a depth of
8 pile diameters.

Characteristic Load and Moment

2.5

Oetlection
22 Tests

Moment
12 Tests

1.5 2.0

Measured

Computed

Unconservative

1.02.0 1.5

Computed
Measured

Conservative

2.5

.,...;~

Figure 16.16 90 percent confidence interval for computed lateral detlection and bend

ing moment predictions from p-y analysis (based on data from Reese and Wang. 1986).
The line in the middle of each bar represents the average prediction. and the number to the

right is the number of data points .

Reese and Wang (1986) compared the results of twenty two static full-scale lateral load
tests with the predicted deflections. They also compared the measured and predicted max
imum moments for twelve of these tests. These data, expressed in Figure 16.16 using con
fIdence intervals, suggest that this method provides good predictions of deflections and

very good predictions of moments.

Evans and Duncan (1982) developed a convenient method of expressing the lateral load
deflection behavior in chart form. They compiled these charts from a series of p-y method

computer analyses using the computer program COM624.

16.5



600 Chapter 16 Deep Foundations-Lateral Load Capacity
16.5 Evans and Duncan's Charts 601

Software The advantages of these charts include the following:

The ftrst widely used p-y analysis software was a program called COM624, which was
developed at the University of Texas at Austin. This program is in the public domain (see
http://uftrc.ce.ufl.eduJinfo-cenlinfo-cen.htm), but it has since been superceded by other
software that is more up-to-date and easier to use. Another public domain program,
Florida Pier, is available from http://www.dot.state.fl.uS/Structureslproglib.htm. A popu
lar commercial Windows-based program is called LPILE (see http://www.ensoftinc.com).

• The analyses can be performed more quickly, and they do not require the use of a
computer.

• The load corresponding to a given pile deflection can be determined directly, rather
than by trial.

• The load corresponding to a given maximum moment in the pile can be determined
directly, rather than by trial.

Accuracy

EVANS AND DUNCAN'S CHARTS
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• The stiffness, El, is constant over the length of the foundation.

• The shear strength of the soil, expressed either as Sll or <j)', and the unit weight, '{,
are constant with depth.

• The foundation is long enough to be considered fixed at the bottom. For relatively
flexible foundations, such as timber piles, this corresponds to a length of at least
20 diameters. For relatively stiff foundations, such as those made of steel or con
crete, the length must be at least 35 diameters.

Evans and Duncan defined the characteristic shear load, Vc' and characteristic moment
load, Mc, as follows:

Characteristic Load and Moment

These charts are also a useful way to check computer output from more sophisticated
analyses.

The charts presented here are a subset of the original method and apply only to deep
foundations that satisfy the following criteria:

We can idealize deep foundations that deviate slightly from these criteria, such as
tapered piles, by averaging the El, S", <J>', or'{ values from the ground surface to a depth of
8 pile diameters.

2.5

Deflection
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Moment
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1.5 2.0

Measured
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1.02.0 1.5
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Measured
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Reese and Wang (1986) compared the results of twenty two static full-scale lateral load
tests with the predicted deflections. They also compared the measured and predicted max
imum moments for twelve of these tests. These data, expressed in Figure 16.16 using con
ftdence intervals, suggest that this method provides good predictions of deflections and

very good predictions of moments.

t:

Figure 16.16 90 percent confidence interval for computed lateral deflection and bend

ing moment predictions from p-y analysis (based on data from Reese and Wang. 1986).
The line in the middle of each bar represents the average prediction. and the number to the

right is the number of data points.

Evans and Duncan (1982) developed a convenient method of expressing the lateral load
deflection behavior in chart form. They compiled these charts from a series of p-y method

computer analyses using the computer program COM624.

16.5
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For plastic clay and sand:

A = 1.00 (16.11)

TABLE 16.2 TYPICAL £50 VALUES
(Reese and Wang, 1997)

For brittle clay I:

A = (0.14)"

For clay:

Up = 4.2 SI<

For sand:

Up = 2 Cpq, 'YB tan2 (45 + <1>'/2)

(16.12)

(16.13)

(16.14)

Soil Type

Soft clay

Medium clay

Stiff clay

Medium dense sand
with little or no mica

E'ill

0.020

0.010

0.005

0.002

Where:

Vc = characteristic shear load

Mc = characteristic moment load

A = a dimensionless parameter dependent on the soil's stress-strain behavior
B = diameter of foundation

E = modulus of elasticity of foundation

= 29,000,000 Ib/in2 (200,000 MPa) for steel

= 57,000 VJ:.lb/in2 (4700 VJ:. MPa) for concrete

= 1,600,000 Ib/in2 (11,000 MPa) for Southern pine or Douglas fir

le' = 28-day compressive strength of concrete (lb/in2, MPa)

R, = moment of inertia ratio (dimensionless)

up = representative passive pressure of soil

E50 = axial strain at which 50 percent of the soil strength is mobilized (see Table
16.2)

In, n = exponents from Table 16.3
I = moment of inertia of foundation

= -rrfrl64 for solid circular cross sections

= frl12 for square cross sections

Also see tabulated values in Chapter 12

s" = undrained shear strength of soil from the ground surface to a depth of 8 pile
diameters

<1>'= effective friction angle of soil (deg) from ground surface to a depth of 8
pile diameters

Cp<!> = passive pressure factor = <1>'/10

'Y= unit weight of soil from ground surface to a depth/of 8 pile diameters. If the
groundwater table is in this zone, use a weighted average of'Y and 'Yb'

where 'Y,,=Y- 'YU'(the buoyant unit weight in the zone below the ground
water table.

IA b~:le clay is one with a residual strength that is much less than the peak strength.

1••

'Il
..

~
It

The value of E50 could be determined from triaxial compression tests. However,
when such test data is not available, use the typical values in Table 16.2.

Using the Charts

The charts in Figures 16.17 to 16.26 express the relationships between the actual shear,
moment and deflection, where:

V = applied shear at top of foundation

M = applied moment at top of foundation

Mmax = maximum moment in foundation

Yr = lateral deflection at top of foundation

Some foundations are subjected to both shear and moment loads. As a first approxi
mation, compute the lateral deflections and moments from each component separately
and add them. Alternatively, use the nonlinear superposition procedure described in
Evans and Duncan (1982).

Example 16.3

A 20-k shear load will be applied to a l2-inch square, 60-ft long restrained-head concrete
pile. The soil is a sand with <1>' = 36° and 'Y= 120lb/ft3. The groundwatertable is at a depth of
40 ft. The pile is made of concrete with a 28-day compressivestrength of 6000 Ib/in2• Com
pute the lateral deflection at the top of this pile and the maximummoment.

TABLE 16.3 VALUES OF EXPONENTS m

AND n (Evans and Duncan, 1982)

For VcForM,

Soil Type

mnmn

Clay

0.683-0.220.46-0.15

Sand

0.57-0.220.40-0.15
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Figure 16.17 Shear load vs. lateral dcllection curves for free-head condition in clay (Evans and
Duncan. 1982).
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Figure 16.18 Shear load vs. lateral dcllcction curves for restrained-head condition in clay (Evans
and DUllcall. 1982).

Solution

E = 57,000 Vi:
= 57.000 V6000

= 4.400.000Ib/in'

Use units of pounds and inches. 1>.= 1.00; R, = 1.70: Using Equation 16.8:

<1>'_ 36° = 3.6
C,>~= 10 - 10

a,> = 2 C,,~'I B tan' (45 + <1>'/2)

( 120 Ib/ft3 )= (2)(3.6) . )' (12 in)tan'(45 + 36°/2)(12tn/ft"

= 23.llb/in'

t,.~:~

(a)'"
V=1>.B'ER, -" (E,,,)"

ER,

( 23 I )""= (1.00)(12)'(4.400.000)(1.70) (4.400>00~)(1.70) (0.002r"cc

= 3.056.000 lb

V/V, = 20.000/3.056,000 = 0.0065
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Figure 16.20 Shear load vs. maximum moment curves for free-head condition in clay
(Evans and Duncan. 1982).

Figure 16.21 Shear load vs. maximum
moment curves for restrained-head condition

in clay (Evans and Duncan. 1982) .
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Figure 16.19 Moment load vs. lateral deflection curves for free-head condition in clays
(Evan and Duncan. 1982).
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Figure 16.22 Shear load vs. lateral detleetion curves for free-head condition in sand
(Evans and Dunean. 1982).

Figure 16.2.:S Moment load vs. lateral deflection curves for free~head condition in sand
(Evans and Dunean. 1982).

Figure 16.23 Shear load vs. lateral detleetion curves for restrained-head condition in
sand IEvans and Dunean. 1982) .
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Figure 16.25 Shear load vs. maximum
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0.015 From Figure 16.23: y,lB = 0.0150

Figure 16.26 Shear load vs. maximum moment curves for restrained-head condition in

sand (Evans and Duncan, 1982).

QUESTIONS AND PRACTICE PROBLEMS

<=Answer

<=Answer

= (1.00)(12)3(4,400,000)(1.70)( 23.\( ) )0"''' (0.002) -Il.\;4,400,000 1.70

= 205,200,000 in-lb

Y, = (0.0150)(12) = 0.18 in

( (J" )'"M,=AB3ER, E~, (E;())"

From Figure 16.26: Mm,JM, = 0.0041

Mm •• = (0.0041 )(205,200,000) = 841,000 in-Ib

Using Equation 16.9:

Solve Example 16.3 using p-y method software.

Solution

The plots in Figures 16.27 and 16.28 were obtained using LPILE PLUS 3.0, which is a com
mercial software package.

The computed deflection of 0.17 in and maximum momenl of 790,000 in-lb are very
close to the 0.18 in and 841,000 in-Ib obtained in Example 16.3. However, the computer so
lution provides moment and deflection as functions of depth, while Evans and Duncan gives
only the top deflection and maximum moment. The software also can produce shear plots.

Example 16.4

16.6 What are the advantages of using a p-y method computer program to evaluate laterally-loaded
deep foundations instead of using Evans and Duncan's charts?

16.7 A 30 kN shear load will be applied to a 4OO-mm diameter restrained-head steel pipe pile with
IO-mm thick walls. This pile will be embedded to a sufficient depth to be considered "long."
The soil is a brittle stiff clay with.s" = 250 kPa. Using Evans and Duncan' s method, compute
the lateral deflection at the top of this pile and the maximum moment in the pile.

16.8 A 120 ft-k moment load will be applied to a 14-inch square prestressed "long" concrete pile.
The top of this pile will have a free-head condition. The underlying soil is a silty sand with
<1>' = 29° and 'Y= 119Ib/ft3. The pile has a 28-day compressive strength of 7000 Ib/in". Using.
Evans and Duncan's method, compute the lateral deflection at the top of this pile. Note: for
this pile, the maximum moment is equal to the applied moment.
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0.005
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Bending Moment (in-Kips)
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16.9 A restrained-headHP 13 x 60 pile is embedded 50 ft into a stiff plastic clay with s" = 3500
Iblft2.A shear load is to be applied to the top of this pile such that bending will occur in the
Y-Y axis. Using Evans and Duncan's method. determine the maximum allowable shear load
such that the lateral deflectiondoes not exceed 0.5 in.

16.6 GROUP EFFECTS

The analysis of lateral loads becomes more complex when we consider deep foundations
installed in groups. There are two basic questions:

• How are the applied loads distributed among the individual foundations in the
group?

• How does the ultimate capacity and load-deflection behavior of the group compare
to that of a single isolated foundation?

45

50
Shear loads are distributed one way, while moment loads are distributed differently,

so we must consider each type of loading separately.

55

Response to Applied Shear Loads
60

Figure 16.27 Moment diagram for Example 16.4. Shear loads are difficult to evaluate, largely because of the many factors that influence
group behavior (O'Neill, 1983). These factors include the following:

55

20

60

• The number, size, spacing, orientation, and arrangement of the foundation members

• The soil type

• The type of connection at the top (fortunately, the foundations in a group are nearly
always connected with a cap, so only the restrained-head condition need be consid
ered)

• The interaction between the cap and the individual foundations

• The vertical contact force between the cap and the soil

• The lateral resistance developed between the side of the cap and the soil

• The differences between the p-y curves for the inner foundations and those for the
leading row of foundations

• The method and sequence of installation

The as-built inclination of the foundations (although the design drawings may show
them perfectly plumb, in reality they will have some accidental batter)

Evaluations of shear loads on deep foundations must explicitly or implicitly con
sider pile-soil-pile interaction (PSPI) (O'Neill, 1983). PSPI occurs because the lateral
movement of a pile (or other type of deep foundation) relieves some of the stress on the
soil behind it. This soil, in turn, provides less resistance to lateral movement of the next
pile. Thus, different piles may have different p-y curves. This has also been called the
shadow effect.

.l

Detlection (in)

o 0 O.Q2 0.1)4 0.06 O.OM0.] 0.12

25
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ao 40
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Figure 16.28 Deflection diagram for Example 16.4.
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PSPI is most pronounced when the foundations are closely spaced. Because of this
effect, the leading row of foundations carries more than a proportionate share of the load.
Some load test data confIrm this behavior (Holloway et aI., 1982; Brown et aI., 1988;
McVay et aI., 1995). The net result is that the lateral deflection of a group will be greater
than that of a single isolated foundation subjected to proportionate share of the group
load. For conventionally spaced onshore groups, this ratio may be on the order of 2 to 3.

One way to evaluate the group response to applied shear loads is to modify the p-y
curves to reflect PSPI effects. This may be done by applying p-multipliers as follows
(Brown and Bollman, 1993; Hannigan et aI., 1997):

smaller structures. This alternative method assigns two shares of the shear load to each
foundation in the leading row and one share to all of the other foundations. The lateral
load design for all foundations is then based on the load acting on those in the leading
row. For example, a 200 kN shear load applied to a 4(4 group of piles has a total of 20
shares and would be evaluated using a design load of (200/20)(2) = 20 k per pile.

A complete analysis also might consider the lateral resistance on the side of a buried
pile cap, which could be computed using the second term of Equation 8.8. The sliding
friction component, (P + Wt) in Equation 8.8 should be ignored because we cannot rely
upon any normal force between the base of the cap and the underlying soil.

Response to Applied Moment Loads

Figure 16.29 Additional axial loads in a group of deep foundations subjected to an ap

plied moment load.

When a moment load is applied to a group of deep foundations, the pile cap acts like a
beam as shown in Figure 16.29. The deep foundations respond with upward or downward
reactions, as shown. To compute these reactions, assume pinned connections exist be-

due
Normal Load

(Incremential Axial
Loads) due to
Applied
Moment Load
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1. Develop the p-y curves for a single isolated foundation using the techniques de
scribed earlier in this chapter.

2. Apply the following p-multiplier factors to the p values in the p-y curves for each
row of foundations in the group:

Leading row: 0.8
Second row: 0.4

Third and subsequent rows: 0.3

These values are based on center-to-center spacing of 3 diameters and lateral de
flections of 0.10 to 0.15 diameter, and should be conservative for larger spacings or
smaller deflections. Since all of the p-multipliers are less than one, the p-y curves
for foundations in a group are softer than those for an single isolated foundation.

3. Using the p-y method with the revised p-y curves developed in Step 2, determine
the shear load vs. lateral deflection behavior for a single foundation in each row.

4. Consider a small lateral deflection (e.g., 5 mm) applied to the group and, using the
functions developed in Step 3, determine the corresponding shear load for each pile
in the group. Sum these loads to fmd the total shear load acting on the group. Re
peat this analysis with other deflection values to develop a shear load-deflection
plot for the group.

5. Using the plot developed in Step 4 and the design shear load, determine the lateral
deflection. If this deflection is not acceptable, then revise the design and return to
Step I. Otherwise, proceed to Step 6.

6. Using a series of p-y analyses with the p-y curves developed in Step 2, develop plots
of maximum moment vs. lateral deflection for a single foundation in each row.

7. Using the plot from Step 4, determine the lateral deflection of the group when sub
jected to the design shear load.

8. Using the deflection from Step 7 and the plot from Step 5, determine the maximum
moment in each foundation.

Normally, the same structural design is used for all of the foundations in a group. There
fore, this design must be based on the shears and moments in the leading row, because
they are the largest values.

The p-multiplier method is most appropriate for deep foundations that support
major structures, such as large bridges. A simpler but less precise method may be used for

<1
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tween the foundations and the cap, and the reaction in each foundation is proportional to
its distance from the centerline of the cap. Thus:

I Mg = 2: Pi ri I

Pi = Pm •• C~~J

(16.15)

(16.16)

Sand or
Gravel Fill

"-
Wings

v

1"-
Collar

Where:

M, = applied moment on pile group

Pi = axial reaction force in pile i resulting from the applied moment

ri = distance from centerline of cap to pile i
Pma. = axial reaction force in one of the piles farthest from centerline

rmax = distance from centerline of cap to farthest pile

These reaction forces are then added or subtracted from the reactions due to the applied
downward load.

Pile caps subjected to applied moment loads experience very little rotation, and thus
do not induce significant moments in the foundations. In other words, if the structure im
parts only downward and moments loads to the cap (i.e., no applied shear load), then the
foundations are subjected to axial loads only.

If normal, shear, and moment loads are applied to the cap, then each may be evalu
ated separately and the resulting stresses added using superposition.

16.7 IMPROVING LATERAL CAPACITY

If the computed lateral resistance of a deep foundation is not satisfactory, we could im
prove it by adjusting the factors described earlier (i.e., diameter, moment of inertia, num
ber of foundations in the group, spacing of the foundations in the group, etc.). Other
methods, such as those shown in Figure 16.30, also may be used (Broms, 1972).

SUMMARY

Major Points

1. A lateral load is any load that acts perpendicular to the foundation axis. Thus, shear
or moment loads are lateral loads, but axial compression or ·tension or torsional
~are~ /

2. Until the middle of the twentieth century, engineers assumed that deep foundations
were only able to resist axial loads, so they used batter piles to resist horizontal
loads. More recently, we have reconsidered that assumption and now rely on both
axial and lateral capacities.
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Figure 16.30 Methods of increasing the lateral resistanc" in a deep foundation (Adapted
from Broms. 1971).

3. The utilization of lateral capacities in design often produces foundations that are
more economical to build, more efficient in resisting seismic loads, and possibly
more reliable.

4. The analysis of laterally-loaded deep foundations is a soil-structure interaction
problem that requires simultaneous consideration of structural and geotechnical as
pects.

5. When conducting lateral load analyses, engineers usually assume one of the follow
ing boundary conditions at the top of the foundation: The free-head condition, the
restrained-head condition, or the pure moment condition.

6. Lateral load capacity may be evaluated using full-scale load tests, model load tests,
rigid analyses, depth to fixity analyses, or nonrigid soil-structure interaction analy
ses. Load tests are sometimes used on larger projects, and rigid analyses may be ap
propriate for some lightly-loaded foundations, but most lateral load problems are
analyzed using the p-y method, which is a type of nonrigid soil-structure interaction
analysis.

7. The p-y method uses nonlinear p-y curves to describe the lateral soil pressure acting
on the foundation and a finite difference analysis to compute the deflections, shears,
and moments. Design p-y curves are based on empirical data obtained from full
scale lateral load tests.
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8. Evans and Duncan have developed chart solutions based on p-y method analyses.
These charts are not as flexible as a computer solution, but are useful when a com
puter is not available or to check computer output.

9. The behavior of pile groups subjected to lateral loads is only partially understood.
With typical pile spacings (i.e., about 3 diameters on center), the lateral deflections
will be greater than that of a single isolated pile subjected to a proportionate share
of the applied load.

17
Vocabulary

Batter pile

Brittle soil response

Depth to fixity analysis

Ductile soil response
Free-head condition

Full-scale load test

Lateral load

Model load test

Nonrigid analysis

p-y curve

p-y method

Pile-soil-pile interaction

Pure moment condition

Restrained-head condition

Rigid analysis
Shadow effect

Soil-structure interaction

Deep Foundations-Design

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

16.10 Give two examples of design situations when each of the following methods would be appro
priate:
a. Rigid analysesas presented in the InternationalBuilding Code (Equations 16.5-16.7)
b. p-y methodanalysesusing appropriate computer software
c. Full-scale lateral load tests

16.11 Explain howp-y curves could be back-calculated from a full-scale lateral load test, and how
these curvescould then be used to design other deep foundations.

16.12 A 75-ft long restrained-headH-pile must resist an applied shear load of 36 k while deflecting
no more than 0.40 in. The soil is a silty sand with c' = 0, cj>' = 34° and -y =127 Ib/ft\ and the
groundwater table is at a great depth. Using Evans and Duncan's method, determine the re
quired H-pile section (see Table 12.1).Assume the bending occurs in the Y-Y axis.

16.13 The H-pile described in Problem 16.12 also carries an axial load of 50 k. Using Evans and
Duncan's method and the techniques described in Chapter 12, determine if the stresses in the
pile are acceptable.The pile is made of A36 steel, and the driving conditionsare only moder
ately favorable.

16.14 A downwardload of 100k and a shear load of 20 k will be applied to the top of a 50-ft long re
strained-headsteel pipe pile. This pile will be embeddedin a well-gradedsand with occasional
cobbles.This soil has c' = 0, cj>' = 34° and -y = 127Ib/ft'. The groundwatertable is at a depth of
30 ft. The pile will be madeof A36 steeland has a maximumallowablelateraldeflectionof 0.75
in. UsingEvans and Duncan's method, select a standardpile section fromTable 12.2that satis
fies this deflectioncriterionand satisfiesthe allowablestresscriteriadescribedin Chapter 12.~,..i.

Let the foundations of those works be dug from a solid site and to a solid
base if it can be found. But if a solid foundation is not found, and the
site is loose earth right down, or marshy, then it is to be excavated and
cleared and remade with piles of alder or of olive or charred oak, and
the piles are to be driven close together by machinery, and the intervals
between are to be filled with charcoal ... even the heaviest foundations
may be laid on such a base.

Marcus Vitruvius, Roman Architect and Engineer
1st century RC.

(as translated by Morgan, 1914)

Chapters 11 to 16 covered various structural, geotechnical, and construction aspects of
deep foundation design. This chapter shows how to synthesize this information and de
velop a comprehensive design.

The process of designing and building deep foundations differs from those used for
other structural elements, such as girders or columns, because the final design depends on
the soil conditions encountered during construction. As a result, the design shown on the
project drawings is tentative, and often changes during construction. For example, the
drawings may indicate a certain pile is to be embedded 15 m into the ground, but the soil
conditions may be harder or softer than anticipated, and thus require a different "as-built"
pile length. Such changes are common, even routine, in deep foundation construction.

In addition, deep foundation design requires careful coordination between geotech
nical, structural, and construction engineers. Each of these parties has expertise to con
tribute, but none can work in isolation from the others .

619
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17.1 DESIGN SERVICE LOADS AND ALLOWABLE DEFORMATIONS

The design process begins with defining the service loads. These are the loads the struc
ture imparts onto the foundation, and are determined using the techniques described in
Chapter 2. They can include downward, uplift, moment, and/or shear loads, and should be
expressed both as the unfactored loads (i.e., the largest of Equations 2.1, 2.2, 2.3a, and
2.4a) and as the ACI factored loads (i.e., the largest of Equations 2.7-2.17).

This also is the time to determine the allowable total and differential settlements,

which may be evaluated using the techniques described in Section 2.3 or by some other

suitable analysis. If lateral loads are present, the allowable lateral deflection also must be
defined. Buildings, bridges, and other similar structures typically can tolerate no more
than 5 to 20 mm (0.25-0.75 in) of lateral deflection in the foundation.

These tasks are clearly within the domain of the structural engineer, who will use
the results to design the individual foundations. The structural engineer also must transmit
the allowable settlements and lateral deflections and the range of design loads to the geo
technical engineer who will use this information to guide the subsurface characterization
program and develop the geotechnical design parameters.

17.2 SUBSURFACE CHARACTERIZATION

Next, the geotechnical engineer uses the techniques described in Chapter 4 to characterize
the subsurface conditions at the site. Because deep foundations generally carry heavier
loads and often support more important structures, the subsurface investigation program
is usually more intensive than those performed for shallow foundations. At least some of
the exploratory borings must extend well below the toe elevation of the proposed founda
tions, so the geotechnical engineer must have at least a preliminary notion of the founda
tion depths even before drilling the borings.

In addition to providing the necessary soil and rock parameters for computing axial
and lateral load capacities and driveability, the subsurface investigation program also pro
vides much of the information needed to select the optimal type of deep foundation.

If possible, the subsurface investigation program also should include research on
deep foundations that have already been built in the vicinity, and the nature of any con
struction difficulties that may have occurred. For example, reports of pile foundations
reaching refusal at shallow depths may be cause for concern, especially if certain mini
mum embedment depths are required to achieve the required uplift capacity. This infor
mation might come from the geotechnical engineer's personal experience, or from
consultation with other engineers or contractors who have worked in the area.

17.3 FOUNDATION TYPE

Next, the geotechnical engineer must decide whether a deep foundation is truly necessary.
This is an important decision with far-reaching consequences, and thus should not be
taken lightly. Sometimes even large structures may be safely supported on another type of

.,
I •.;~

foundation, such as a mat. Alternatively, it may be feasible to improve the soil conditions

using techniques described in Section 18.4 so they are able to support the structure using a
shallow foundation system.

If deep foundations appear to be most appropriate, the engineer must then determine

which type to use (piles, drilled shafts, etc.). Chapter II discussed the various types of
deep foundations, and described their advantages and disadvantages. Sometimes one type
is clearly the best choice for a particular application, but more often there are many poten
tial designs, all of which may be feasible. The ultimate selection then depends on many
factors, including:

• Design Loads-Structures with heavy loads, such as major bridges or large build
ings, require different types of foundations than those with lighter loads. In addi
tion, the type of load (compression, uplift, shear, moment) also influences the selec
tion.

• Subsuiface Conditions-Sites underlain by good soil and rock require different
foundations than those with poor subsurface conditions.

• Constructibility-The foundation must be buildable using reasonable construction
methods and equipment. For example, piles or caissons would probably be the best
choice for foundations intended to support the center pier of a bridge constructed
over a major river. Either type could be built from a barge. However, drilled shaft
foundations would be virtually impossible to build at such a site.

• Reliability-The as-built foundations must be able to reliably support the applied
loads. Certain foundation types might not be good choices at certain sites, because
the subsurface conditions might not be conducive to construction of reliable foun
dations.

• Cost-The cost of construction must be kept to a minimum, commensurate with the
other requirements.

• Availability of materials, equipment, and expertise-Both piles and drilled shafts
are viable options in all but the most remote locations because of the large number
of contractors who are able to build these foundations. However, some of the other

types may not be readily available in certain areas. For example, auger-cast piles are
very commonly used in the southeastern United States, and can be specified without
concern about the availability of qualified contractors. However, this type is rarely
used in California, so suitable equipment and expertise would probably need to be
brought in from far away, and thus be more expensive.

• Local experience and precedent-Most projects are near other structures with simi

lar foundation requirements. Methods that have been successful on these past pro
jects are often favored over untried methods.

Although this task is primarily within the geotechnical engineer's domain, it should

be performed in consultation with the structural engineer. In some cases, it is also appro
priate to consult with a contractor .
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Figure 17.1 Typical format for presenting allowable lateral load capacities for a spe

cific site. These charts were developed for restrained-head steel pipe pile.s subjected to
shear loads. Other kinds of charts may be more appropriate for different conditions. Note;

This chart was developed using p-y analysis software and is based on specific soil condi

tions. It is not a generic chart for use on all sites.
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Try a group of nine 16-in diameter piles arranged in a 3x3 group and connected with a con

CJfitepile cap. If these piles are arranged 3 diameters on-center. the cap will be about 12 ft
'.f:·

Example 17.1

The design charts in Figure 17.1 have been developed for steel pipe piles at a certain site.
One of the proposed columns at this site will impart a downward load of 1300k and a shear
load of 110 k. The allowable lateral deflection is 0.5 in. The upper soils have an allowable
equivalent passive fluid density of 300 lb/fe. Determine the required number of piles, along
with their diameter and wall thickness.

Solution

Deep foundations are very slender structural members, and thus do not transmit lateral
loads as efficiently as axial loads. When lateral loads are present, they often dictate the re
quired foundation diameter, so it is usually most efficient to begin the design process by
addressing the lateral load capacity.

Begin by considering the column with the greatest design lateral load and estimating
the size and number of foundations required to support this load. For example, the design
engineer might estimate a group of nine 16-inch diameter steel pipe piles will be required.
This initial design is based primarily on engineering judgement, and serves as a starting
point for the design process. If a group of foundations is being considered, the design
loads should be distributed to the individual foundations as discussed in Section 16.6, then

the analysis process should continue by examining a single foundation in the leading row.
The lateral load capacity analysis should usually be performed using the p-y

method, as described in Chapter 16, and should assume the foundations are embedded at a
sufficient depth to be considered fixed at the bottom. For relatively flexible foundations,
such as timber piles, this corresponds to a depth of at least 20 diameters. For relatively
stiff foundations, such as those made of steel or concrete, the depth should be at least 35
diameters. The actual design depths will be determined later.

In the case of steel pipe piles, the objective of this analysis is to determine the re
quired wall thickness to satisfy the strength and serviceability requirements, as discussed
in Chapter 16. Based on the results of this analysis, the initial design may need to be mod
ified. For example, if the required wall thickness is excessive, the engineer may choose to
use larger diameter pipes, or more piles per group. Other foundation types have different
parameters that can be adjusted.

In major structures with relatively few foundations, such as large bridges, the engi
neer repeats this design process for the remaining foundations, thus developing a custom
design for each. However, for structures with more foundations, such as most buildings, it
is usually more convenient to develop lateral load design charts, such as those shown in
Figure 17.1, which then can be used to design the remaining foundations. These charts fa
cilitate the evaluation of various design alternatives, and thus simplify the design process.
Typically the geotechnical engineer develops these charts, then the structural engineer
uses them to design specific foundations.

17.4 LATERAL LOAD CAPACITY
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wide and 3 ft deep. Therefore, the lateral resistance acting on the side of the pile cap would
be:

V/a = 0.5 A,,BD2 = (0.5)(300)(12)(32) = 16.2001b

Therefore, the piles must resist a 110- 16= 94 k shear load. Using the alternative simplified
method of distributing shear loads. as discussed in Section 16.6, there are 12 shares and the
shear load acting on one of the piles in the leading row is (94/12)(2) = 16k. The downward
load is evenly distributed. and is 1300/9= 144k/pile.

Try pp 16x 0.75 piles (A = 35.93 in2)

•. = ~ = _144_,oo_O_I_b= 4008Ib/in'
la A 35.93 in2

If we use A36 steel with Fa = F" = 0.35 F,. = 12,600Iblin2, then we can use Equation 12.5 to
compute the maximumallowableIh:

1" Ih 4008 j" /. ,- + - :s I -+ -- + -- :s I -+ j" :s 8592 lb m-
Fa F" 12,600 12.600

According to Figure 17.1. a 16 k shear load on a pp 16 x 0.75 pile at this site will produce
Ih = 6000 Ib/in2 and a lateral deflection of only 0.08 in. Further trials will demonstratethat a
pp 16x 0.50 pile would be overstressed.

Therefore. use nine pp 16 x 0.75 piles <= Answer

This design could be further refined using the p-multiplier method describedin Section 16.6.

17.5 AXIAL LOAD CAPACITY

sive to use other design methods on smaller projects, even if they result in more conserva
tive designs.

For high-capacity foundations, statnamic tests or Osterberg tests are often more
economical than conventional static load tests. Another alternative is to drive pre
construction prototype indicator piles, monitor them using a pile driving analyzer, and
perform a CAPW AP analysis. All three of these methods are often cost-effective, espe
cially when multiple foundations need to be built, and can save time.

Analytic Methods

Regardless of whether or not a pre-construction load test is performed, the geotechnical
engineer virtually always develops foundation designs using the analytic methods de

scribed in Chapter 14. These methods can easily consider various diameters and ~ngths,
and thus can be used to design a wide range of foundations. If load test data is available, it
can be used to calibrate the analytic methods, thus producing a design with a lower factor
of safety. The analysis is almost identical if load test data is not available, except the fac
tor of safety is higher to reflect the greater uncertainty.

The results of these analyses are typically presented as a design chart, such as the
one in Figure 17.2. Such charts should consider a range of foundation diameters consis
tent with the results of the lateral load capacity analysis, and a range of lengths consistent
with the design loads. Typically the geotechnical engineer develops this chart, then the
structural engineer uses it to design the individual foundations.

If settlement is a concern, it also should be addressed at this stage. Settlement analy
ses may be performed using the techniques described in Section 14.7. If necessary, the de
sign chart may need to be modified to satisfy settlement requirements.
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Figure 17.2 Typical design chart for al

lowable downward axial load capacities.

This chart was developed using a particular

soil profile. and is applicable only to that

profile. It is not a generic chart for use on
other sites. The allowable uplift capacity

may be presented as a separate design chart.

or as a stated percentage of the downward

capacity.

Pre-Construction Full-Scale Static Load Tests

The most reliable method of designing deep foundations is to conduct one or more full
scale static load tests at the site of the proposed structure, as discussed in Chapter 13. Ide

ally, these tests should be conducted during the design stage so the results can be used to
develop the design shown on the contract drawings. This method should produce a design
that has the lowest construction cost, and the least number of changes during construction.

Unfortunately, pre-construction load tests are very expensive because they require
an extra mobilization and demobilization of the construction equipment: Typically such

tests also require a special construction contract because they are performed months be
fore the production foundations are installed. As a result, pre-construction load tests are
probably cost-effective only on large projects with expensive foundation systems, as dis
cussed in Section 13.7. For smaller projects, the cost of conducting pre-construction load
tests often exceeds the benefit gained from the test. In other words, it may be less expen-

1..

The next step in the design process is to evaluate the geotechnical axial load capacity. The
objective is to determine the 'required number of deep foundations and their depth of
embedment.
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Example 17.2 Cost

Problems

The axial load capacity design chart in Figure 17.2 has been developed for the site described
in Example 17.1. Using this chart, determine the design embedment depth.

Solution

According to this chart, 40-ft deep piles are needed to resist the design load of 144 k.

Therefore, use nine pp 16 x 0.75 piles driven to a depth of 40 ft <= Answer

17.6 DRIVEABILlTY

Capacity
Problems

SEISMIC DESIGN

Figure 17.3 Improperly designed pile foundations can have capacity problems (they

cannot properly suppon the design loads). driveability problems Ithey are too difticult to

install) or cost problems (they are too expensive). An overly conservari\"c design normally

has cost and/or driveability problems. whereas an unconscrvative design has capacity

problems. The optimum design falls within the triangular window.

The design of deep foundations in seismic ally active regions must consider the earth
quake loads imparted by the structure, the ability of the soil to absorb these loads, and any.
seismically-induced degradation of the soil. In some cases, these considerations control
the foundation design, and thus can be very important.

Drivcabilit:
Problems

----,)0- Too ConservativeToo Unconservative -(----

The structural engineer also must be sure the foundations have sufficient structural
integrity, and does so using the principles described in Chapter 12. Pile caps and grade
beams also are designed at this stage.

The results of this effort are presented in the form of design drawings and specifica
tions. The drawings indicate the number, size, spacing, and anticipated depth of founda
tions for each column, and the specifications provide other design information, such as
material strengths, special procedures, and so forth. The completed design drawings
should be sent back to the geotechnical engineer for review, to be sure the geotechnical
design recommendations have been properly implemented. On difficult projects, it may
be helpful to also have the drawings reviewed by a construction engineer.

Once they have been finalized, these drawings and specifications become part of the
complete design package, which is presented to the contractor. It is important that these
documents be correct and complete, because they become a key element in the contract
between the owner and the contractor.

17.8
At this stage, the geotechnical engineer's design recommendations have been prepared in
a formal report and presented to the structural engineer, who then uses them to design the
foundations for each column. In other words, this stage of the design process combines
the design loads with graphs such as those in Figures 17.1 and 17.2 to determine the size,
number, and depth of foundations needed to support each part of the structure.t

If pile foundations are being designed, the geotechnical engineer also should perform a
driveability analysis using the wave equation method, as discussed in Chapter 15. The
purpose of this analysis is to determine if the proposed piles can be driven using typical
construction equipment and techniques without overstressing the pile and without requir
ing an excessive blow count. Normally the contractor has not yet been selected, so the en
gineer must estimate the hammer size and other parameters for the analysis. This is one of
the many reasons why design engineers must be familiar with construction methods!
Even though the actual driving equipment to be used is not yet known, a driveability
analysis at this stage should produce useful results, and it is an important check to help
avoid construction problems. If this analysis indicates potential driveability problems, the
design must be revised accordingly. For example, in the case of the steel pipe piles, it may
be necessary to use a greater wall thickness than required to resist the service loads.

Driveability problems may indicate an overdesigned foundation. For example, foun
dations designed using a factor of safety that is too large will have a larger diameter and/or
greater depth of embedment than necessary to support the structural loads, and such a
foundation may be correspondingly difficult to build. In this case, increasing the structural
capacity (such as increasing the wall thickness) may make the piles driveable, but often at
a premium price. Figure 17.3 shows the relationship between capacity problems, drive
ability problems, and cost problems, and the optimum design window that avoids all three.

If the engineer finds it difficult to achieve adequate capacity and drive ability with
out creating cost problems, it may be necessary to conduct full-scale load tests, CAPW AP
analyses, or other means of justifying a lower factor of safety. Alternatively, the best solu
tion may be to use some other type of foundation, such as drilled shafts.

17.7 STRUCTURAL DESIGN
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The vast majority of earthquake-related deep foundation failures have been the re
sult of seismic liquefaction of the soils around or beneath the foundation (Martin and
Lam. 1995). If liquefaction occurs beside the foundations. the resulting loss of support
can cause excessive lateral movements and tlexural failure. If liquefaction occurs below
the foundations. excessive settlement or rotation of the pile cap may occur.

If the ground surface is not level. such as in the vicinity of bridge abutments. the
liquefied soil often moves laterally creating a phenomenon known as a lateral spread.
This moving soil typically pushes deep foundations out of position. which can produce
catastrophic failures (Bartlett and Youd. 1992). Figure 17.4 shows one such failure. Lat
eral spreads have occurred even on gently sloping ground. and therefore must be carefully
evaluated.

If the liquefiable soils are confined to shallow depths and do not pose a lateral
spread hazard. it might be possible to ignore their load-bearing capacity and design deep
foundations accordingly. However. extensive zones of liquefied soil are very difficult to
accommodate in the design. especially if they extend to significant depths. In those cases.
it may be necessary to employ soil improvement methods to remediate the liquefaction
hazard.

Very few seismically-induced deep foundation failures have occurred in non
liquefiable soils. probably because of the high factors of safety typically used in deep
foundation design. Nevertheless. foundation designs in these soils must still provide suffi
cient strength. stiffness, and ductility to resist seismic loads, and these considerations can

Figure 17.4 The Showa Bridge in Niigata. Japan. cottapsed due to the formation of tat

eral spreads in the underling sods during the 1964 earthquake. These lateral spreads

pushed the pite foundations out of position. thus removing support from the simpty

supported deck (Earthquake Engineering Research Center Library. University of Califor

nia. Berkeley. Steinbrugge Collection).

.~.

have a significant impact on the final design. Seismic considerations are especially impor
tant when existing structures are being upgraded to meet new seismic design criteria.

Much of the emphasis in seismic design is on lateral loads. which are typically eval
uated using p-y analyses as described in Chapter 16. These analyses usually treat the seis
mic load as an equivalent static load, but adjust the soil properties to account for dynamic
effects. Two important considerations must be included in these analyses:

1. The cyclic lateral loading produced by earthquakes can cause a softening of the p-y

curves. even if no liquefaction occurs, which results in additional lateral detlection.

2. Sometimes cyclic loading and the resulting lateral movements produce a tapered
gap in the soil surrounding the upper portion of the foundation. as shown in Figure
17.5. This phenomenon is especially important in clays. and can be modeled in a
p-v analysis.

The axial load capacity. both downward and upward. also can be an important part
of seismic design. and controls the moment ca'pacity of pile groups. In addition. excessive
settlement or heave can cause significant rotations of pile caps. which can damage the su

perstructure. In some cases. especially with bri?ges. these considerations can be more im
portant than the lateral load capacity (Martin and Lam. 1995). The axial capacity and
movement are typically evaluated using the techniques for static loads, as discussed in the

Figure 17.5 This pile. which supported a bridge near Watsonvittc. California. moved

laterally during the 1989 Lama Prieta Earthquake. creating a gap nc{wcen the pile and the

soil. The size of this gap is an indication of the excessive lateral deflections thilt occurred

during the earthquake (Lama Priera Collection. Earthquake Engineering Research CClltCr.

University of California. Berkeley) .
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preceding chapters, with appropriate consideration for dynamic effects, liquefied zones,
and soil gaps.

The structural design of concrete piles and drilled shafts must consider special code
requirements as outlined in ACI Section 21.8. These requirements are intended to provide
continuous load paths for seismic forces and appropriate detailing in the reinforcing. It is es
pecially important to provide a ductile connection between these foundations and their cap.

17.9 SPECIAL DESIGN CONSIDERATIONS

Sometimes deep foundations must be designed to accommodate special considerations.
Two of the most common are scour and downdrag.

Scour

Scour is the loss of soil because of erosion in river bottoms or in waterfront areas. This is

an important consideration for the design of foundations for bridges, piers, docks, and
other structures because the soils around and beneath the foundations could be washed

away. Section 8.8 discusses the consequences of scour in more detail.
A hydraulic evaluation forms the basis for estimating the scour zone, which can

extend several meters below the river bottom. All foundations must extend below any po
tential scour zone, so deep foundations (usually piles) are usually necessary. These foun
dations must be designed to safely support the design loads even if the upper soils are lost
to scour.

Piles are normally driven at such sites before the scour occurs, so driveability is
governed by the unscoured soil profile, while design capacity is governed by the post
scour soil profile. This difference narrows the optimum design window of Figure 7.3,
making it difficult to simultaneously meet both driveability and capacity requirements.

Scour also reduces the lateral load capacity of piles because the upper soils are no
longer present to provide lateral support. In other words, the distance from the structure to
the ground surface becomes greater, so the moments in the piles increases. Therefore, it
becomes necessary to use larger pile sections or battered piles to support the lateral loads.

Downdrag

Engineers often need to build structures on fills underlain by soft soils. The weight of
these fills causes the underlying soils to consolidate, thus producing settlement at the
ground surface (see Chapter II in Coduto, 1999). If the structure is supported on deep
foundations that penetrate through the fill and soft soil and into underlying stiff soil, these
foundations will remain roughly in place while the upper soils settle around it. This down
ward soil movement creates a corresponding side-friction force known as downdrag. Un
fortunately, this force is now a load rather than a resistance. In addition, it can be large,
and thus becomes a significant design issue. Section 18.! discusses downdrag loads in
more detail.

t !

17.10 VERIFICATION AND REDESIGN DURING CONSTRUCTION

Deep foundation design drawings are normally bound with the remaining drawings, and
may appear to be no different than floor plans, structural connection details, or the many
other structural and architectural drawings. It may seem that completing these drawings
and the related specifications signals the end of the design process, and that the contractor
must simply build the deep foundation as shown on the drawings. However, this is not the
case. The design of deep foundations continues throughout construction, not because
there was any deficiency in the original design, but because all of the information needed
for design was not yet available.

The as-built foundations may be significantly different from those shown on the
design drawings. These differences are primarily due to the differences between the sub
surface conditions anticipated in the design and those actually encountered during con
struction. For example, the foundation may be designed to develop toe bearing in a certain
stratum, but the depth to that stratum inevitably varies across the site. Thus. the as-built
depth of embedment cannot be determined until the foundation is actually being built. In
the case of piles. this might be based on blow counts, while with drilled shafts it is based
on the soil types extracted by the auger. This is why the geotechnical engineer (and to a
lesser degree the structural engineer) continue to play an active role during construction,
and why the as-built foundations are often substantially different from those shown on the
design drawings. In fact, deep foundations built exactly as designed are the exception
rather than the rule.

Wave Equation Analysis

If pile foundations are being used, a second wave equation analysis should be performed
before construction begins. This analysis should use the characteristics of the contractor's
driving equipment, and is intended to serve the following purposes:

• To help the contractor select the optimal driving equipment

• To identify and resolve potential drive ability problems

• To develop a bearing graph to be used in construction control

Construction Observation and Testing

During construction, the geotechnical engineer has a representative on site to observe the
construction process. This field engineer has two primary responsibilities: to confirm that
the as-built foundations satisfy the intent of the design drawings and specifications, and to
note the need for changes in the design as a result of changed subsurface conditions.
Small design changes are typically made immediately, while more substantive changes
require consultation with the geotechnical engineer and/or the structural engineer.

If no full-scale load tests were performed prior to construction, the engineer may
chose to conduct one or more tests immediately before construction of the production
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foundations. Such tests are significantly less expensive because they do not require an
extra mobilization and demobilization of the pile driving equipment and crew, yet they
still provide the data needed to justify a lower factor of safety. However, if the test results
are not as anticipated, it is more difficult to change the design at this stage because the
production piles have already been ordered. Such changes are especially difficult with
concrete piles because they are much more difficult to splice (if too short) or cutoff (if too
long).

If piles are being used, another alternative is to drive special indicator piles at the
beginning of construction. These are full-scale piles installed using the production driving
equipment and monitored using high strain dynamic testing methods as discussed in Sec
tion 15.3. The Case Method is used most frequently because it is much less expensive
than a load test, yet provides good information on pile capacity. The data obtained from
these indicator piles is then used to reevaluate the design and to provide driving criteria
for the production piles.

The field engineer uses the driving criteria (which is primarily in the form of a bear
ing graph) with a knowledge of the design parameters to determine the final penetration
depth for each production pile, Sometimes the piles must be driven until a certain blow
count is achieved, while other times it must be driven a certain distance into a specific
stratum. In clays, it may be necessary to occasionally obtain retap blow counts by redriv
ing piles after the excess pore water pressures have dissipated and setup has occurred.
Sometimes additional Case Method analyses are performed on some of the piles as an
other check on capacity.

For drilled shaft foundations, the field engineer observes the soils being excavated
and compares them to the anticipated soil conditions. If necessary, the depth of the shaft
may be changed to accommodate the actual subsurface conditions. The field engineer also
checks for a variety of construction procedures, especially those that might impact caving
or other similar problems. With end bearing shafts, the contractor must confirm that the
bottom is clean and free of debris before placing the concrete. In dry holes, it may be pos
sible to shine a light down the hole and observe the bottom from the ground surface. A va
riety of remote techniques have also been used, especially down-hole video cameras.
Holden (1988) describes a down-hole camera equipped with water and air jets that is ca
pable of observing the bottom of holes drilled under bentonite slurry.

17.11 INTEGRITY TESTING

An increasingly common part of deep foundation construction, especially with drilled
shafts, is post-construction integrity testing. The purpose of these integrity tests is to con
firm that the as-built foundation is structurally sound, and does not contain any significant
defects.

The best defense against construction defects is to use only experienced and con
scientious contractors, and to use sufficiently thorough and competent construction in
spection methods implemented by qualified personnel. Unfortunately, even with these
precautions, construction defects can occur, especially when working in difficult soil con-
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ditions. Such defects are especially important in drilled shaft foundations that use only
one shaft per column, because they lack the redundancy of a group of foundations.

Integrity tests include a variety of nondestructive methods for evaluating the quality
of a completed foundation (Litke, 1986; Hertlein, 1992). These methods include the fol
lowing:

• Sonic logging: Install two vertical tubes (usually PVC pipe) in the drilled shaft be
fore placing the concrete. Once the shaft is completed, lower a compression wave
source down one tube and a receiver down the other while taking readings of the
wave propagation through the shaft. Any voids will show up as anomalies in the
wave propagation pattern.

• Nuclear logging: This method, also known as gamma-gamma logging, is similar to
sonic logging except that it uses radiation instead of compression waves. Christo
pher. Baker, and Wellington (1989) describe a case history.

• Vibration analysis: This consists of placing a mechanical vibrator at the top of the
completed foundation and varying the frequency to determine the natural frequen
cies and impedance of the shaft.

• Stress-wave propagation: This may be the most common method of integrity test
ing because it is reasonably reliable (except in marginal cases), quick, and relatively
inexpensive. It consists of tapping the top of the completed foundation with a mallet
and using accelerometers to monitor the stress waves it creates at the top of the
foundation. The required equipment is shown in Figure 17.6. The accelerometers

Figure 17.6 Equipment lIsed in the stress propagation methou of integrity testing (Cour
tesy of Pile Dynamics. Inc.),
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can be located at the top of the shaft or embedded within it (Hearne, Stokoe, .and
Reese, 1981 and Olson and Wright, 1989).

This method is able to detect large defects, say, those that are on the order of
twenty percent of the cross-sectional area. However, it will probably not reveal
smaller defects because they do not generate a sufficiently strong reflection.

• Tomography: This technique is being used for medical purposes to produce
three-dimensional images of the human body. Some researchers have suggested this
method might be applied to drilled shafts, thus producing a three-dimensional
image of the entire shaft and showing even the smallest defects. However. major
technical hurdles must be overcome before this method becomes usable.

Vocabulary

Constructibility

Design chart

Downdrag

Driveability

Indicator pile

Integrity testing

Scour

Seismic liquefaction

Other methods of integrity testing are also possible, such as full scale load tests (too
expensive to use in quantity) or coring the foundation top-to-bottom (expensive and easy
to miss defects), or dynamic load tests.

SUMMARY

Major Points

1. The process of designing deep foundations differs from that of most structural ele
ments in that it does not end with completion of the design drawings. The design
often changes during construction to reflect the subsurface conditions actually en
countered in the field.

2. The proper design of deep foundations requires careful coordination between geo
technical, structural, and construction engineers.

3. The geotechnical engineer has the primary responsibility for evaluating the axial
and lateral load capacity of the foundations. The results of the geotechnical analyses
are usually presented as design charts

4. The structural engineer is usually responsible for designing the individual founda
tions, and does so using the design charts provided by the geotechnical engineer. In
addition, the structural engineer develops a design that has sufficient structural in
tegrity.

5. The design of deep foundations subjected to seismic loads must consider both the
transfer of these loads into the ground and the earthquake effects on the surrounding
soil. Most seismically-induced failures have been caused by soil liquefaction.

6. Some deep foundation designs must consider scour, downdrag, or other special is
sues.

7. A field engineer should be present when deep foundations are constructed. He or
she has authority to revise the design as needed to achieve the design objectives.

8. In some cases, completed foundations are checked for stuctural integrity using a va
riety of non-destructive testing methods.
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17.1 You are the foundation engineer for a new baseball stadium that is now under construction.

The design drawings indicate the stadium will be supported on a series of steel H-piles. and
provides the "estimated toe elevation" for each pile. However, during construction it became

necessary to drive many of the piles to greater depths. which resulted in a signiticant increase
in the construction cost. The owner (who knows a great deal about baseball. but little about

foundations) is very unhappy about this additional cost. His construction manager has advised
the owner to pay the invoice. but so far the owner has refused. Therefore. the construction

manager has asked you to write a 300- to 500-word letter to the owner explaining the situation
and encouraging him to pay for the extra pile expense.

Keep in mind that the owner is a layperson who should be trusting the judgement of his
construction manager but is too strong-willed to stay in the background. At the moment he
does not intend to approve the extra payment to the foundation contractor. which could even

tually lead to an expensive and time-consuming lawsuit. A well-written letter by you could
diffuse the situation and avoid litigation.

17.2 What are indicator piles. and how do they benetit the foundation design process?

17.3 Many engineers believe the only disadvantage to overdesigning pile foundations is the addi

tional cost of the pile materials. However, there is another important consequence of overde
sign which can significantly affect construction cost and may even make the foundation
impossible to build. What is this consequence and how can it be avoided?

17.4 Under what circumstances would you most likely require integrity testing of newly
constructed drilled shaft foundations?

17.5 Redo Examples 17.1 and 17.2 using nine 18-inch diameter piles, then using the following as
sumptions determine which design would be less expensive to build:

1. The pile caps represent 20 percent of the total construction cost. and is the same for both
designs. The remaining 80 percent is the pile construction cost. which is different for each
design.

2. Half of the pile construction cost is materials and half is installation.

3. The materials cost is proportional to the total weight of steel.

4. Mobilization and demobilization represent 20 percent of the pile installation cost. and will
be independent of the amount of piling to be driven.

5. The remaining portion of the pile installation cost is proportional to the total feet of piles
to be driven.
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17.6 A set of cell-phone antennas are to be placed on a 12-inch diameter "monopole" steel tower,
which will be supported on a single drilled shaft foundation. The unfactored design loads act
ing on the top of this foundation are as follows: Po = 47 k, Vw = 72 k, Mw = 7100 in-k. The
underlying soil is a stiff plastic sandy clay with s" = 3000 Ib/ft2 and an allowable lateral bear
ing pressure of 300 Ib/ft2 to a maximum of 4500 Ib/ft2 The ground water table is at a depth of
60 ft. Select appropriate values off,' and!,., and develop a design for this drilled shaft. Use the
IBC rigid analysis for the lateral load design. Your design should show all relevant dimen
sions and reinforcement. and should include the anchor bolts required to connect the mono

pole tower. You may use any appropriate number and spacing of anchor bolts. There is no
restriction on lateral deflection, so the lateral design needs to be based only on strength con
siderations.

17.7 Solve Problem 17.6 using p-y analysis software instead of the !BC rigid analysis formulas.

Develop a moment diagram and determine appropriate cutoff points for the reinforcing steel.
Discuss the differences between this design and that developed in Problem 17.6.

.~,
1
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Special Topics
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Foundations on Weak
and Compressible Soils

As the correct solution of any problem depends primarily on a true
understanding of what the problem really is, and wherein lies its
difficulty, we may profitably pause upon the threshold of our subject to
consider first, in a more general way, its real nature; the causes which
impede sound practice; the conditions on which success or failure
depends; the directions in which error is most to be feared.

A. M. Wellington, 1881

As cities grow and land becomes more scarce, it often becomes necessary to erect build
ings and other structures on sites underlain by poor soils. These sites are potentially trou
blesome, so the work of the foundation engineer becomes even more important.

The most common of these problematic soils are the soft, saturated clays and silts
often found near the mouths of rivers, along the perimeter of bays, and beneath wetlands.
These soils are very weak and compressible, and thus are subject to bearing capacity and
settlement problems. They frequently include organic material, which further aggravates
these problems.

Areas underlain by these soft soils frequently are subject to flooding, so it often be
comes necessary to raise the ground surface by placing fill. Unfortunately, the weight of
these fills frequently causes large settlements. For example, Scheil (1979) described a
building constructed on fill underlain by varved clay in the Hackensack Meadowlands of
New Jersey. About 10 in (250 mm) of settlement occurred during placement of the fill,
0.5 in (12 mm) during construction of the building, and an additional 4 in (100 mm) over·
the following ten years.

In seismic areas, loose saturated sands can become weak through the process of liq
uefaction. Moderate to strong ground shaking can create large excess pore water pressures

639
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in these soils, which temporarily decrease the effective stress and shear strength. One of
the most dramatic illustrations of this phenomenon occurred in Niigata, Japan, during the

DDDDD
1964 earthquake. Many buildings suddenly settled more than I m (3 ft), and these settle-

DDDDD
ments were often accompanied by severe tilting (Seed, 1970). One apartment building

tilted to an angle of 80 degrees from the vertical!
DDDDD

Fortunately, engineers and contractors have developed methods of coping with these problematic soils, and have successfully built many large structures on very poor

1 fj fn1 fj fj fFill
sites. These methods include the following, either individually or in combination: nj fnj ~j ~1 ~

• Support the structure on deep foundations that penetrate through the weak soils.

nj ~nj ~j ~n
• Support the structure on shallow foundations and design them to accommodate the

j ~j ~j ~nj ~j ~
weak soils.

Weakaod

• Use a noating foundation, either deep or shallow.

j ~
j ~j ~1 ~j fj fCompressible

Downdrag

Soils

• Improve the engineering properties of the soils.
Loads "" j fj ~j fj ~0n

j ~

j ~j ~nj ~j ~

18.1

DEEP FOUNDATIONS nj ~j fn0n

One of the most common methods of dealing with poor soils is to use deep foundations
that penetrate down to stronger soils or bedrock, as shown in Figure 18.1. Thus, the struc
turalloads bypass the troublesome soils. Although deep foundations often perform well,
the engineer must be conscious of two potential problems: downdrag loads and the inter
face between the structure and the adjacent ground.

Downdrag Loads

Construction on sites underlain by soft soils often requires placement of fills to raise the
ground surface elevation. The reasons for placing these fills include:

• Providing protection against nooding from nearby bodies of water

• Providing sufficient surface drainage to accommodate rainfall and snow melt

• Accommodating grade changes, such as the approach fills to a bridge

• Providing a firmer layer of soil to support pavements and other lightweight im
provements

Structures to be placed on these fills might still be supported on deep foundations,
which are typically installed after the fill is placed. These foundations normally extend
through the fill and soft soils, and into underlying firmer soils.

The weight of these fills causes consolidation in the underlying soils, so the fill and
the soft soil move downward. However, if the deep foundations are suitably supported by
the underlying soils, they experience very little settlement. Because of this downward
movement of the soil with respect to the foundations, the side friction force in the upper
zone now acts downward instead of upward, and becomes a load instead of a resistance,
as shown in Figure 18.1. This load is known as the downdrag load, or the negative skin

.,
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Fi~ure 18.1 Bypassing weak and compressible soils using deep foundations; formation

of downdrag loads.

friction load. It can be very large and may cause excessive settlements in the foundations
(Bozozuk, 1972a, 1981).

Because of the variations in soil properties, fill thickness, and other factors, down
drag loads are usually greater on some foundations beneath a structure and less on others.
This can cause differential settlements, and, in severe cases, these loads may pull some of
the piles out of their caps. Although downdrag loads are most pronounced in soft soils
and the overlying fills, they will develop whenever the soils are moving downward in re
lation to the pile. Only a few millimeters of relative movement is required to mobilize the
full side friction resistance (as discussed in Chapter 13), so downdrag can even occur in
moderately stiff soils if the toe of the pile is bottomed in bedrock.

Downdrag loads also can develop if the groundwater table drops to a lower eleva
tion. even if no fill is placed, because this reduction in pore water pressure increases the
effective stress and causes consolidation.
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.Ji Fi~ure JR.: Method of locating the neutral plane (Adapted from Fellenius. 1999).'/

To compute the magnitude of downdrag loads, use the 13 method as described in
Chapter 14, along with Equation 14.22. The 13 values are the same as those for side fric
tion, except the force acts downward instead of upward.

To design the foundation, determine the location of the neutral plane as shown in
Figure 18.2. This plane is located at the point on the foundation where there is no relative
movement between the soil and the foundation (Fellenius, 1999). In other words, the

downdrag load acts from the ground surface to the neutral plane, and the side-friction re
sistance acts below the neutral plane.

To develop the plot in Figure 18.2, begin at the top of the foundation and mark the
applied downward load. This value should include only the dead load, because live, wind,
and seismic loads have durations that are too short in duration to impact this analysis.
Then compute the downdrag load at various depths and develop a plot of applied plus
downdrag load vs. depth.

Next, mark the ultimate toe bearing capacity at the bottom of the foundation, and
compute the ultimate side friction capacity at various depths. Use this data to develop a
plot of resistance vs. depth. The neutral plane is located at the point where these two plots
intersect, and the load at this point is the greatest compressive load in the foundation. The
structural design should be based on this load.

There is some difference in opinion on how to evaluate the geotechnical downward
load capacity of deep foundations subjected to downdrag loads. Usually the downdrag
load is subtracted from the allowable downward load capacity determined from Equation
13.4. In some cases, this approach results in a substantial reduction in' the allowable
downward load capacity, which means additional foundations or longer foundations will
be needed to support the structure.

Figure 18.3 These prestressed concrete piles will support a bridge abutment. They ex

tend above the ground surface because the abutment fill has not yet been placed. Since the

underlying soils are compressible. and will settle due to the weight of the till. the piles

have heen wrapped with lubricated polyethylene sheets to reduce t.he downdrag forces be

tween the piles and the fill. The next stage of construction will consist of building a me

chanically stabilized earth (MSE) wall around these piles and hackfilling it to

approximately the height of the piles (Photo hy Dr. Kamal Tawfiq) .

• Coat the pile with bitumen, thus reducing the coefficient of friction (Bjerrum et aI.,
1969; Tawfiq and Caliendo, 1994). This method is very effective, so long as the pile
is not driven through an abrasive soil. such as sand. that might scrape off the bitu
men coating.

Drive the piles before placing the fill, wrap the exposed portions with lubricated
polyethylene sheets or some other low-friction material as shown in Figure 18.3,
and place the fill around the piles.

Use a large diameter predrill hole. possibly filled with bentonite, thus reducing K.

Use a pile tip larger in diameter than the pile, thus making a larger hole as the pile is
driven.

An alternative approach (Fellenius, 1998) argues the downdrag load is detrimental
to the geotechnicalload capacity of a deep foundation only if it induces excessive settle
ment. Therefore, he recommends conducting a settlement analysis. If the toe of the foun
dation is supported by firm soil or bedrock, the downdrag load will not induce significant
foundation settlement and thus should not be subtracted from the geotechnicalload capac
ity. In addition. Fellenius argues that live loads cause enough settlement to temporarily re
verse the direction of relative movement between the foundation and the soil, so

downdrag load and the live load will never act simultaneously.
If the design downdrag loads are large enough to significantly impact the founda

tion design, engineers often consider implementing one or more of-the following down
drag reduction techniques:
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Figure 18.5 Use of spreaJ footillgs to surr0rl slrw.:lurcs on fills 1IllJ~rlain hy weak soils.
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Coping with Settlement Problems

Thus, properly designed deep foundations can safely support a structure on a soft
ground site, but they also introduce new problems of downdrag loads and structure/
ground separation. Such foundations can also be very expensive. especially for light
weight structures. because the downdrag loads may be greater than the structural loads.

One way to cope with settlement problems is to place the fill. and then delay construction
of the structure until most of the settlement has occurred. This method is reliable and in

expensive, but may require many years of waiting. However, it also is possible to acceler
ate the settlement process using surcharge fills, as described in Section 18.4.

Another method is to design the structure to accommodate large settlements. An air
line terminal building at LaGuardia Airport in New York City (originally built to serve

To avoid the problems with downdrag loads and structure/ground separation, some engi
neers have used shallow foundation systems (either spread footings or mats), as shown in
Figure 18.5. These are especially suitable for lightweight structures.

Lightly loaded foundations located in a fill probably will not have bearing capacity
problems. However. they may be subjected to large total and differential settlements.
Therefore, the engineer must provide a way to accommodate or avoid these settlement
problems.

18.2

i

• Drive an open-end steel pipe pile through the consolidating soils, remove the soil
plug, then drive a smaller diameter load-bearing pile through the pipe and into the
lower bearing strata. This isolates the inner pile from the down drag loads .

• Accelerate the settlement using surcharge fills or other techniques, and then install
the foundations after the settlement is complete.

Figure 18.4 The ground around this pile-supported supermarket building settled about

400 mm in twenty-five years. but the building remained at essentially the same elevation.

This required continual maintenance around the perimeter of the building. NOle the steep

slope to reach the front door and lhe spacer blocks required at the top of the footing

supported posts (which settled with lhc surrounding ground) .

.,
'.~~

Even if the problem with downdrag loads is adequately addressed. deep foundations that
extend through fills and soft soils can have another problem: As the ground settles. the
structure remains at the same elevation. Thus. a gap forms between the structure and

the ground. Settlements of 0.5 m (2 ft) or more are not unusual at a soft ground site, so the
structure could eventually be suspended well above the ground surface. This creates seri
ous serviceability problems. including access difficulties, stretched and broken utility
lines. and poor aesthetics. This problem is especially common where approach fills meet
pile-supported bridge abutments. and results in an abrupt bump in the pavement at the
edge of the bridge.

Figure 18.4 shows this type of settlement problem in a supermarket building which
was built on a pile foundation. The ground surface around this building settled about
400 mm in twenty five years, which required continual maintenance. This change in grade
required continual placement of new asphalt pavement around the building.

Interface with the Adjacent Ground
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fective stress in the soil, /la,', is very small. Nearly all floating foundations are mats or
pile supported mats.

The earliest documented floating foundation was for the Albion Mill, which was
built on a soft soil in London around 1780. It had about 50 percent flotation (i.e., the exca
vation reduced .la,' by 50 percent) and, according to Farley (1827), "the whole building
would have floated upon it, as a ship floats in water." In spite of this pioneering effort,
floating foundations did not become common until the early twentieth century. Early ex
amples include the Empress Hotel in Victoria, British Columbia, 1912; the Ohio Bell
Telephone Company Building in Cleveland, 1925; and the Albany Telephone Building in
Albany, New York, 1929.

If the dead and live loads from the structure were constant, we theoretically could
select a depth of excavation that would produce /la,' = O. However, the live load varies
over time, so the weights are not always perfectly balanced. Fluctuations in the ground
water table elevation are also important because the groundwater produces an upward
buoyancy force on submerged and dewatered basements, thus further reducing /la,'.
Therefore, we must determine the worst possible loading condition and select a depth of
excavation such that /la,' is always greater than zero.

Eastern Airlines) is a good example (York and Suros, 1989). The building site is under
lain by a 24-m (80 ft) deep deposit of soft organic clay that was covered with 6 to 12 m
(20-38 ft) of incinerated refuse fill in the late 1930s. The organic clay has a compressibil
ity, C)(ite), of 0.29 to 0.33. When the construction of this building began in 1979, the
ground surface had already settled more than 2 m (7 ft) and was expected to settle an ad
ditional 450 mm (18 in) during the following twenty years.

Other buildings at the airport are supported on pile foundations and require contin
ualmaintenance to preserve access for aircraft, motor vehicles, and people. Therefore, the
Eastern Airlines terminal building was built on a floating foundation with spread footings.
It was also designed to be very tolerant of differential settlements and included provisions
for leveling jacks between the footings and the building.

By 1988, the building had settled as much as 315 mm (12.4 in), with differential
settlements of up to 56 mm (2.2 in). However, because of the tolerant design, the structure
was performing well. The first leveling operation was planned for 1989. In this case, a
pile foundation would have been much more expensive, yet it would not have performed
as well.

This method also has been used on the terminal building at the Kansai International

Airport in Japan. This building is located on a man-made island that is underlain by very
soft marine soils. The differential settlements between the various columns are periodi

cally monitored, and extra shims are placed between the base plate and the pile cap as
needed.

Buildings with heavily loaded slab-on-grade floors, such as warehouses, also can
have problems because the floor may settle more than the footings. Thus, we must either
structurally support the floor or provide construction details that permit this differential
movement.

Another alternative is to use lightweight fill materials. The weight of the fill is usu
ally the primary cause of settlement, so it is helpful to use fill materials that have a very
low unit weight. These can consist of natural materials, such as lightweight aggregates, or
synthetics. The most common synthetic is expanded polystyrene (EPS), a plastic foam
with a unit weight of 1.2 Ib/ft3 (0.19 kN/m3). This is the same material used to make dis
posable coffee cups. In the United States, it is available in 2 x 4 x 8 ft (610 x 1220 x 2440
mm) blocks that can be stacked to form a fill (Horvath, 1992).

Some projects have involved excavating some of the upper soft soils, placing EPS,
and then covering the foam with a thin soil layer. Thus, the net increase in stress on the
natural soils can be very small. The foam can support light to moderately loaded spread
footings.

18.3 FLOATING FOUNDATIONS

Another way to reduce the settlement of a structure is to build a floating foundation (also
known as a compensated foundation) (Golder, 1975). This consists of excavating a vol
ume of soil with a weight nearly equal to that of the proposed structure, and then building
the structure in this excavation, as shown in Figure 18.6. Thus, the increase in vertical ef-

~, l

Figure 18.6 A Iloating foundation.
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Torre Latino Americana

The construction of the 43-story Torre Latino Americana in Mexico City was an important
milestonein floatingfoundationtechnology (Zeevaert, 1957).It is significant becauseof the ex
ceptionallydifficult soils there.

The soil profile is generally as follows:

0-18 ft (0-5.5 m) depth
Old fill that includes Aztec artifacts. Groundwatertable at 7 ft (2 m).

18-30 ft (5.5-9.1 m) depth
Becarra sediments-Interbedded sands, silts, and clays.

30-110 ft (9.1-33.5 m) depth
Tacubaya clays-Soft volcanic clay; moisture content = 100-400%, C = 0.80;
su= 700-1400 Ib/ff (35-70 kPa).

IIQ-:.230ft (33.5-70.0 m) depth
Tarango sands and
clays-Harder and
strongerdeposits; much
less compressiblethan the
Tacubayaclays.

The highly compressible Tacubaya
clays have caused dramatic settlements in
other structures.For example, the Palace of
Fine Arts, located across the street from the
Tower, settled over 10ft (3 m) from 1904to
1962 and continues to settle at a rate of 0.5
in (12 mm) per year (White, 1962)!

To avoid these large settlements, en-

gineers excavated to a depth of 43 ft (13.0 r l Old Fillm) and built a mat supportedon piles driven I / Becarra
to the Tarango sands. The removal of this
soil compensatedfor about half the building
weight. Thus, the building does load the
deeper soils and has settled. However, this 11I11111111I111I Tacubaya
'is by design, and the settlementhas approx
imately matched that of the surrounding
ground. Tarango

Figure18.7 TheTorreLalinoAmericana.

1..

1

When considering floating foundations, it is often useful to conduct parametric
studies that evaluate the effect of various parameters on /).cr/. Sometimes small changes in
loads, groundwater level, or other factors can produce a much greater change in /).cr,'. The
greatest problems with floating foundations usually occur during construction. The most
critical time is when the excavation is open, but construction of the structure has not yet
begun. These excavations may not be stable, and thus may require special precautions.

18.4 SOIL IMPROVEMENT

Another way to cope with weak or compressible soils is to improve them. Some soil im
provement techniques have been used for many years, whereas others are relatively new
(Mitchell et aI., 1978; Mitchell and Katti, 1981). This section discusses some of the more
common methods.

Removal and Replacement, or Removal and Recompaction

Sometimes poor soils can simply be removed and replaced with good quality compacted
fill. This alternative is especially attractive if the thickness of the deposit is small, the
groundwater table is deep, and good quality fill material is readily available.

If the soil is inorganic and not too wet, then it probably is not necessary to haul it
away. Such soils can be improved by simply compacting them. In this case, the contractor
excavates the soil until firm ground is exposed, then places the excavated soil back in its
original location. compacting it in lifts. This technique is often called removal and recom
paction.

Surcharge Fills

Covering poor soils with a temporary surcharge fill, as shown in Figure 18.8, causes them
to consolidate more rapidly. When the temporary fill is removed, some or all of the soil is
now overconsolidated, and thus stronger and less compressible. This process is known as
preloading or precompression (Stamatopoulos and Kotzias, 1985).

Engineers have primarily used preloading to improve saturated silts and clays be
cause these soils are most conducive to consolidation under static loads. Sandy and grav
elly soils respond better to vibratory loads.

If the soil is saturated, the time required for it to consolidate depends on the ability
of the excess pore water to move out of the soil voids (see the discussion of consolidation
theory in Chapter 3). This depends on the thickness of the soil deposit, its coefficient of
permeability. and other factors, and can be estimated using the principles of soil mechan
ics. The time required could range from only a few weeks to thirty years or more.

The consolidation process can be accelerated by an order of magnitude or more by
installing vertical drains in the natural soil, as shown in Figure 18.8. These drains provide
a pathway for the excess water to escape more easily. The most common design is a wick
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Figure 18.9 This crane is lowering a vibrotlot into the ground (Photo courtesy of GKN

Hayward Baker. Inc.).

Both of these techniques may be classified as vibro-compaction methods because
they compact the soils in-situ using vibration. In either case, additional sandy soil is added
to assist the compaction process. Another closely related method is vibro-replacement,
which uses the vibrator to create a shaft, and then the shaft is backfilled with gravel to
form a stone column (Mitchell and Huber, 1985). This technique may be used in cohesive
soils and is primarily intended to provide load bearing members that extend through the
weak soils. The stone column also acts as a vertical drain, thus helping to accelerate con
solidation settlements .

L

Permanent Fi 11

Temporary Surcharge Fill/
J.~'

L_I L_I

Proposed Building

,-----------/
f-~ r-' I-~ I

L_I L_I L_I :

Figure 18.8 Soil improvement by preloading.

Weak and Comprcssihle Soil

Vibro-Compaction and Vibro-Replacement

Sandy and gravelly soils consolidate most effectively when subjected to vibratory loads.
This is especially true at depths of about 3 m (10 ft) or more because of the greater over
burden stress.

Engineers in Germany recognized this behavior and developed depth vibrators in
the 1930s. These methods were refined during the 1970s and now are frequently used
throughout the world.

Some of these depth vibrators are essentially vibratory pile hammers attached to a
length of steel pipe pile (Brown and Glenn, 1976). Known as a terra probe, this device is
vibrated into the ground, densifying the adjacent soils, and then retracted. This process is
repeated on a grid pattern across the site until all of the soil has been densified.

Another technique uses a probe with a built-in vibrator that is lowered into the
ground, also on a grid pattern, as shown in Figure 18.9. The probe is known as a vibroflot
and the technique is called vibroflotation. The vibroflots are also equipped with ~ater jets
to aid penetration and improve soil compaction.

.~.

drain, which is inserted into the ground using a device that resembles a giant sewing ma
chine.

Preloading is less expensive than some other soil improvement techniques, espe
cially when the surcharge soils can be moved from place to place, thus preloading the site
in sections. Vertical drains, if needed, may double the cost.
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Dynamic Consolidation

The Soviets tried dropping heavy weights to stabilize loess in the 1930s. However, this
method did not become widely accepted until the French developed dynamic consolida
tion (also known as heavy tamping) in 1970. This technique consists of dropping 4 to 36
Mg (5--40 ton) weights, called pounders, from heights of 6 to 30 m (20-100 ft) (Mitchell
et aL 1978). This equipment is shown in Figure 18,10. The impact of the falling weight
compacts the soil to significant depths. This tamping process is repeated on a grid pattern,
and then the upper soils are smoothed and compacted using conventional earthmoving
and compaction equipment.

Dynamic consolidation has been effectively used with a wide range of soil types. It
is relatively inexpensive, but it also generates large shock waves and therefore cannot be
used close to existing structures.

Reinforcement Using Geosynthetics

rior to plain concrete. Likewise, various metallic and nonmetallic materials can be used to
reinforce soil.

Engineers most frequently use materials known as geosvlltlzetics to reinforce soils
(Koemer, 1990). Although most of these applications have been in the context of retain
ing structures and earth slopes, strategically placed tensile reinforcement also can provide
flexural strength in soil beneath spread footings, which increases the bearing capacity. In
addition, such reinforcement spreads the applied load over a larger area, thus reducing the
change in effective stress and reducing the consolidation settlement. This technique has
been used as a means of using spread footings at sites that ordinarily would have required
deep foundations.

SUMMARY

Major Points

1. Many areas have a scarcity of good building sites, thus forcing development on
sites with poor soil conditions. These soils are often weak and compressible, and
create special problems for the foundation engineer.

2. Structures can be supported on deep foundations that extend through the weak soils
and into deeper, stronger strata. However, these foundations are often subjected to
large downdrag loads. In addition, a gap may form between the ground and the
structure.

3. Shallow foundations avoid the down drag load and structure/ground separation
problems, but can have problems with excessive settlements. These can be accom
modated by delaying construction or by providing jacks between the structure and
the foundation.

4. Lightweight fills can be used to achieve the desired ground surface elevation witi!
out excessively loading the soil, thus reducing settlements.

5. Floating foundations compensate for some of the structural load by excavating a
certain weight of soil. These can be a very effective way of controlling settlements.

6. Some poor soil conditions can be remedied by improving the soil. Many techniques
are available, and they are often a cost-effective solution.

Soil is similar to concrete in that both materials are strong in compression but weak in
tension. Fortunately, both can be improved by introducing tensile members to form a
composite material. Steel bars are used to form reinforced concrete, which is vastly supe-

Figure 18.10 This crane has just dropped a large weight. thus producing dynamic con

solidation in the underlying ground (Photo courtesy of GKN Hayward Baker. Inc.).

"
--

Vocabulary

Downdrag

Dynamic consolidation

Expanded polystyrene

Floating foundation

Geosynthetics

Liquefaction

Negative skin friction

Preloading
Removal and

recompaction

Removal and replacement

Soil improvement

Surcharge Fill

Terra probe
Vertical drains

Vibro-compaction
Vibroflotation



654 Chapter 18 Foundations on Weak and Compressible Soils

I
i

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

18.1 A 300-mm diameter. 25-m long steel pipe pile must penetrate through 2 m of recently placed
compacted fill and 16 m of soft clay before reaching firm bearing soils. The unit weights of
the fill clay. and firm soil are 20.0 kN/m'. 13.0 kN/m'. and 18.5 kN/mJ• respectively. and i3
values are 0.35. 0.25. and 0.38. respectively. The groundwater table is at a depth of 2 m below

the top of the fill. The net unit toe bearing resistance is 4000 kPa. Compute the downdrag
load.

18.2 Two soft clay deposits are identical except that one has a higher coefficient of lateral earth

pressure. Ko. A 12-inch square reinforced concrete pile is to be driven into each deposit. Will
the downdrag load be the same for both piles? Explain.

18.3 A certain structure is supported on a floating foundation located below the groundwater table.
What would happen if l1u,' in the soil below this foundation became less than zero?

18.4 The most common remediation for soils prone to seismic liquefaction is to densify them.
Which soil improvement methods might be suitable for this task?

18.5 A proposed construction site is underlain by 50 ft of soft clays that have a unit weight
of 80 Ib/ft] The ground surface elevation is +2.0 ft and the groundwater table is at elevation
+1.0 ft.

The proposed site development will consist of excavating some of the soft clay (with
temporary dewatering). placing expanded polystyrene blocks to elevation +6.0 ft. and then

covering the blocks with 2.0 ft of 120 Ib/ftJ compacted fill. The proposed building will be sup
ported on spread footings in the compacted fill. The total weight of this building divided by its
footprint area will be 100 Ib/ft!.

Compute the required elevation of the bottom of the temporary excavation so that the

net increase in effective stress in the soft clay will be 75 lb/ft!. Be sure to consider buoyancy
effects in your computations.

t.
k

19

Foundations on Expansive Soils

Question: What causes more property damage in the United States
than all the earthquakes, floods, tornados, and hurricanes
combined?

Answer: Expansive soils!

According to a 1987 study. expansive soils in the United States inflict about $9 billion in

damages per year to buildings. roads, airports. pipelines. and other facilities-more than

twice the combined damage from the disasters listed above (Jones and Holtz. 1973; Jones

and Jones. 1987). The distribution of these damages is approximately as shown in Table

19.1. Many other countries also suffer from expansive soils. Although it is difficult to es

timate the global losses, this is clearly an international problem.

Sometimes the damages from expansive soils are minor maintenance and aesthetic

concerns, but often they are much worse. even causing major structural distress, as illus

trated in Figures 19.1 through 19.3. According to Holtz and Hart (1978). 60 percent of the

250.000 new homes built on expansive soils each year in the United States experience

minor damage and 10 percent experience significant damage, some beyond repair.

In spite of these facts, we do not expect to see newspaper headlines "Expansive

Soils Waste Billions" and certainly not "Expansive Soil Kills Local Family." Expansive

soils are not as dramatic as hurricanes or earthquakes and they cause only property dam

age, not loss of life. In addition, they act more slowly and the damage is spread over wide

areas rather than being concentrated in a small locality. Nevertheless, the economic loss is

large and much of it could be avoided by proper recognition of the problem and incorpo

rating appropriate preventive measures into the design. construction. and maintenance of
new facilities.

655
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What Causes a Clay to Expand?

19.1 THE NATURE, ORIGIN, AND OCCURRENCE OF EXPANSIVE SOILS

Foundation engineers must be aware of this potential problem and be ready to take
appropriate action when encountering such soils.

Figure 19.1 Heaving of an expansive soil caused this brick wall to crack. The $-190.000

spenl to repair this and olher walls, ceilings, doors, and windows represented nearly onc-
third of the original cost of tbe six-year-old building (Pboto courtesy of the Colorado Ge
ological Survey).

cal compositions and crystalline structures of these minerals give each a different suscep
tibility to swelling, as shown in Table 19.2.

Swelling occurs when water infiltrates between and within the clay particles. caus
ing them to separate. Kaolinite is essentially nonexpansive because of the presence of
strong hydrogen bonds that hold the individual clay particles together. Illite contains
weaker potassium bonds that allow limited expansion. and montmorillonite particles are
only weakly linked. Thus. water can easily flow into montmorillonite clays and separate
the particles. Field observations have confirmed that the greatest problems occur in soils
with a high montmorillonite content.

$4.550.000.000

1.440.000.000

1.200.000.000

440.000.000

400.000.000

320.000.000

160.000.000

100.000.000

390.000.000

$9.000.000.000

Annual DamageCategory

TABLE 19.1 ANNUALDAMAGEINTHE UNITED
STATES FROM EXPANSIVE SOILS (Adapted from
Jones and Holtz 1973; Jones and Jones, 1987; Used
with permission of ASCE)

Highwaysand streets

Commercial buildings

Single family homes

Walks. drives and parking areas

Buried utilities and services

Multi-storybuildings

Airport installations

Involvedin urban landslides

Other

Total annual damages (1987)

When geotechnical engineers refer to expansive soils. we usually are thinking about clays
or sedimentary rocks derived from clays. and the volume changes that occur as a result of
changes in moisture content. This is the most common expansion phenomenon. and thus
is the primary focus of this chapter. Other less common mechanisms of soil expansion are
discussed in Section 19.6. Expansion due to frost heave. which is an entirely different
phenomenon. is discussed in Chapter 8.

Clays are fundamentally very different from gravels, sands. and silts. All of the lat
ter consist of relatively inert bulky particles and their engineering properties depend pri
marily on the size. shape, and texture of these particles. In contrast. clays are made up of
very small particles that are usually plate-shaped. The engineering properties of clays are
strongly influenced by the very small size and large surface area of these particles and
their inherent electrical charges.

Several different clay minerals occur in nature. the differences being defined by their
chemical make up and structural configuration. Three of the most common clay minerals
are kaolinile. illile. and monlmorillonite (part of the smectite group). The different chemi-

,~,



658 Chapter 19 Foundations on Expansive Soils

Figure 19.2 Heaving of expansive soils caused this a.l-inch wide crack in the ceiling of

a one-story wood-frame house.

Several olher forces also act on clay particles, including the following:

• Surface tension in the menisci of water contained between the particles (tends to
pull the particles together, compressing the soil).

• Osmotic pressures (tend to bring water in, thus pressing the particles further apart
and expanding the soil).

• Pressures in entrapped air bubbles (tend to expand the soil).

• Effective stresses due to extemalloads (tend to compress the soil).

• London-Van Der Waals intermolecular forces (tend to compress the soil).

Expansive clays swell or shrink in response to changes in these forces. For example,
consider the effects of changes in surface tension and osmotic forces by imagining a
montmorillonite clay that is initially saturated, as shown in Figure 19Aa. If this soil dries,

t_L __. , i

19.1 The Nature, Origin, and Occurrence of Expansive Soils

Figure 19.3 Expansive soil caused this brick building to crack (Photo courtesy of the
Colorado Geological Survey).

TABLE 19.2 SWELL POTENTIAL OF PURE CLAY MINERALS

(Adapted from Budge et aI., 1964)

Surcharge Load Swell Potential (%)

(lb/ft2)

(kPa)KaoliniteIlliteMontmorillonite

200

9.6Negligible3501500

400

19.1Negligible150350

659



661

2.42.01.6

Volume Change (%)
IV = 16%

Yd = 116.1

60

o

50

0'

0=

€
~
~

0.....~".c~"'"

10

Figure 19.5 Swell potential as a function of initial moisture content and surcharge load
(typical). (Adapted from Seed. Mitchell. and Chan, 1962).

The Nature, Origin, and Occurrence of Expansive Soils
19.1

(c)

(b)

Figure 19.4 Shrinkage and swelling of an expansive clay.

(a)

Chapter 19 Foundations on Expansive Soils

the remammg moisture congregates near the particle interfaces, forming memSCI, as
shown in Figure 19.4b, and the resulting surface tension forces pull the particles closer to
gether causing the soil to shrink. We could compare the soil in this stage to a compressed
spring; both would expand if it were not for forces keeping them compressed.

The soil in Figure 19.4b has a great affinity for water and will draw in available
water using osmosis. We would say that it has a very high soil suction at this stage. If
water becomes available, the suction will draw it into the spaces between the particles and
the soil will swell, as shown in Figure 19.4c. Returning to our analogy, the spring has
been released and perhaps is now being forced outward.

.... ~
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What Factors Control the Amount of Expansion?

The portion of a soil's potential expansion that will actually occur in the field depends on
many factors. One of these factors is the percentage of expansive clays in the soil. For ex
ample, a pure montmorillonite could swell more than fifteen times its original volume
(definitely with disastrous results !), but clay minerals are rarely found in such a pure
form. Usually, the expansive clay minerals are mixed with more stable clays and with
sands or silts. A typical "montmorillonite'~(really a mixed soil) would probably not ex
pand more than 35 to 50 percent, even under the worst laboratory conditions, much less in
the field.

There are two types of montmorillonite clay: calcium montmorillonite and sodium
montrnorillonite (also known as bentonite). The latter is much more expansive, but less
common.

Two of the most important variables to consider are the initial moisture content and
the surcharge pressure. If the soil is initially moist, then there is much less potential for
additional expansion than if it were dry. Likewise, even a moderate surcharge pressure re
strains much of the swell potential (although large loads are typically required to com
pletely restrain the soil). Figure 19.5 illustrates a typical relationship between swell

potent1. initial moisture content, and surcharge pressure..~. ,

This relationship demonstrates why pavements and slabs-on-grade are so suscepti
ble to damage from expansive soils (see Table 19.1). They provide such a small surcharge
load that there is little to resist the soil expansion. However, it also demonstrates how

even a modest increase in surcharge, such as 300 mm (12 in) or so of sUbbase, significantly decreases the potential heave. I

Remolding a soil into a compacted fill may make it more expansive (O'Neill and
Poormoayed, 1980), probably because this process breaks up cementation in the soil and
produces high negative pore water pressures that later dissipate. Many other factors also
affect the expansive properties of fills, especially the methods used to compact the fill
(kneading vs. static) and the as-compacted moisture content and dry unit weight (Seedand Chan, 1959).

Figure 19.6 illustrates how compacting a soil wet of the optimum mOisture content
reduces its potential for expansion. It also illustrates that compacting the soil to a lower

'The USe of a subbase for this purpose is somewhat controversial. Although it provides additional surcharge
pressure. which is good. it can also become an avenue for additional water to enter the expansive soils, which is

bad. Many engineers feel that the risk of additional water infiltration is too great and therefore do not use this
method.
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Chemical weathering of materials such as feldspars, micas, and limestones can form clay
minerals. The particular mineral formed depends on the makeup of the parent rock, topog
raphy, climate, neighboring vegetation, duration of weathering, and other factors .

Montmorillonite clays often form as a result of the weathering of ferromagnesian
minerals, calcic feldspars, and volcanic materials. They are most likely to form in an
alkaline environment with a supply of magnesium ions and a lack of leaching. Such con
ditions would most likely be present in semi-arid regions. Bentonite (sodium montmoril
lonite) is formed by chemical weathering of volcanic ash. Figure 19.7 shows the
approximate geographical distribution of major montmorillonite deposits in the United
States.

Expansive clays are also common in the Canadian prairie provinces, Israel, South
Africa, Australia, Morocco, India, Sudan, Peru, Spain, and many other places in the
world .

Figure 19.7 illustrates regional trends only. Not all the soils in the shaded areas are
expansive and not all the soils outside are nonexpansive. The local occurrence of expan
sive soils can vary widely, as illustrated in Figure 19.8. However, even maps of this scale
are only an aid, not a substitute for site-specific field investigations.

Occurrence of Expansive Clays
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Figure t9.6 Swell potential of compacted clays (Adapted from Holtz. 1969).

dry unit weight also reduces its swell potential (although this also will have detrimental
effects, such as reduced shear strength and increased compressibility).

Although laboratory tests are useful, they may not accurately predict the behavior of

expansive soils in the field. This is partly because the soil in the lab is generally inundated
with water, whereas the soil in the field may have only limited access to water. The flow
of water into a soil in the field depends on many factors, including the following:

• The supply of water (depends on rainfall, irrigation, and surface drainage).

• Evaporation and transpiration (depends on climate and vegetation; large trees can
extract large quantities of water from the soil through their roots).

• The presence of fissures in the soil (water will flow through the fissures much more
easily than through the soil).

• The presence of sand or gravel lenses (helps water penetrate the soil).

• The soil's affinity for water (its suction).

Because of these factors, Jones and Jones (1987) suggested that soils in the field

typically swell between 10 and 80 percent of the total possible swell.

1.
''!oi. ,

Moisture Content (%)

Figure 19.7 Approximate distribution of major montmorillonite clay deposits in the

United States (Adapted from Tourtelot. 1973). Erosion. glacial action. and other geologic

processes have carried some of these soils outside the zones shown here. Thus. the un
shaded areas are not immune to expansive soils problems.

403530252015
60

10



'l
664 Chapter 19 Foundations on Expansive Soils 19.1 The Nature, Origin, and Occurrence of Expansive Soils 665
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Figure 19.9 Annual dislribution of precipitation and potential evaporation/transpiration

in (a) Los Angeles. California. and (b) Willard. North Carolina (Adapted from Thornth

waite. 1948). Note how the wet Los Angeles winters are followed by very dry summers.

In contrast. the total annual precipitation in Willard is much higher and most of it occurs

during the summer. Used with permission of the American Geographical Society.
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Figure 19.8
Hart, 1974).

Distribution of expansive soils in the Colorado Springs. Colorado area (Adapted from

Influence of Climate on Expansion Potential

As discussed earlier, any expansive soil could potentially shrink and swell, but in practice
this occurs only if its moisture content changes. The likelihood of such changes depends
on the balance between water entering a soil (such as by precipitation or irrigation) and
water leaving the soil (often by evaporation and transpiration).

In humid climates, the soil is moist or wet and tends to remain so throughout the

year. This is because the periods of greatest evaporation and transpiration (the summer
months) also coincide with the greatest rainfall. The climate in North Carolina, as shown
in Figure 19.9b, is typical of this pattern. Because the variations in moisture content are
small, very little shrinkage or swelling will occur. However, some problems have been re
ported during periods of extended drought when the soil dries and shrinks (Hodgkinson,
1986; Sowers and Kennedy, 1967).

Most of the problems with expansive soils occur in arid, semi-arid, and monsoonal
areas because the seasonal distribution of precipitation and evaporation/transpiration

f..
:~\

1

causes wide fluctuations in the soil's moisture content. Most of the precipitation in arid
and semi-arid areas occurs during the winter and spring when evaporation and transpira
tion rates are low. Thus, the moisture content of the soil increases. Then, during the sum
mer, precipitation is minimal and evaporation/transpiration is greatest, so the soil dries.
Thus, the soil expands in the winter and shrinks in the summer. The climate in Los Ange
les, shown in Figure 19.9a, displays this pattern.

A useful measure of precipitation and evaporation/transpiration as it affects expan
sive soil problems is the Thornthwaite Moisture Index (TMI) (Thornthwaite, 1948). This
index is a function of the difference between the mean annual precipitation and the
amount of water that could be returned to the atmosphere by evaporation and transpira
tion. A positive value indicates a net surplus of soil moisture whereas a negative value
indicates a net deficit. Using this index, Thornthwaite classified climates as shown in
Table 19.3.

Because expansive soils are most troublesome in areas where there the moisture
content varies during the year, and this is most likely to occur in arid climates, regions
with the lowest TMI values should have the greatest potential for problems. Researchers
have observed that expansive soils are most prone to cause problems in areas where the
TMI is no greater than +20. However, this is not an absolute upper limit. For example,
some expansive soil problems have occurred in Alabama and Mississippi (TMI '" 40).
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TABLE 19.3 CLASSIFICATION
OF CLIMATE BASED ON THORNTH

WAITE MOISTURE INDEX (TMI)

(Adapted from Thornthwaite (1948);
Used with permission of the American
Geographical Society)

TMI Climate Type

-60 to-40

Arid

-40 to-20

Semi arid

-20 toO

Dry subhumid

o to 20

Moist subhumid

20 to 100

Humid

> 100

Perhumid

Figure 19.10 shows Thornthwaite contours for the United States. Combining this
information with Figure 19.7 shows that the areas most likely to have expansive soils
problems include the following:

• Central and southern Texas

• Portions of Colorado outside the Rocky Mountains
• Much of California south of Sacramento

• The northern plains states

• Portions of the great basin area (Arizona, Nevada, Utah)

Man-made improvements can change the TMI at a given site, as discussed later in
this section.

Depth of the Active Zone

In its natural state, the moisture content of a soil fluctuates more near the ground surface
than at depth. This is because these upper soils respond more rapidly to variations in pre
cipitation and evaporation/transpiration.

An important criterion when evaluating expansive soils problems is the depth of
the active zone, which is the greatest depth of moisture content fluctuations (see
Figure 19.11). Presumably, the moisture content is reasonably constant below that depth,
so no expansion occurs there. From Figure 19.9, the soil moisture content in Los Angeles
varies dramatically from summer to winter, so we would expect the active zone there to
extend much deeper than in Willard, where the moisture content is less variable. As a re
sult, expansive soils should be more of a problem in Los Angeles (and they' are!).

O'Neill and Poormoayed (1980) presented active zone depths for selected cities as
shown in Table 19.4. According to this table, a soil profile in San Antonio would generate
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Depth
Below

Ground
Surface

Depth
or

Al:tivc
Zone

more heave than an identical profile 320 km (200 miles) away in Houston because the ac
tive zone is deeper in San Antonio. As a result, the appropriate preventive design mea
sures for identical structures would also be different.

Clays that are heavily fissured will typically have deeper active zones because the
fissures transmit the water to greater depths. For example, field studies conducted in Col
orado indicate the active zone in some locations may extend as deep as 16 m (50 ft) below
the ground surface (Holtz, 1969).

The depth of the active zone at a given site is difficult to determine, and this is a
major source of uncertainty in heave analyses.

Influence of Human Activities

Engineers also need to consider how human activities, especially new construction,
change the moisture conditions at a particular site. For example:

• Removal of vegetation brings an end to transpiration.

• Placement of slab-on-grade floors, pavements, or other impervious materials on the
ground stops both evaporation and the direct infiltration of rain water.

• Irrigation of landscaping introduces much more water into the ground. In southern
California. some have estimated that irrigation in residential areas is the equivalent
of raising the annual precipitation from a natural 375 mm ( IS in) to an inflated 1500
mm (60 in) or more.

• Placement of aggressive trees or heated buildings can enhance desiccation.

Figure 19.11 The active zone is the layer of soillhul has a llul'llIaLing llloislUn: content.

19.2

These changes are difficult to quantify, but the net effect in arid and semi-arid areas
is normally to increase the moisture content under structures. This results in more
swelling and more structural damage.

IDENTIFYING, TESTING, AND EVALUATING EXPANSIVE SOILS

TABLE 19.4 APPROXIMATE DEPTH OF THE ACTIVEZONE IN
SELECTED CITIES (Adapted from O'Neill and Poormoayed, 1980)

Depth of the Active Zone

1-
<..r;'_

City

Houston

Dallas

Denver

San Antonio

(ft)

5-10

7-15

10-15

10-30

(m)

1.5-3.0

2.1-4.2

3.0-4.2

3.0-9.0

TMI

(from Fig. 19.10)

18

-1
-15

-14

When working in an area where expansive soils can cause problems, geotechnical engi
neers must have a systematic method of identifying, testing, and evaluating the swelling
potential of troublesome soils. The ultimate goal is to determine which preventive design
measures, if any, are needed to successfully complete a proposed project.

An experienced geotechnical engineer is usually able to visually identify potentially
expansive soils. To be expansive, a soil must have a significant clay content, probably
falling within the unified symbols CL or CH (although some ML, MH, and SC soils also
can be expansive). A dry expansive soil will often have fissures, slickensides, or shatter
ing, all of which are signs of previous swelling and shrinking. When dry, these soils usu
ally have cracks at the ground surface. However, any such visual identification is only a
first step; we must obtain more information before we can develop specific design recom-
mendations. '



TABLE 19.6 CORRELATIONS WITH COMMON SOIL TESTS (Adapted from Chen, 1988; Used
with permission of Elsevier Science Publishers)
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TABLE 19.5 CORRELATIONS WITH COMMON SOIL TESTS (Adapted from Holtz,
1969; and Gibbs, 1969)

l
I
I
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Percent ProbableSwelling Pressure
Passing

LiquidSPTNExpansion Swelling#200 Sieve LimitValue(%)'(klft')(kPa)Potential
<30

<30<10<II50Low
30-60

30-4010-201-53-5150-250Medium
60-95

40-6020-303-105-20250-1000High
>95

>60>30>10>20>1000Very High

Percent PlasticityShrinkageLiquidSwelling
Colloids

IndexLimitLimitPotential

<15

<18<15<39Low

13-23

15-2810-1639-50Medium

20-31

25-417-1250-63High

>28

>35>11>63Very high Laboratoryand Field Data Degree of Expansiveness

The next stage of the process-determining the degree of expansiveness-is more
difficult. A wide variety of testing and evaluation methods have been proposed, but none
of them is universally or even widely accepted. Engineers who work in certain geographi
cal areas often use similar techniques, which may be quite different from those used else
where. This lack of consistency continues to be a stumbling block.

We can classify these methods into three groups. The first group consists of purely
qualitative methods that classify the expansiveness of the soil with terms such as "low,"
"medium," or "high" and form the basis for empirically based preventive measures. The
second group includes semiquantitative methods. They generate numerical results, but en
gineers consider them to be an index of expansiveness, not a fundamental physical prop
erty. The implication here is that the design methods will also be empirically based. The
final group includes methods that provide quantitative results that are measurements of
furtdamental physical properties and become the basis for a rational or semirational de
sign procedure.

Qualitative Evaluations

This category of evaluations is usually based on correlations with common soil tests, such
as the Atterberg limits or the percent colloids.2 Such correlations are approximate, but
they can be useful, especially for preliminary evaluations.

The U.S. Bureau of Reclamation developed the correlations in Table 19.5. An engi
neer could use any or all of them to classify the swelling potential of a soil, but the plas
ticity index and liquid limit correlations are probably the most reliable. Montmorillonite
particles are generally smaller than illite or kaolinite, so expansiveness roughly correlates
with the percent colloids. Engineers rarely perform the shrinkage limit test, and some
have questioned the validity of its correlation with expansiveness.

Chen (1988) proposed the correlations in Table 19.6 based on his experience in the
Rocky Mountain area.

'Colloids are usually defined as all particles smaller than O.DO I mm; clay-size particles are sometimes defined as

those smaller than 0.002 mm. A hydrometer test is an easy way to measure the percentage of colloids or clay

size partfl1es in a soil. which can be a rough indicator of its potential expansiveness.",..

"Percent volume change when subjected to a total stress of 1000 Ih/ft' (50 kPa).

Semiquantitative Evaluations

Loaded Swell Tests

The most common semiquantitative method of describing expansive soils is in terms of its
swell potential, which engineers usually measure in some kind of loaded swell test. Un
fortunately, these are very ambiguous terms because there are many different definitions
of swell potential and an even wider range of test methods.

Loaded swell tests usually utilize a laterally confined cylindrical sample, as shown
in Figure 19.12. The initially dry sample is loaded with a surcharge, and then soaked. The
sample swells vertically, and this displacement divided by the initial height is the swell
potential, usually expressed as a percentage.

This methodology is attractive because it measures the desired characteristics di

rectly, is relatively easy to perform, and does not require exotic test equipment (the test
can be performed in a conventional consolidometer). However, because there is no uni

versally accepted standard test procedure, the specifics of the test vary and results from
different tests are not always comparable. The typical ranges of test criteria are as follows:

• Sample size: What is its diameter and height? Typically, the sample is 50 to 112
mm (2.0-4.5 inches) in diameter and 12 to 37 mm (0.5-1.5 inches) tall. Larger di
ameter samples are less susceptible to side friction and therefore tend to swell more.

• Method of preparation: Is the sample undisturbed or remolded? If it is undis

turbed, how was it sampled and prepared? If it is remolded, how was it compacted,
to what density and moisture content, and what curing, if any, was allowed?

• Initial moisture content: What is the moisture content at the beginning of the test?
Some possibilities include:
• In-situ moisture content

• Optimum moisture content
• Air dried moisture content

Other options are also possible.
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TABLE 19.7 TYPICAL CLASSIFICATION
OF SOIL EXPANSIVENESS BASED
ON LOADED SWELL TEST RESULTS
AT IN-SITU OVERBURDEN STRESS

(Adapted from Snethen, 1984)
Dial Gage

Swell Potential (%)

<0.5

0.5-1.5

>1.5

Swell Classilication

Low

Marginal

High

Expansion Index Test

Snethen also suggested that the applied load should consider any applied external
loads, such as those from foundations.

Using Snethen's test criteria, we could classify the expansiveness of the soil, as
shown in Table 19.7.

The expansion index test [ASTM D4829] (lCBO, 1997; Anderson and Lade, 1981) is an
attempt to standardize the loaded swell test. In this test a soil sample is remolded into a
standard 102-mm (4.01 in) diameter, 25-mm (1 in) tall ring at a degree of saturation of
about 50 percent. A surcharge load of 6.9 kPa (1lb/in2) is applied, and then the sample
is saturated and allowed to stand until the rate of swelling reaches a certain value or
24 hours, whichever is longer. The amount of swell is expressed in terms of the expansion
index, or El, which is defined as follows:

(19.1)

Where:

El = expansion index

h = expansion of the soil (in)

F = percentage of the sample by weight that passes through a #4 sieve

EI= lOOOhF

Table 19.8 gives the interpretation of El test results.
If the El varies with depth, the test procedure also includes a series of weighting

factors that emphasize the shallow soils and deemphasize the deeper soils. Although this
concept is sound in principle, the stated factors imply an active zone depth of only 1.2 m
(4 ft), which is far too shallow. Therefore, it may be best to ignore this portion of the test
procedure.

Because the expansion index test is conducted on a remolded sample, it may mask
certain soil fabric effects that may be present in the field.

Figure 19.12 Typical loaded swell test.

Soil

Sample

Potential swell is the equilibrium vertical volume change or deformation from an
oedometer-type' test (i.e., total lateral confinement), expressed as a percent of original
height, of an undisturbedspecimen from its natural water content and density to a state of sat
urationunder an applied load equivalent to the in-situ overburdenpressure.

:vrhe terms oedometer and consolidometer are synonym0us.

t
",t"-

• Surcharge load: How I~ge is the s~rcharge load? It is usual~between 2.9 and
71.8 kPa (60-1500 Ib/ft-). Some engmeers prefer to use a surc rge equal to the
in-situ or anticipated as-built overburden stress .

• Duration: Expansive soils do not swell immediately upon application of water. It
takes time for the water to seep into the soil. This raises the question of how long
to allow the test to run. Some engineers conduct the test for a specified time (i.e.,
24 hr) whereas others continue until a specified rate of expansion is reached (such
as no more than 0.03 mmIhr). The latter could take several days in some soils.

Snethen (1984) suggested the following definition of potential swell:
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Expansion Pressure Tests
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mends testing remolded samples at 100 percent relative compaction and defining the
swelling pressure as that required to maintain this dry unit weight.

Quantitative Evaluations
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Figure 19.13 Correlations between swell potential, liquid limit. LL; initial moisture content. w; and

dry unit weight. "I". Adapted from Vijayvergiya and Ghazzaly (1973), used with permission of the Is

rael Geotechnieal Society.

There is increasing emphasis on developing more rational analysis techniques to deal with
expansive soils problems, a concept discussed later in this chapter. These methods require
tests that evaluate the soil on a more fundamental basis. This approach has not yet been
developed in detail and is not commonly used in practice. However, it will probably be
come much more dominant in the future ..I

I

1

Ii

Very Low

Low

Medium

High

Very High

Potential ExpansionEl

0-20

21-50

51-90

91-130

>130

Correlations

TABLE 19.8 INTERPRETATION OF EXPAN

SION INDEX TEST RESULTS (Reproduced from
the 1997 Edition of the Uniform Building Code,
©1997, with permission of the publisher, the Inter
national Conference of Building Officials)

"
..•..

As discussed earlier in this chapter, the surcharge pressure affects the swelling of a soil.
Higher pressures provide more restraint, and a certain pressure, called the expansion pres

sure, or swell pressure, cr." prevents all swell. Some engineers elect to measure CJ', and use
it as a measure of expansiveness.

Engineers can measure the expansion pressure at the end of a loaded swell test by
simply increasing the normal load in increments until the sample returns to its original
volume, as shown in Figure 19.14. Another method is to use a modified consolidometer
that allows no vertical strain, as shown in Figure 19.15. The first method tends to produce
larger swelling pressure. However, neither test precisely duplicates the actual sequence of
loading and wetting in the field.

Some engineers believe the expansion pressure is independent of the initial
moisrure content, initial degree of saturation, and strata thickness of the soil and varies
only with the dry unit weight and is therefore a fundamental physical property of an
expansive soil (Chen, 1988). Others disagree with this evaluation and claim that it
varies.

When testing undisturbed samples, Chen (1988) recommends defining the swelling
pressure as that required to keep the soil at its in-situ dry unit weight. He also recom-

Several researchers have developed empirical correlations between swell potential and
basic engineering properties. Vijayvergiya and Ghazzaly (1973) developed relationships
for undisturbed soils, as shown in Figure 19.13. They use moisrure content, liquid limit,
and dry unit weight as independent variables and define the swell potential at a surcharge
load of 9.6 kPa (200 Ib/ft2) and an initial moisture content equal to the in-situ moisture
content.
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Figure 19.14 Determining expansion pressure hy reloading the soil sample at the end of
a loaded swell test.

Scating
Stress

Normal Stress. cr
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Fi~ure 19.16 Constant volume swell lCVS) lest results.

Variation of Swell with Normal Stress

The swell potential varies with the normal stress acting on the soil. Shallow, lightly
loaded soils will swell more than those that are deeper and more heavily loaded. There
fore, any rational method must consider this relationship.

One way to assess this relationship is to obtain undisturbed soil samples at various
depths and perform a loaded swell test on each. The constant volume swell (CVS) test

(Johnson and Stroman, 1976) is one such test. The procedure is generally as follows· and
as shown in Figure 19.16:

1. Place an undisturbed soil sample in a consolidometer and apply a normal load equal
to the in-situ overburden stress.

2. Inundate the sample and begin increasing the normal load in increments as neces
sary to restrain any swelling. Continue until the swelling pressure is fully devel
oped.

3. Unload the soil in increments to obtain the swell curve. Continue until the load is
less than the in-situ overburden stress.

Swelling
Strain.

El\' 0
Initial

Wetting

Final (Saturated)-
j Swelling ,pressure

cr,

Another similar procedure is the modified swell overburden (MSO) test (Johnson
and Stroman, 1976), which follows and is shown in Figure 19.17:

1. Place an undisturbed soil sample in a consolidometer and apply a normal load equal
to the design overburden stress (i.e., the stress at the sample location after the foun
dation is in place) .•

2. Inundate the sample and allow it to swell under the design overburden stress.

Figure 19.15 Determining expansion pres
:mre using a zero-strain consolidometer.

l'

Normal Stress. cr

(Logarithmic Scale) 'See Johnson and Stroman (1976) for complete details on the CVS and MSO test procedures.
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Swelling
Slrain.

Ell'

o
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For example, if the soil in the field is initially at a degree of saturation of 40 percent,
and is wetted until it reaches 5 = 80 percent, then CL = (0.80 - 0.40)/(1 - 0.40) = 0.67. In
other words, the swelling in the field will be only 67 percent of that in the lab.

Unfortunately, it is very difficult to predict the degree of saturation that will occur
in the field. It depends on many factors. including the following:

• The rate and duration of water inflow (wetting) and outflow (evaporation and tran
spiration).

• The rate al which water flows through the soil.
• Stratification of the soil.

Fi~ure 19.17 Modified swell overburden
(MSO) tesl resulls.

In.Situ Swelling
cr Pressure.

cr,

Normal Slress. cr

(Logarilhmic Scale)

Flow in unsaturated soils is driven by soil suction, not by conventional hydraulic heads,
so some engineers have attempted to use measurements of soil suction to predict the de
gree and depth of wetting. See Nelson and Miller (1992) for more details.

3. After the swelling is complete, load the sample in increments until Ihe soil returns
to its original volume. The pressure that corresponds to the original volume is the
swelling pressure.

4. Unload the sample in increments to a stress less than the in-situ overburden.

Johnson and Stroman (1976) recommend the MSO test when the design overburden

pressures are known in advance, and the CVS test when they are not known in advance.
The strain measured in these tests is the potential swell strain. 10", for each normal

stress. Note that the test results are expressed in terms of total stress. (T, not effective
stress, (T'. Thus, this information will be used in a total stress analysis, not an effective
stress analysis.

Wetting Processes

The swell strain that occurs in the field is not necessarily equal to that measured in the lab

oratory because the soil in the field may not become completely saturated. The ratio of the
actual swell strain to the potential swell strain is the welting coefficient, cc If the soil re
mains at its in-situ moisture content, then CL = 0; if it becomes completely saturated, CL = I.

Chen (1988) suggests that CL is approximately proportional to the change in the de
gree of saturation. Thus:

19.3 ESTIMATING POTENTIAL HEAVE

The current state-of-practice in most areas is to move directly from laboratory test results
to the recommended design measures with no quantitative analyses to connect the two.
Such leaps are possible only when the engineer is able to rely on local experience ob
tained from trial-and-error. For example, we may know that in a certain geologic forma
tion, slab-on-grade floors have performed adequately only if the expansion index is less
than some certain value. If the El at a new project site in that formation is less than the
specified value, then the engineer will recommend using a slab-on-grade floor; if not, then
some other floor must be used.

This kind of methodology implicitly incorporates such factors as climate, depth of
the active zone, hydraulic conductivity (especially the presence of fissures), and structural
tolerance of differential heave, so they are limited only to the geologic formations, geo
graphic areas and types of structures that correspond to those from which the method was
derived. They generally work well as long as these restrictions are observed, but can be
disastrous when extrapolated to new conditions.

We would prefer to have a more rational method of designing structures to resist the
effects of expansive soils; one that explicitly considers these factors. Ideally, such a
method would predict potential heave and differential heave. Just as engineers design
spread footings based on their potential for settlement, it would be reasonable to design
structures on expansive soils based on the potential for heave.

~~
Where:

50 = degree of saturation before wetting (in decimal form)

5 = degree of saturation after wetting (in decimal form)

t.,.

(19.2)

1

Laboratory Testing

Heave analyses are normally based on laboratory swell tests, such as the MSO or CVS
tests described earlier. Conduct these tests on undisturbed samples from different depths
within the active zone to establish the expansive properties of each strata. Typically, the
moisture content of the soil at the beginning of each test is equal to the in-situ moisture
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content. Thus, the laboratory tests represent the swelling that would occur if the soil be
comes wetter than the in-situ moisture. Sometimes, engineers will first dry the samples to
a lower moisture content, thus modeling a worse condition.

Because the laboratory swell tests are laterally confined, they model a field condi
tion in which the swell occurs only in the vertical direction. This may be a suitable model
when the ground surface is level, but a poor one when it is sloped or when a retaining wall
is present. In the latter cases, the horizontal swell is often very important.

In the field, some of the swell may be consumed by the tilling of fissures in the clay.
This is not reflected in the laboratory tests because the samples normally will not include
fissures. However, this error should be small and conservative. and thus can be ignored.

Analysis

Option 2 Assume that the soil becomes saturated, but the pore water pressure
above the original ground water table remains equal to zero. This as
sumption is common for many foundation engineering problems and
may be appropriate for many expansive soils problems, especially if
extra water, such as that from irrigation or poor surface drainage,
might enter the soil.

Option 3 Assume that a suction profile will develop such that a negative hy
drostatic head is present. This scenario is based on a soil suction that

diminishes with depth at the rate of 9.8 kPalm of depth (62.4 Ib/ft'
per foot of depth).

Option 4 Assume S = 100% at the ground surface. and tapers to the natural S
at the bottom of the active zone.

The heave caused by soil expansion is;

18" = ~a HE"I
Where:

8" = heave caused by soil expansion

a = wetting coefficient

H = thickness of layer

E" = potential swell strain

We implement this analysis as follows:

Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

f

(19.3)

Divide the active zone of soil beneath the foundation into layers in a fashion
similar to that used for settlement analyses. These layers should be relatively
thin near the bottom of the footing (perhaps I ft or 0.25 m thick) and become
thicker with depth. The bottom of the last layer should coincide with the bottom
of the active zone.

Compute the vertical total stress, IT,, at the midpoint of each layer. This stress
should be the sum of the geostatic and induced stresses (i.e., it must consider
both the weight of the soil and load from the footing.

Using the results of the laboratory swell tests, compute the potential swell
strain, E", at the midpoint of each layer.

Determine the initial profile of degree of saturation vs. depth. This would nor
mally be based on the results of moisture content tests from soil samples recov
ered from an exploratory boring.

Estimate the final profile of degree of saturation vs. depth. As discussed earlier,
this profile is difficult to predict. It is the greatest source of uncertainty in the
analysis. Techniques for developing this profile include the following;

Option 1 Use empirical estimates based on observations of past projects.
Studies of the equilibrium moisture conditions under covered areas,
including buildings and pavements, suggest that the final moisture
content is usually in the range of 1.1 to 1.3 times the plastic limit.

1

The second and third options are shown graphically in Figure 19.18.

Step 6: Compute the heave for each layer and sum them using Equation 19.3.

For additional information on heave estimates, see Mc Dowell (1956), Lambe and
Whitman (1959), Richards (1967), Lytton and Watt (1970), Johnson and Stroman (1976),
Snethen (1980). Mitchell and Avalle (1984), and Nelson and Miller (1992).

Example 19.1

A compressive column load of 140 kN is to be supported on a 0.50-m deep square footing.
The allowable bearing pressure is 150 kPa. The soils beneath this proposed footing are ex
pansive clays that currently have a degree of saturation of 25%. This soil has a unit weight of
17.0 kN/m', and the depth of the active zone is 3.5 m. The results of laboratoryswell tests are
shown in the figure.

Computethe potential heave of this footing due to wetting of the expansivesoils.

Solution

w, = 0.50 B2 (23.6 kN/m') = 11.8B2

_ ~p + W,B - qA

= / 140 + 11.8B2\j 150

= 1.00m

IT',, = "ID - " = (17.0 kN/m')(0.5 m) - 0 = 8 kPa

Assume S after wetting varies from 100% at the ground surface to 25% at the bottom of the
active zone. Compute ~lT, using Equation 7.7 and add it to (L(I (the geostatic stress) to com
pute IT,. Find E, using the lab data, Cl using Equation 19.2.and 0" using Equation 19.3.



682 Chapter 19 Foundations on Expansive Soils 19.3 Estimating Potential Heave 683

Degree of Saturation 20

0% II:liY-c

At Midpoint of Soil Layer

Depth

H-/
O'_~o~O",0".E"5"5 5w

(m)
(mm)(m)(kPa)(kPa)(kPa)(%)(%)(%)Ol(mm)

0.50-0.75

2500.12111411522.025900.874.3

0.75-1.00

2500.32151261412.125800.733.8

1.00-1.50

5000.752168893.525700.6010.5

1.50-2.00

5001.253033633.925500.336.4

2.00-3.00

10002.004214564.525300.073.1--Total
28

The estimated heave is 28 mm.

~Answer

1

IOIX)SOOSO I(X)

Vertical Tolal Stress. (J.lkPal

Lahoratory test results for Example 1<).].

IS

10

(%)

Figure 19.19

CIl•

Potential
Swell
Strain. 10

Differential Heave

Profile with high hydraulic conductivity (i.e., fissures) in upper 3 m (IO ft)
Without extraneous influences 0.50

With extraneous influences 0.75

Profile with Iow hydraulic conductivity in upper 3 m (IO ft)
Without extraneous influences 0.25

With extraneous influences 0.40

Just as differential settlements often control the design of nonnal building foundations.
differential heaves control the design of foundations on expansive soils. The differential

heave can range from zero to the total heave, but is typically between one-quarter and
one-half of the total heave (John son and Stroman. 1976). The greatest differential heaves
are most likely to occur when swelling is due to such extraneous influences as broken
water lines, poor surface drainage. or aggressive tree roots. Soil profiles with numerous

fissures are also more likely to have higher differential heaves because of their higher hy
draulic conductivity.

Donaldson (1973) recommended designing for the following heave factors (where
heave factor = differential heave/total heave):

Negatj\"e

Hydro~talic
Head

Moisture Content

I
Initial

Depth
Below

Ground
Surface

Figure 19.18 Final moisture l.:untcl1l rro
tiles.
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It is difficult to describe a typical distress pattern in buildings on expansive soils because
the exact pattern of heaving depends on so many factors. However, in broad terms, build
ings in arid areas tend to experience an edge lift, as shown in Figure 19.20a, that causes
them to distort in a concave-up fashion (Simons, 1991). Conversely, in humid climates,
the expansive soil may shrink when it dries, causing the edges to depress, as shown in
Figure 19.20b. Heated buildings with slab-on-grade floors in colder climates sometimes
experience a center depression caused by drying and shrinkage of the underlying clay
soils. In the Dallas area, heaves of 125 to 150 mm (5--6 in) are common, and heaves of
200 to 300 mm (8-12 in) have been measured (Greenfield and Shen, 1992).

Special local conditions will often modify this pattern. For example, poor surface
drainage or a leaky water line near one corner of the building will probably cause addi
tionallocal heave, as shown in Figure 19.20c. Conversely, aggressive tree roots at another
location may locally dry the soil and cause local shrinkage, as shown in Figure 19.20d
(Byrn, 1991).

In arid climates, the heaving usually responds to seasonal moisture changes, pro
ducing annual shrink-swell cycles, as shown in Figure 19.21. However, during the first 4
to 6 years, the cumulative heave will usually exceed the cumulative shrinkage, so there
will be a general heaving trend, as shown in Figure 19.21. As a result, expansive soil
problems in dry climates will usually become evident during the first six years after con
struction.
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Figure 19.21
1969).

Year

Heave record from single story brick house in South Africa (Adapted from Jennings,

.,
"t".

Although this is a typical scenario, it does not mean that expansive soils will always
behave this way. It is also very possible that unprecedented swelling may occur later in
the life of the building. For example, an exceptionally wet year may invoke larger heaves.
Likewise, changes in surface topography could cause ponding near the building and generate heave.

The next step is to develop appropriate design and construction methods to minimize (but

not eliminate!) the potential for damage from expansive soils. As with most engineering
problems, dealing with expansive soils ultimately boils down to a matter of risk vs. cost.
A geotechnical engineer cannot guarantee that a structure will have no problems with ex
pansive soils, but can recommend the use of certain preventive measures that seem to be

an appropriate compromise between reducing the risk of damage (especially major dam
age) and keeping construction costs to a minimum.

PREVENTIVE DESIGN AND CONSTRUCTION MEASURES
19.5

1

(b)

(d)

9
(c)

(a)

Figure 19.20 Typical distress patterns resulting Irom heave of expansive soils: (a) edge

lift; (b) center lift; (c) localized heave due to drainage problems: and (d) localized shrink
age caused by aggressive tree roots.



686 Chapter 19 Foundations on Expansive Soils 19.5 Preventive Design and Construction Measures 687

Basic Preventive Measures

Any building site on an expansive soil should include at least the following features:

• Surface Drainage-Although good surface drainage is important at all building
sites, it is especially critical where expansive soils are present. The ground surface
should slope away from the structure, as shown in Figure 19.22. Bare or paved
areas should have a slope of at least 2 percent, vegetated ground should have at least
5 percent. If possible, slope the ground within 3 m (10 ft) of the structure at a 10
percent grade.

It is also important to install gutters or other means of collecting rainwater
from the roof and discharging it away from the foundation.

• Basement Backfills-If the structure has a basement, the backfill should consist of

nonexpansive soils. It should be well compacted to avoid subsequent settlement that
would adversely affect the surface drainage patterns. In addition, a well-compacted
backfill is less pervious, so water will be less likely to infiltrate the soil.

Install a drain pipe at the bottom of the backtill to capture any water that
might enter and carry it outside or to a sump pump. Carefully design such drains to
avoid having them act as a conduit to bring water into the backfill.

• Landscaping-Irrigation near the structure can introduce large quantities of water
into the soil and is a common cause of swelling. This can be an especially trouble
some source of problems because irrigation systems are usually installed by home
owners or others who are not sufficiently conscious of expansive soil concerns.
Specific preventative measures include:

• Avoid placing plants and irrigation systems immediately adjacent to the struc
ture.

• Avoid placing irrigation pipes near the structure (to prevent problems from
leaks).

• Direct all spray heads away from the structure.

As discussed earlier, large trees near the structure are often troublesome, es
pecially those with shallow root systems. These trees can draw large quantities of
water out of the soil, thus causing it to shrink. Therefore, it is best to avoid planting
large trees near the structure.

• Underground Utilities-Utility lines often become distorted because of differen
tial swelling of expansive soils. With water, sewer, or storm drain pipes, these dis
tortions can create leaks that in turn cause more expansion. This progression is
likely to occur where the pipes enter the building, and could cause large heaves and
serious structural distress.

The risk of this potential problem can be reduced by:

• Using flexible pipe materials (i.e., PVC or ABS instead of clay or concrete pipe).
• Installing the pipe such that large shear or flexural stresses will not develop. In

some cases, this may require the use of flexible joints.

l'

(a)

(b)

Figure t9.22 Surface drainage details: (a) poor drainage. wet expanded clay: and (b)

good drainage: dry stable clay (Colorado Geological Survey).
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Additional Preventive Measures

Beyond these basics, it also is possible to incorporate more extensive measures. O'Neill
and Poormoayed ( 1980) divided them into three basic categories:

• Alter the expansive clay to reduce or eliminate its swelling potential.

• Bypass the expansive clay by isolating the foundation from its effect.

• Mitigate the movements in the superstructure.

Each of these approaches includes several specific methodologies, as discussed
below.

Altering the Expansive Clay

Replacement

19.5 Preventive Design and Construction Measures

Figure 19.23 Pressure-injected lime (PILi

syst~111 (I.:ourtl..'sy ofGKN Hayward Baker.

Inc. )
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Perhaps the most obvious method of overcoming expansive soil problems is to remove
the soil and bring in a nonexpansive soil as a replacement. When done carefully, this can
be a very effective, although expensive, method. However, be careful not to use a highly
permeable soil that could provide an avenue for water to infiltrate the natural soils below
(which are probably expansive), thus increasing the depth of the active zone.

Lime Treatment

When hydrated lime is mixed with an expansive clay, a chemical reaction occurs and the
clay is improved in the following ways:

• Swelling potential is reduced.

• Shear strength is increased.

• Moisture content is decreased (helpful when working during the wet season because
it increases the workability of the soil).

The lime can be mechanically mixed with the soil at a rate of about 2 to 8 percent
by weight. SpeCial equipment is needed to assure adequate mixing and the process gener
ally limited to shallow depths (i.e., 300 mm or 12 in).

Another method of treating soil with lime is to inject it in a slurry form using a tech
nique known as pressure-injected lime (PIL). The lime slurry is forced into the soil under
high pressure using equipment similar to that shown in Figure 19.23. This method is capa
ble of treating soils to depths of up to about 2.5 m (8 ft).

The PIL technique is most effective in highly fissured soils because the fissures pro
vide pathways for the slurry to disperse. In addition to the chemical effects. the filling of
the fissures with lime also retards moisture migration in the soil.

"

Lime treatment is most commonly used on canals, highways, and other projects that
have no foundation. The pressure injected lime technique is also useful when making re
pairs to an existing structure that has suffered damage from expansive soils.

Prewettillg

This technique, also known as pondillg, presoaking, or presaturatioll, consists of covering
the site with water before construction in an attempt to increase the moisture content
of the soil. thus preswelling it. When used with a project that will include a slab-on-grade,
the moisture will remain reasonably constant, especially if the perimeter of the site is
landscaped and irrigated or if moisture barriers are installed around the structure. The idea
here is to cause the soil to expand before building the structure, and then maintain it at a
high moisture content.

In some areas, such as southern California, this technique works well and generally
requires a soaking time of a few days or weeks. However, in other areas, the required
soaking time is unacceptably long (i.e., many months). These differences in soaking times
may be due to differing required depths of soaking (a function of the depth of the active
zone) and the presence or absence of fissures in the clay.

The soaking process can be accelerated by first drilling a grid of vertical sand drains
(borings filled with sand) to help the water percolate into the soil. The use of wetting
agents in the water also can accelerate this process.

After the prewetting is completed. it is usually necessary to treat the ground surface
to provide a working platform. This could consist of lime treating the upper soils or plac
ing a 100 to 150 mm (4-6 in) thick layer of sand or gravel on the surface.
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Moisture Barriers

Impermeable moisture barriers, either horizontal or vertical, can be an effective means of
stabilizing the moisture content of the soil under a structure. These barriers may be lo
cated on the ground surface in the form of sidewalks or other paved areas, or they can be
buried. The latter could consist of underground polyethylene or asphalt membranes.
Moisture barriers are especially helpful under irrigated landscape areas where they can
take the form of sealed planter boxes.

The primary advantage of barriers is that they promote more uniform moisture con
ditions below the structure, thus reducing the differential heave: They mayor may not af
fect the total heave.

Although moisture barriers can be very helpful, never consider them to be com
pletely impervious. They are generally supplementary measures that work in conjunction
with other techniques.

Active
Zone

Grade Beam

f . Cardboard

, Fonnf '\. Potential

f Uplift Forces

Drilled Shaft

Floor Preeast Grade Beam

Void

Figure t9.2~ Typical lightweight huilding foundation consisting of drilled shafts and raised grade

beams: (a) cast-in-place grade beam with cardboard forms are designed lO collapse at pressures

slightly greater than those from the wet concrete: (b) preeast concrete grade beam. Note the uplift

forces acting on the shaft due to the heave of the soil in the active lone.

these forms is to permit the soil to freely expand without pressing against the grade beam.
Another alternative is to use precast grade beams.

This system also works well on larger structures, although much larger shafts are
then required.

One of the special concerns of using drilled shafts in expansive soils is the develop
ment of uplift forces along the sides of the shafts within the active zone, as shown in Fig
ure 19.24. The shafts must be designed to accommodate these forces, both in terms of
load transfer and the need for tension steel extending through the active zone.

This matter is further aggravated because the soil also attempts to swell horizon
tally, which translates to an increased normal stress between the soil and the shaft. This,
in turn, permits more side friction to be mobilized and increases the uplift force.

Reese and O'Neill (1988) recommend computing the unit uplift side friction in the
active zone as follows:

Bypassing the Expansive Clay

Because the moisture content of a soil will fluctuate more near the ground surface than it
will at depth (the active zone concept described earlier), one method of mitigating
swelling effects is to support the structure on deeper soils, thus bypassing some or all of
the active zone. This method is also useful when the expansive soil strata is relatively thin
and is underlain by a nonexpansive soil.

Deepened Footings

When working with mildly expansive soils it often is possible to retain a spread footing
foundation system by simply deepening the footings, perhaps to about 0.5 m (3 ft) below
grade. This will generally be less than the depth of the active zone, so some heave would
still be possible, but its magnitude will be much less.

This method also has the advantage of increasing the rigidity of the footing (which
is usually supplemented by additional reinforcement-say, one or two #4 bars top and
bottom), thus spreading any heave over a greater distance and improving the structure's
tolerance of heave.

When spread footings are used, they should be designed using as high a bearing
pressure as practicable to restrain the heaving. A bearing pressure equal to the swelling
pressure would be ideal, but is generally possible only in very mildly expansive soils. J, = a O"hs tan <?,. (19.4)

Drilled Shafts

In a highly expansive soil, deepened spread footings cease to be practical and a drilled
shaft foundation often becomes the preferred system. In the Denver, Colorado area, shafts
for lightweight structures are typically 250 to 300 mm (10-12 inches) in diameter and
4.5 to 6 m (15-20 ft) deep (Greenfield and Shen, 1992). The shafts must extend well
below the active 'zone. The individual shafts are connected with grade beams that are cast

on top ofjollapsibJc cardboard or foam forms, as shown in Figure 19.24. The purpose of
"f

•..

Where:

J, = unit uplift side friction

a = an empirical coefficient

O"h.,' = horizontal swelling pressure

<?,. = effective residual friction angle of the clay

For design purposes, consider the horizontal swelling pressure, O"h.,' to be equal to
the vertical swelling pressure obtained from a swelling pressure test.
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Unfortunately, we cannot yet define the correlation coefficient, a, with any great
precision. O'Neill and Poormoayed (1980) back-calculated a value of 1.3 from a single
instrumented shaft in San Antonio. This value agrees very closely with Chen (1988)
whose work was based on model tests and has been successfully used in practice. This is
probably a reasonable number to use until we obtain more experimental data.

Obtain the effective residual friction angle from laboratory tests. Chen (1988) sug
gests that for stiff clay and clay shale, it is usually on the order of 5 to 10 degrees.

Consider the possibility that parts of the shaft might develop a net tensile force if
the soil were to swell. Therefore, the design must include steel reinforcing bars and they
should extend to the bottom of the shaft. In Denver, shafts that support lightweight struc
tures typically have at least two full-length #5 grade 40 rebars, whereas in Dallas, two #6
bars are common (Greenfield and Shen, 1992).

An alternative to designing for uplift loads is to isolate the shaft from the soil in the
active zone. One way to do so is by forming the shaft with a cardboard tube inside a per
manent steel casing and filling the annular space with a weak but impervious material.

For design purposes, the resistance to either upward or downward movements is
considered to begin at the bottom of the active zone. This resistance can be generated by a
straight shaft, one with a bell, or one with shear rings. The latter two are commonly pre
ferred when large uplift loads are anticipated.

Structurally-Supported Floors

When the computed total heave exceeds about 25 to 50 mm (1-2 in), conventional
slab-on-grade floors cease to perform well. In such cases, the most common design is to
use a raised floor supported on a drilled shaft foundation that penetrates through the active
zone, as shown in Figure 19.25. Not only does this design isolate the floor from direct
heaving, it also provides ventilation of the ground surface while still shielding it from pre
cipitation. This keeps the soil under the building much drier than it would be with a slab
on-grade floor or a mat floor.

Mitigating Movements in the Structure

19.5 Preventive Design and Construction Measures

/ Raised Fl<xlr

Air Space

Drilled-Shaft
Foundation

Figure 19.25 Bypassing an expansive clay with a raised 1100r and a drilled shaft foun
dation.
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Figure 19.26 Floating slab and related design details.

Another method of addressing differential settlement and heave problems is to make the
structure more tolerant of these movements. There are many ways to accomplish this, and
these measures can be used alone or in conjunction with the methods described earlier.

Flexible Construction

Some structures will tolerate a large differential movement and still perform acceptably.
Lightweight industrial buildings with steel siding are an example of this type of construc
tion. See the discussion in Chapter 2 for more details on this concept.

Another way of adding flexibility to a structure is to use floating slabs, as shown in
Figure 19.26. Casting these slabs separate from the foundation and providing a slip joint
between the slab and the wall allow it to move vertically when the soil swells.

l'
, .~'.

,,I
L

Suspended
Interior

Partition

Molding

Gap

Slab-on-Grade Floor

(Able to Move Vertically)

Masonite

Slip Joint



19.6 OTHER SOURCES OF HEAVE

Grornko (1974) suggested the criteria in Table 19.9 to guide the selection of preventive
design measures based on the estimated heave and the length-to-height ratio, UH, of the
walls.

694 Chapter 19 Foundations on Expansive Soils

Any construction resting on a floating slab must also be able to move. For example,
furnaces would need a flexible plenum and vent pipe. Partition walls could be suspended
from the ceiling with a gap at the bottom covered with flexible molding. Stairways also
could be suspended from the ceiling and wall and not be connected to the slab. Each of
these details is shown in Figure 19.26. Floating slabs are most commonly used in garages
and basements because these design details are easier to implement.

Rigid Foundation System

The opposite philosophy is to provide a foundation system that is so rigid and strong that
it moves as a unit. Differential heaves would then cause the structure to tilt without dis

torting. Conventionally reinforced mats have been used for this purpose. These mats are
also known as waffle slabs because of the shape of their integral beams, as shown in Fig
ure 19.27. These slabs are cast using collapsible cardboard forms to provide void spaces
under the slab, thus allowing space for the soil to expand. Kantey (1980) noted routine
success with brick buildings on this type of foundation in South Africa, where some had
experienced heaves of up to 250 mm (10 in) and still performed adequately.

An alternative to conventional reinforcement is to use prestressed or post-tensioned
slabs as a kind of mat foundation. PT! (1980) presents a complete design procedure for
post-tensioned slabs on expansive soils. This method is gaining popularity, especially for
residential projects, and has been used successfully on highly expansive soils in Califor
nia, Texas, and elsewhere.

We can apply this concept more economically to mildly expansive soils by using
conventional spread footings in such a way that no footing is isolated from the others.
This can be accomplished by using continuous footings and/or grade beams, as shown
in Figure 19.28. Such a system does not have the rigidity of a mat, but is much more
rigid than isolated footings and will help to spread differential heaves over a longer
distance.

19.6 Other Sources of Heave

Add Grade Beams

\
I

Square
Fooling

Figure 19.28 Use of t.:ominuous foolings

and grade heams to improve the rigidity of a
spread fOOling syslCIlL

Determining Which Methods to Use
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Perimeter

Continuous

Fooling

Exterior

Square Fooling

Waffle Slab

Figure t9.27 Conventionally reinforced mat foundation "waffle slab."

"
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Although expansive clays are the most common source of heave, other mechanisms also
have been observed.

Expansive Rocks

Sedimentary rocks formed from clays, such as claystone, and shale, are often expansive
(Lindner, 1976). The physical mechanisms are similar to those for clay soils, but the
swelling pressures and potential heave are often very high because of the high unit weight
of rock. However, these rocks do not transmit water as easily, so the potential heave may
be more difficult to attain in the field.

Some other rocks can expand as a result of chemical processes, such as oxidation or
carbonation. These processes often create by-products that occupy a larger volume than
the original materials (Undner, 1976).
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Steel making Slag

The process of making steel from iron ore produces two principal types of solid wastes:
blast furnace slag and steelmaking slag (Lankford et aI., 1985). Blast furnace slag is the
waste produced when iron ore and limestone are combined in a blast furnace to produce
iron. This material has very favorable engineering properties and has been used for con
crete aggregate (with some problems), base material beneath pavements, and many other
applications (Lee. 1974). In contrast, steelmaking slag is produced when iron is made into
steel, and it is a much more troublesome material.

The primary problem with steelmaking slag is that it can expand in volume after
being put in place, thus producing problems similar to those caused by expansive clays .
For example, Crawford and Bum (1968) described a case history of a floor slab built over
sand-sized steelmaking slag that heaved up to 75 mm (3 in) in 5 years. Uppot (1980) de
scribed another case history of an industrial building that experienced heaves of up to
200 mm (8 in) in columns and up to 250 mm (10 in) in floor slabs within six years of
construction .

This expansion is the result of hydration of unslaked lime. magnesium oxides, and
other materials, and may exceed 20 percent of the original volume of the slag. Spanovich
and Fewell (1968) observed that the expansion potential is reduced by more than 50 per
cent if the slag is allowed to age for 30 days before being used. This aging process re
quires exposure to oxygen and water. However, they also observed that slag that had been
buried for more than 30 years (and thus had not been cured) was still very expansive.

Some engineers have used cured steelmaking slag for applications that have a high
tolerance of movements, such as open fills, unpaved roads, and railroad ballast. Engineers
in Japan have used mixtures of steelmaking slag and blast furnace slag to produce ag
gregate base material for roadway pavements (Nagao, et aI., 1989). However, because of
its expansive properties, steelmaking slag should not be used beneath structural founda
tions.

Salt Heave

Soils in arid areas sometimes contain high concentrations of water-soluble salts that can
crystallize out of solution at night when the temperature is low and return to solution dur
ing the day as the temperature rises. The formation and dissipation of these salt crystals
can cause daily cycles of heave and shrinkage in the soil, especially in the late fall and
early spring when the difference between day and night air temperatures may be 600 F
(330 C) or more. Although some moisture must be present for crystallization to occur, this
process is driven by changes in temperature. This phenomenon, known as salt heave, or
chemical heave, normally occurs only in the upper 0.3 to 0.6 m (1-2 ft) of the soil because
the salt concentrations and temperature fluctuations are greatest in this zone.

Based on studies of soils in the Las Vegas, Nevada area. Cibor (1983) suggested
that salt heave can generate swelling pressures of 10 to 15 kPa (200-300 lb/ft~). The bear
ing pressure beneath most spread footings is much larger than this swelling pressure, so
these footings are able to resist the heaving forces without moving. In addition. the bot-
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19.4 What is the "active zone"?

19.6 What are the primary sourcesof uncertaintyin heave analyses?

19.5 What is the "swellingpressure"?

19.3 How do human activitiesoften aggravate expansive soil problems?

Montmorillonite

Prewetting

Slag

Swell potential
Thomthwaite moisture

index

Waffle slab

Wetting coefficient

Expansive soil
Heave

IIIite

Kaolinite

Lime treatment

Loaded swell test

Modified swell
overburden test

Moisture barrier

c. Provide a shallow foundation capable of withstanding differential movements
and mitigating their effect in the superstructure.

8. The current state-of-practice in most places is to select the appropriate preventive
measures based on qualitative or semiquantitative test results and local experience.
These methods are generally applicable only to limited geographic areas and for
certain types of structures.

9. The profession is moving toward the use of heave calculations as a basis for deter
mining preventive measures. Such calculations can be based on either loaded swell

tests or soil suction tests. Hopefully, these methods will help the engineer more ac
curately characterize the soil and soil-structure interaction.

Active zone

Bentonite

Clay minerals
Constant volume swell

test

Differential heave

Edge lift

Expansion index

Expansion pressure

Vocabulary

19.2 What types of climatesare most prone to cause problems with expansiveclays?

19.1 Why are lightweightstructures usually more susceptibleto damagefrom expansivesoils?

19.7 Why do the soils beneath buildingswith raised floors tend to be drier than those beneath slab
on-grade floors?

19.8 The foundationdescribed in Example 19.1 is to be redesigned using a net allowable bearing
pressure of 75 kPa. Compute the potential heave and compare it with that computedin the ex
ample. Discuss.

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

1. Expansive soils cause more property damage in the United States than all the earth
quakes, floods, tornados, and hurricanes combined.

2. Most of this damage is inflicted on lightweight improvements, such as houses,
small commercial buildings, and pavements.

3. Soil swelling is the result of the infiltration of water into certain clay minerals, most
notably montmorillonite. Swelling will occur only if the moisture content of the soil
changes.

4. Expansive soils are most likely to cause problems in subhumid, semiarid, and arid
climates. The patterns of precipitation and evaporation/transpiration in these areas
usually cause the moisture content of the soil to fluctuate during the year, which cre
ates cycles of shrinking and swelling. New construction in these areas normally pro
motes an increased moisture content in the soil that further aggravates the problem.

5. The potential heave at a given site is a function of the soil profile, variations in soil
moisture, overburden loads, and superimposed loads.

6. A wide variety of test methods are available to evaluate the degree of expansive
ness. Some of these methods are primarily qualitative, and others provide quantita
tive results.

7. Preventive measures fall into three categories:
a. Alter the condition of the expansive clay.

b: Bypass the expansive clay by isolating the foundation from its effect.

.,

toms of footings are typically below the zone of greatest heave potential. However, heave
has been observed in very shallow and lightly loaded footings.

Damage from salt heave is most often seen in slab-on-grade floors, sidewalks, and
other shallow, very lightly loaded areas. For example, Blaser and Scherer (1969) observed
heaves of 100 mm (4 in) in exterior concrete slabs.

Evaluate these soils by measuring the percentage of salts in solution. Typically,
concentrations of greater than 0.5 percent soluble salts in soils with more than 15 percent
fines may be of concern. The heave potential can be measured using a thermal swell test
(Blaser and Scherer, 1969). This test is similar to the swell tests discussed earlier in this

chapter, except that the soil expansion is induced by cooling the sample instead of adding
water.

A common method of avoiding salt heave problems is to excavate the salt-laden
natural soils to a depth of 0.3 to 0.6 m (1-2 ft) below the proposed ground surface and
backfill with open graded gravel. Because the gravel provides thermal insulation, the tem
perature below will not vary as widely as on the ground surface, so salt heave will be less
likely to occur. In addition, the weight of the gravel will resist any swelling pressures that
might develop.

Major Points

SUMMARY
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19.9 An 8 inch diameter drilled shaft will penetrate through an expansivestiff clay to a depth well
below the active zone. It will carry a downward load of 5200 lb. The horizontal swellingpres
sure in this soil is approximately5000 Ib/ft"and the active zone extends to a depth of 10ft. No
residual strengthdata are available. Determine the following:

3. What is the uplift skin friction load?

b. Is a tensile failure in the shaft is possible (do not forget to consider the weight of the
shaft)?

c. What is the required reinforcing steel to prevent a tensile failure (if necessary)? Use
1,. = 40 klin2 and a load factor of 1.7.

t
..t:~

20.1

20

Foundations on Collapsible Soils

It is better to fail while attempting to do something worthwhile
than to succeed at doing something that is /lot.

Foundation engineers who work in arid and semiarid areas of the world often encounter
deposits of collapsible soils. These soils are dry and strong in their natural state and ap
pear to provide good support for foundations. However, if they become wet, these soils
quickly consolidate, thus generating unexpected settlements. Sometimes these settlements
are quite dramatic, and many buildings and other improvements have been damaged as a
result. These soils are stable only as long as they remain dry, so they are sometimes called
metastable soils, and the process of collapse is sometimes called hydroconsolidation, hy
drocompression, or hydrocollapse.

To avoid these kinds of settlements, the foundation engineer must be able to iden
tify collapsible soils, assess the potential settlements, and employ appropriate mitigation
measures when necessary (Clemence and Finbarr, 1981).

ORIGIN AND OCCURRENCE OF COLLAPSIBLE SOILS

Collapsible soils consist predominantly of sand and silt size particles arranged in a loose
"honeycomb" structure, as shown in Figure 20.1. Sometimes gravel is also present. This
loose structure is held together by small amounts of water-softening cementing agents,
such as clay or calcium carbonate (Barden et al., 1973). As long as the soil remains dry,
these cements produce a strong soil that is able to carry large loads. However, if the soil
becomes wet, these cementing agents soften and the honeycomb structure collapses.

Various geologic processes can produce collapsible soils. By understanding their
geologic origins, we are better prepared to anticipate where they might be found .

701
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20.1 Origin and Occurrence of Collapsible Soils 703

Figure 20.3 Aerial view of now topography in the desert near Palm Springs. Califurnia.

Both surface water and windstorms in this area move from the right side of the photo to

the left side. Thus, the alluvial and aeolian soil deposits form long stripes on the ground.

These soils are often highly collapsible. so settlcment problems can occur in the hea\'ily

irrigated devclopments. slIch as the golf course community shO\~m in the bottom of this

photograph,

soil becomes dry, these materials bond the sand particles together, thus forming the hon
eycomb structure.

When the next flow occurs, more honeycomb-structured soil forms, It, too, dries
rapidly by evaporation, so the previously deposited soil remains dry. Thus, deep deposits
of this soil can form. The remains of repeated flows are often evident from the topography
of the desert, as shown in Figure 20.3. These deposits are often very erratic, and may in
clude interbedded strata of collapsible and noncollapsible soils,

In some areas, only the upper 1 to 3 m (3-10 ft) of these soils is collapsible, whereas
elsewhere the collapse-prone soils may extend 60 m (200 ft) or more below the ground
surface. An example of the latter is the San Joaquin Valley in Central California. Irriga
tion canals are especially prone to damage in that area because even small leaks that
persist for a long time may wet the soil to a great depth, Settlements of 600 to 900 mm
(2-3 ft) are common, and some cases of up to 4.7 m (15 ft) have been reported (Dudley,
1970).

Collapsible Aeolian Soils

Soils deposited by winds are known as aeolian soils, These include windblown sand
dunes, loess, volcanic dust deposits, as well as other forms. Loess (an aeolian silt or sandy
silt) is the most common aeolian soil and it covers much of the earth's surface, It is found
in the United States, central Europe, China, Africa, Australia, the former Soviet Union,
India, Argentina, and elsewhere (Pye, 1987). The locations of major loess deposits in the
United States are shown in Figure 20A along with locations of other reported collapsible
soil deposits.

!

Loaded Soil Structure
After lnundation

Loaded Soi I Structure
Before Inundation

Figure 20.2 When now deposits dry by evaporation. the retreating water draws the sus

pended clay particles and dissolved salts toward the pm1ide contact point'i."
'.t.:.

Some alluvial soils (i.e., soils transported by water) and some collul'ial soils (i.e" soils

transported by gravity) can be highly collapsible. These collapsible soils are frequently
found in the southwestern United States as well as other regions of the world with similar
climates, In these areas, short bursts of intense precipitation often induces rapid downs

lope movements of soil known as flows. While they are moving, these soils are nearly sat
urated and have a high void ratio. Upon reaching their destination. they dry quickly by

evaporation, and capillary tension draws the pore water toward the particle contact points,
bringing clay and silt particles and soluble salts with it, as shown in Figure 20.2. Once the

Collapsible Alluvial and Colluvial Soils

Fi~ure 20.1 Microscopic view of a col

lapsible soil. In their natural state. these soils
have a honeycomb structure that is held to

gether hy water soluble bonds. However. if
the soil hecomes wet. these hunds soften and

the soil consolidates (Adapted from Hous

ton, ct al,. 1988: Used with permission of
ASCEi.
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Figure 20.4 Locations of major loess deposits in the United States along with other sites

of reported collapsible soils (Adapted from Dudley. 1970; Used with permission of
ASCE).

e8
x

Symhols

Major Loess
Deposits

Reports of
Collapse in
Other Type
Deposits

20.2

Residual soils are likely to have the greatest amount of spatial variation, thus mak
ing it more difficult to predict the collapse potential.

IDENTIFICATION, SAMPLING, AND TESTING

Engineers have used many different techniques to identify and evaluate collapsible soils.
They may be divided into two categories: indirect methods and direct methods.

The indirect methods assess collapse potential by correlating it with other engineer
ing properties such as unit weight, Atterberg limits, or percent clay particles. The result of
such efforts is usually a qualitative classification of collapsibility, such as "highly col
lapsible." Although these classifications can be useful, they provide little, if any, quantita
tive estimates of the potential settlements (Lutenegger and Saber, 1988). In addition, most
of them have been developed for certain types of soil, such as loess, and cannot necessar
ily be used for other types, such as alluvial soils.

As a result of these difficulties, many engineers prefer to use direct methods of
evaluating potentially collapsible soils. These methods involve actually wetting the soil,
either in the laboratory or in-situ, and measuring the corresponding strain. We can then
extrapolate the results of such tests to the entire soil deposit and predict the potential set
tlements.

Obtaining Samples of Collapsible Soils

Collapsible loess has a very high porosity (typically on the order of 50 percent) and
a correspondingly low unit weight (typically 11-14 kN/m' or 70--90 Ib/ft'). The individ
ual particles are usually coated with clay, which acts as a cementing agent to maintain the
loose structure. This cementation is often not as strong as that in many alluvial soils, so
collapse can occur either by wetting under a moderate normal stress or by subjecting the
soil to higher normal stresses without wetting it.

Loess deposits are generally much less erratic than other types of collapsible soils,
but they are often much thicker. Deposits 60 m (200 ft) thick are not unusual.

Collapsible Residual Soils

Residual soils are those formed in-place by the weathering of rock. Sometimes this
process involves decomposition of rock minerals into clay minerals that may be removed
by leaching, leaving a honeycomb structure and a high void ratio. When this structure de
velops, the soil is prone to collapse. For example, Brink and Kantey (1961) reported that
residual decomposed granites in South Africa often collapse upon wetting, leading to a
7 fo 10 percent increase in unit weight. Residual soils derived from sandstones and basalts
in Brazil also are collapsible (Hunt, 1984).

Dudley (1970) reported test results from a residual soil from Lancaster, California,
that showed nearly zero consolidation when loaded dry to a stress of 670 kPa (14,000 lb/ft~)
over the natural overburden stress, yet collapsed by 10 percent of its volume when soaked.

1.
..J:~

Laboratory tests are more useful than in-situ tests because of the greater degree of control
that is possible in the lab. However, to perform such tests, we must obtain relatively
undisturbed samples of the soil and bring them to the lab.

Collapsible soils that are moderately to well cemented and do not contain much
gravel usually can be sampled for purposes of performing collapse tests without undue
difficulty. This includes many of the alluvial collapsible soils. As with any sampling oper
ation, the engineer must strive to obtain samples that are as undisturbed as possible and
representative of the soil deposit. Unfortunately, collapsible soils, especially those of allu
vial or residual origin, are often very erratic. It is difficult to obtain representative samples
of erratic soil deposits, so we must obtain many samples to accurately characterize the
collapse potential. Considering the usual limitations of funding for soil sampling, it is
probably wiser to obtain many good samples rather than only a couple of extremely high
quality (but expensive) samples.

Sometimes, conventional thin-wall Shelby tube samplers can be pressed into the
soil. It is best to use short tubes to avoid compressing the samples. Unfortunately, because
collapsible soils are strong when dry (it is important not to artificially wet the soil during
sampling), it often is necessary to harruner the tube in place. Fortunately, studies by Hous
ton and EI-Ehwany (1991) suggest that harrunering does not significantly alter the results
of laboratory collapse tests for cemented soils.

Although Shelby tubes work well in silty and sandy soils, they are easily bent when
used in soils that contain even a small quantity of gravel. This is often the case in collapsi-
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ble soils, so we may be forced to use a sampler with heavier walls, such as the ring-lined
barrel sampler shown in Figure 4.5 in Chapter 4. Although these thick-wall samplers gen
erate more sample disturbance, their soil samples may still be suitable for laboratory col
lapse tests (Houston and EI-Ehwany, 1991).

Lightly cemented collapsible soils, such as loess, are much more difficult to sample
and require more careful sampling techniques. Fortunately, loess is usually much more
homogeneous, so fewer samples are needed.

Gravelly soils are more difficult to sample and therefore more difficult to evaluate.
Special in-situ wetting tests are probably appropriate for these soils (Mahmoud, 1991).

Laboratory Soil Collapse Tests

Once samples have been obtained, they may be tested in the laboratory by conducting col
lapse tests. These are conducted in a conventional oedometer (consolidometer) and di
rectly measure the strain (collapse) that occurs upon wetting. Although the details of the
various test procedures vary, we can divide them into two groups: double oedometer tests
and single oedometer tests.

Double Oedometer Method

20.2 Identification, Sampling, and Testing

Strain.
E

Figure 20.5 Typical results from double
oedometer tests.

o

~

Normal Stress.
cr

(Logarithmic Scale)
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Jennings and Knight (1956, 1957, 1975) developed the double oedometer method while
investigating collapsible soils in South Africa. This method uses two parallel consolida
tion (oedometer) tests on "identical" soil samples. The first test is performed on a sample
at its in-situ moisture content; the second on a soaked sample. The test results are plotted
together, as shown in Figure 20.5. The vertical distance between the test results represents
the potential hydrocollapse strain, E", as a function of normal stress.

Single Oedometer Method

Many engineers prefer to use the single oedometer method to assess collapse potential.
With this method, each test requires only one soil sample.

The single oedometer test is usually conducted as follows (Houston et aI., 1988):

1. Place an undisturbed soil sample in an oedometer and maintain the in-situ moisture
content.

2. Apply a seating load of 5 kPa (100 Ib/ft2) and zero the dial gauge.

3. Increase the vertical stress in increments, allowing the soil to consolidate each time.
Normally the load may be changed when the rate of consolidation becomes less
than 0.1 percent per hour. Continue this process until the vertical stress is equal to
or slightly higher than that which will occur in the field.

4. Inundate the soil sample and monitor the resulting hydrocompression. This is the
potential hydrocollapse strain, E", for this overburden stress.

5. Once the hydroconsolidation has ceased, apply an additional stress increment and
allow the soil to consolidate.

"
'~·1

---'-

This procedure can normally be completed in 24 to 36 hours. The results of such a test are
shown in Figure 20.6.

The single oedometer method is faster and easier and it more closely simulates the
actual loading and wetting sequence that occurs in the field. It also overcomes the prob
lem of obtaining the two identical samples needed for the double oedometer test. How
ever, this method provides less information because it only gives the hydrocollapse strain
at one normal stress. Therefore, the soil should be wetted at a normal stress that is as close
as possible to that which will be present in the field.

Evaluation of Laboratory Collapse Test Results

The most common practice has been to evaluate collapse test results using criteria such as
that shown in Table 20.1. When using this approach, engineers specify the required reme
dial measures, if any, based on a qualitative assessment of the test results. For example,
soils with an E••. greater than some specified value might always be excavated and com
pacted back in place.

Although such methods often are sufficient, they do not provide an estimate of the
potential settlement due to hydrocollapse. For example, a thick stratum of "moderate trou
ble" soil that becomes wetted to a great depth may cause more settlement than a "severe
trouble" soil that is either thinner or does not become wetted to as great a depth. There
fore, it would be more useful to perform a quantitative evaluation of the test data to esti

mate the potential settlements due to collapse and develop any preventive design
measures accordingly.
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One of the soil characteristics to identify before conducting a settlement analysis is

the relationship between the potential hydrocollapse strain, 10", and the normal stress. er.

Although additional research needs to be conducted to further understand this relation

ship, it appears that there is some threshold collapse stress, err' below which no collapse

will occur, and that 10" becomes progressively larger at stresses above err' This trend prob

ably continues until the stress is large enough to break down the dry honeycomb structure,

as shown in Figure 20.7. This latter stress is probably quite high in most collapsible soils.

but in some lightly cemented soils, such as loess, it may be within the range of stresses

that might be found beneath a foundation. For example, Peck, Hanson and Thornburn

( 1974) noted a sudden and dramatic collapse of certain dry loessial soils in Iowa when the

normal stress was increased to about 260 kPa (5500 Ib/ft2).

For collapsible soils other than loess, it appears that the relationship between 10" and

ITr within the typical range of stresses beneath foundations may be expressed by the fol

lowing formula:

10" = C" (log er - log err)

= C" log (;r)

Figure 20.7 Relatiunship hctwccn hyJrocollapsc strain anu normal 'itrcss: tal for most

L'(lllap"lbk :-,()jl,,: and ih) for lut'ss.

(20.1)

(20.2)
dE".

d (log er)
CII·

Normal Stress. Cl

(Logarithmic Scale)

Fi~ure 20.6 Typical results from a l'ol

lap~e test using the sing.le oedometer method

(Adapted from Houston et al.. 1988: Used

with permission of ASCE I.

TABLE 20.1 CLASSIFICATION OF SOIL COLLAPSIBllITY

Adapted from Jennings and Knight. 1975: Procc~dillgS 6th RcgiOlw.1 Conference

for Africa: ©A.A. Balkema Puhlishcrs. Brooklield. VT: Used with permissiolll.

Potential Hydrocollapse Strain. E"

0-0.01

0.01-0.05

0.05-0.10

0.10-0.20

> 0.20

Severity of Problem

No problem

Moderate trouble

Trouble

Severe trouble

Very severe trouble

Where:

10" = potential hydrocollapse strain

C" = hydroconsolidation coefficient

err = threshold collapse stress

er = normal stress at which hydroconsolidation occurs

The definition of C", as shown in Equation 20.2, also could be expressed as the additional

hydrocollapse strain that occurs for every tenfold increase in normal stress.

We could determine C" and err by conducting one or more double oedometer tests.

Alternatively. we could perform a series of single oedometer tests at a variety of normal

stresses. and plot the results. as illustrated in Example 20.1. In either case. conduct the

tests at stresses that are comparable to those in the field.

'f!
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The magnitude of (7, can often be taken to be about 5 kPa (lOO Ib/ft2) (Houston
et al.. 1988). although a higher value would be likely if the clay content or unit weight is

high. Fortunately. any error in determining (7,. and the corresponding error in computing
C". does not significantly affect the settlement computations as long as the samples are in
undated at normal stresses within the range of those that exist in the field.

t

I

Water Infiltration

I \ \

Ground Surfaf.:c

'"

Figure .20.8 As water infiltnHl:s into till' soil. a Jislillt:l wctting fronII.H..l\'anCl's uo\\'n
ward.

In-Situ Soil Collapse Tests

Gravelly soils pose special problems because they are very difticult to sample and test:
yet they still may be collapsible. To evaluate these soils, it may be necessary to conduct
an in-situ collapse test. Some of these tests have consisted of large-scale artificial wetting
with associated monitoring of settlements (Curtin. 1973). and others have consisted of
small-scale wetting in the bottom of borings (Mahmoud. 1991).

20.3 WETTING PROCESSES

/
I Wet 5'oil

Dry Soil

\

/"
-- Wetting Front

To assess potential settlements caused by soil collapse, it is necessary to understand the
processes by which the soil becomes wetted. We must identify the potential sources of
water and understand how it infiltrates into the ground.

Usually, the water that generates the collapse comes from artificial sources. such as
the following:

• Infiltration from irrigation of landscaping or crops

• Leakage from lined or unlined canals

• Leakage from pipelines and storage tanks

• Leakage from swimming pools

• Leakage from reservoirs

• Seepage from septic tank leach tields

• Infiltration of rainwater as a result of unfavorable changes in surface drainage

Although the t10w rate from most of these sources may be slow, the duration is
long. Therefore, the water often infiltrates to a great depth and wets soils that would oth
erwise remain dry.

As water penetrates the soil. a wetting front forms. as shown in Figure 20.8. This
process is driven primarily by soil suction, so the wetting front will be very distinct. The
distance it advances depends on the rate and duration of the water inflow as well as the
hydraulic conductivity of the soil. the magnitude of the soil suction. and other factors.
These are difficult to quantify, so this may be the greatest source of uncertainty in esti
mating the settlemelll-due to collapse. Hopefully additional research and experience will
generate more insight.

'f

Curtin (1973) gives an interesting illustration of wetting processes in collapsible
soils. He conducted large-scale wetting collapse tests in a deposit of collapsible alluvial
soil in California's San loaquin Valley. This soil is collapsible to a depth of at least 75 m
(250 ft). After applying water continuously for 484 days. the wetting front advanced to
a depth of at least 45 m (] 50 ft). The resulting collapse caused a settlement of 4.1 m
( 13.5 ft) at the ground surface.

In another case, irrigation of lawns and landscaping, and poor surface drainage
around a building in New Mexico caused the wetting front to extend more than 30 m
(100 ft) into the ground, which resulted in 25 to 50 mm (1-2 in) of settlement (Houston,
1991). In this case, the water int10w was slow and gradual. so the soil did not become
completely saturated. If the rate of int10w had been greater. and the soil became wetter,
the settlements would have been larger.

The New Mexico case illustrates the importance of defining the degree of saturation
that might occur in the field. Laboratory collapse tests wet the soil to nearly 100 percent
saturation, which may be a much worse situation than that in the field. This is why we
refer to EH as the potential hydrocollapse strain; the actual strain depends on the degree of
wetting.

Tests conducted on collapsible soils in Arizona and New Mexico indicate that these
soils typically become only 40 to 60 percent saturated, even after extended periods of
wetting (Houston, 1991). It appears that long-term intensive wetting, such as that obtained
in Curtin' s tests, is necessary to obtain greater degrees of saturation.

Obtain the relationship between the percentage of potential collapse and the degree
of saturation for a given soil by conducting a series of single oedometer collapse tests
with different degrees of wetting. Typical results from such tests are shown in Figure
20.9. The \Vetting coefficient, a, is the ratio between the collapse that occurs when the soil
is partially wetted to that which would occur if it were completely saturated. Although
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Compute the total stress. IT. at the midpoint of each layer using a unit weight that

corresponds to about 50 percent saturation. The values of ex. IT,, and C" may vary with

depth and should be assigned to each layer accordingly. Continue the analysis down to the

maximum anticipated depth of the wetted front or to the bottom of the collapsible soil.
whichever comes first.

Notice that this is a total stress analysis. which means that both the laboratory and

field data are evaluated in terms of total stress. This differs from the effective stress analy
ses used to evaluate consolidation settlement. as discussed in Chapter 7. An effective

stress analysis would need to consider soil suction (negative pore water pressures).

100
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Ij

E"
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;:;
;::
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3" = :L ex C" H log ( :J
Where:

H = thickness of soil layer

(20.4)

Degree of Saturation. 5

Figure 20.9 Experimental relationships between collapse and degree of saturation dur

ing wetting. These functions are for particular soils from Arizona. and must be deter
mined experimentally for other soils (Adapted from Houston. 1992).

very few such tests have been conducted, it appears that ex values in the field will typically
be on the order of 0.5 to 0.8. Once again, additional research and experience probably will

give more insight on selecting ex values for design.

20.4 SETTLEMENT COMPUTATIONS

The settlement that results from collapse of the soil may be computed as follows:

3" = f ex C" log ( ::) dz I (20.3)

Where:

3". = settlement due to hydroconsolidation

ex= wetting coefficient

C", = hydrocollapse coefficient

IT, = vertical total stress

lTt = threshold stress

z= depth

For practical analyses. evaluate this formula using several finite layers of soil as follows:"

Example 20.1

A 6 kip load is to be applied to a 2-ft square. 1.5-ft deep footing that will be supported on a
collapsible soil. This soil extends to a depth of 12ft below the ground surface and has a nat
ural unit weight of 100 Ib/tt'. At 50 percent saturation, it has a unit weight of 120 Ib/ft-'
Seven single oedometer collapse tests have been performed. the results of which are plotted
in the following tigure.

Solution:

For design purposes, the depth of wetting will probably be at least 12ft. Therefore, base the
analysis on the assumption that the entire depth of this collapsible soil will become wetted.

The line in the figure that follows is a conservative interpretation of the collapse test
data. It represents CT, = 200 Ib/ft~ and C". = 0.078.

The limited data available suggests that et varies between 0.5 and 0.8. Therefore. it
seems appropriate to use et values ranging from 0.9 near the bottom of the footing to 0.5 at a
depth of 12 ti.

w, = (2 ti)(2 ft)(1.5 ft)(150 Ib/ft') = 900 Ib

P+W, 6000+900 ,
q = -- =. = 1725Ib/ft-

A 2~

CT'D = "iD = (100 Ib/ft')(2 ft) = 200 Ib/ft~

A tabular format. such as that which follows. is a convenient way to compute the set
tlement. The parameter CT"I is the geostatic stress, aCT, is the stress caused by the footing load.
and CT, = CT,,,+ aCT,. Compute aCT, using Equation 7.7 and 1\".using Equation 20.4.

We also could compute the settlement that would occur if the footing was not present
by using CT,o instead of CL Such an analysis produces a settlement of 3.3 in. Thus, even if the
wetting and the soil were perfectly uniform. the differential settlement would be 4.8 - 3.3 =
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20.5 COLLAPSE IN DEEP COMPACTED FILLS

Although most collapsing soil problems are associated with natural soil deposits, engi
neers have observed a similar phenomenon in deep compacted fills (Lawton et al., 1992).
Some deep tills can collapse even when they have been compacted to traditional stan
dards (Lawton et al., 1989, 1991; Brandon et al., 1990). For example, Brandon reported
settlements of as much as 450 mm (18 in) occurred in 30 m (100 ft) deep compacted tills
near San Diego that became wet sometime after construction .

This suggests that the hydroconsolidation potential is dependent both on the void
ratio and the normal stress. Very loose soils will collapse upon wetting even at low nor
mal stresses, but denser soils will be collapsible only at higher stresses. In other words,
these soils have a very high (]'" but the normal stresses near the bottom of deep fills are
greater than (]',.At shallower depths (i.e., (]',< (]',), tills with a signiticant clay content may
expand when wetted.

It appears that this phenomenon is most likely to occur in soils that are naturally dry
and compacted at moisture contents equal to or less than the optimum moisture content.
We can reduce the collapse pote'ntial by compacting the till to a higher dry unit weight at
a moisture content greater than the optimum moisture content.

20.6 PREVENTIVE AND REMEDIAL MEASURES

cr

Figure 20.10 Analysis for Example 20.1

1.5 in. In reality, both the wetting and the soil would be erratic. so the differential settlement
could be even greater.

In general, collapsible soils are easier to deal with than are expansive soils because col
lapse is a one-way process, whereas expansive soils can shrink and swell again and again.
Many mitigation measures are available, several of which consist of densifying the soil,
thus forming a stable and strong material.

Houston and Houston (1989) identified the following methods of mitigating col
lapsible soil problems;

Depth
1.

Increment

Hz,lT,oalT,IT,IT, B...

(ft)
(ft)(ft)(lb/ft')(lb/fi2)(lblft')(lb/ft')Ch'ex(ft)

1.5-2.0

0.50.25210151517252000.0780.90.033

2.0-3.0

1.01.00300107513752000.0780.80.052
2.

3.0-5.0

2.02.504803518312000.0780.80.077

5.0-7.0

2.04.507201248442000.0780.70.068

7.0-9.0

2.06.509606210222000.0780.60.066

9.0-12.0

3.09.0012603312932000.0780.50.095

> 12.0

00--Total
0.39 ft

Answer=)

=4.710

11 L
Removal of the collapsible soil: Sometimes, the collapsible soil can simply be
excavated and the structure then may be supported directly on the exposed non
collapsible soils. We could accomplish this either by lowering the grade of the
building site or by using a basement. This method would be most attractive when
the collapsible soil extends only to a shallow depth.

Avoidance or minimization of wetting: CotIapse will not occur if the soil is never
wetted. Therefore, when working with collapsible soils, always take extra measures
to minimize the infiltration of water into the ground. This should include maintain
ing excellent surface drainage, directing the outflow from roof drains and other
sources of water away from the building, avoiding excessive irrigation of landscap
ing, and taking extra care to assure the water-tightness of underground pipelines.

For some structures, such as electrical .transmission towers, simple measures
such as this will often be sufficient. If collapse-induced settlement did occur, the
tower could be releveled without undue expense. However, the probability of suc
cess would be much less when dealing with foundations for buildings because there
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Figure 20.11 Transferring strucluralloaus through collapsihle soils 10 deeper. more sta

ble soils: (a) with deepened spread footings: anti (0) with Jeep foundations.

are many more opportunities for wetting and the consequences of settlement are
more expensive to repair. Therefore. in most cases, we would probably combine
these techniques with other preventive measures.

3. Transfer of load through the collapsible soils to the stable soils below: If the
collapsible soil deposit is thin, it may be feasible to extend spread footing founda
tions through this stratum as shown in Figure 20.11. When the deposit is thick. we
could use deep foundations for the same purpose. In either case. the ground floor
would need to be structurally supported.

When using this method, consider the possibility of negative skin friction act
ing on the upper part of the foundation.

4. Injection of chemical stabilizers or grout: Many types of soils, including collapsi
ble soils. can be stabilized by injecting special chemicals or grout. These techniques
strengthen the soil structure so future wetting will not cause it to collapse. These
methods are generally too expensive to use over large volumes of soil. but they can
be very useful to stabilize small areas or as a remedial measure beneath existing
structures.

A variation of this method, known as compactioll grot/tillg, involves injecting
stiff grout that forms hard inclusions in the soil. This is often used to remediate set
tlement problems.

5. Prewetting: If the collapsible soils are identitied before construction begins, they
can often be remedied by artificially wetting the soils before construction (Knodel,
19SI). This can be accomplished by sprinkling or ponding water at the ground sur
face. or by using trenches or wells. This method is especially effective when at
tempting to stabilize deep deposits, but may not be completely satisfactory for
shallow soils where loads from the proposed foundations may signiticantly increase
the normal stress.

If the soil has strong horizontal stratification. as is the case with many alluvial
soils. then the injected water may flow horizontally more than it does vertically.
Therefore. be cautious when using this method near existing structures that are un
derlain by collapsible soils.

It is important to monitor prewetting operations to contirm that the water pen
etrates to the required depth and lateral extent.

This method can also be combined with a temporary surcharge load. The in
creased normal stress beneath such loads will intensify the collapse process and
produce greater settlements.

6. Compaction with rollers or vehicles: Collapsible soils can be converted into ex

cellent bearing material with little or no collapse potential by simply compacting
them (Basma and Tuncer. 1992). Sometimes. this compaction may consist simply
of passing heavy vibratory sheepsfoot rollers across the ground surface, preferably
after first prewetting the soil.

More frequently, this procedure includes excavating and stockpiling the soil,
and then placing it back in layers using conventional earthmoving techniques. If the
collapsible stratum is thin. say, less than 3 m (10 ft). this method can be used to
completely eradicate the problem. It is often the prefen'ed method when minimum
risk is necessary and the collapsible soil deposit is shallow.

If the collapsible stratum is thick. then we may choose to estimate the depth
of the wetting front and extend the removal and recompaction to that elevation. This
method also reduces the likelihood that the lower soils will become wet because the

recompacted soil has a reduced hydraulic conductivity (permeability). Also, if the
lower soils should collapse. the compacted fill will spread any settlements over a
larger area. thus reducing differential settlements.

Some collapsible soils have sufficient clay content to become slightly expan
sive when compacted to a higher unit weight.

7. Compaction with displacement piles: Large displacement piles, such as closed
end steel pipe piles, can be driven into the ground, compacting the soil around the
pile. It may then be extracted and the hole backfilled with sandy gravel or some
other soil. Repeating this process on a grid pattern across the site will reduce the
collapse potential both by soil compaction and by the column action of the backfill.

8. Compaction by heavy tamping: This technique. which is discussed in more detail

in Chapter IS, consists of dropping heavy weights (several tons) from large heights
(several meters) to compact the soil. This process is continued on a grid pattern
across the site, leaving craters that are later backfilled. This technique can be very
effective, especially when combined with prewetting.

9. Vibroflotation: This technique. also discussed in more detail in Chapter IS. con
sists of penetrating the soil with a vibrating probe equipped with water jets (known
as a vibroflot). The water softens the soil and the vibrations help the .collapse
process. The vertical hole formed by the vibroflot is also filled with gravel, thus re
inforcing the soil and adding bearing capacity. This process is repeated on a grid
pattern across the site .

Deep
Foundation/Collapsible

Soil

(b)

D D

la)

•ft
"f;
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20.1 What is a "honeycomb"slruclure?

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

4. Collapsible soils usually can be effectively sampled, as long as they are moderately
to well cemented and do not contain too much gravel. Lightly cemented soils can be

sampled with more ditliculty, whereas gravelly soils are very difficult or impossibleto sample.

S. Laboratory collapse tests may be conducted to measure the collapse potential as

a function of overburden stress. Either the double oedometer test or the single
oedometer test may be used,

6. In the field, collapsible soils are normally not wetted to 100 percent saturation and

therefore do not strain as much as those tested in the laboratory. Typically. the
strain in the field is 50 to 80 percent of that observed in a thoroughly wetted labora
tory test specimen.

7. The settlement also depends on the depth of wetting, but this is difficult to evaluatein advance.

8. We can estimate the amount of settlement by projecting the laboratory collapse tests
back to the field conditions while making appropriate cOITections for overburden
stress and degree of saturation.

9. Many remedial and preventive measures are available to prevent or repair structural
damage caused by collapsible soils.

10. Deep blasting combined with prewetting: Engineers in the former Soviet Union
have experimented with stabilizing collapsible loess by detonating buried explo
sives. In some cases, the ground is first thoroughly prewetted and then the collapse
is induced by vibrations from the detonations. In other cases, the explosives are det
onated while the soil is still dry, and the voids created are filled first with water and
then with sand and gravel.

11. Controlled wetting: This method is similar to method 5 in that it involves injecting
water into the soil through trenches or wells. However, it differs in that the wetting
is much more controlled and often concentrated in certain areas. This would be used
most often as a remedial measure to correct differential settlements that have acci

dently occurred as a result of localized wetting. When used with careful monitoring,
this method can be an inexpensive yet effective way of stabilizing soils below exist
ing buildings that have already settled.

12. Design structure to be tolerant of differential settlements: As discussed in Chap
ter 2, some types of structures are much more tolerant of differential settlements
than are others. Therefore, if the potential for collapse-induced settlement is not too
large, we may be able to use a more tolerant structure. For example, a steel storage
tank would be more tolerant than a concrete one.

The selection of the best method or methods to use at a given site depends on many
factors, including the following:

• How deep do the collapsible soils extend?

• How deep would the wetting front extend if the soil was accidentally wetted?

• How much settlement is likely to occur if the soil is accidentally wetted?

• What portion of the total stress is due to overburden and what portion is due to ap
plied loads?

• Is the building or other structure already in place?

• Has any artificial wetting already occurred?

SUMMARY

Vocabulary

Aeolian soil

Alluvial soil

Collapse test

Collapsible soil
Colluvial soil

Double oedometer method

Honeycomb structure

Hydrocollapse

Hydrocompression
'Hydroconsolidation

Loess

Residual soil

Single oedometer method

Threshold stress

Wetting coefficient

Major Points

1. Collapsible soils have a loose honeycomb structure and are dry in their natural state.
If they are later wetted, this structure will collapse and settlements will occur.

2. Collapsible soils are usually encountered only in arid or semi-arid climates and are
continually dry in their natural state. The water that causes them to collapse is nor
mally introduced artificially (as compared to natural infiltration of rainfall). How
ever, collapsible loess is also found in more humid climates.

3. Collapsible soils can be formed by various geologic processes. They may be allu
vial soils (especially debris flow deposits), aeolian soils (especially loess), or resid
ual soils.
,If(
·1

j
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20.2 Why are collapsingsoils rarely found in areas wilh very wet climares?

20.3 What are the advantagesof evaluating collapse potential using directmethods instead of indirect methods"

20.4 Why is it difficult to obtain samples of gravelly soils and use them in laboratory collapsetests"

20.5 The analysis method presented in this chapter includes the simplifyingassumptionthat E" in
creases with the log of (1. Although this appears to be a reasonable assumption within the
usual range of stresses beneath a spread footing. would YOll expect this relationship to hold
true at very high stresses? Explain.



20.6 Why is (Tt usually larger in soils that have a greater clay content"

720

20.7

Chapter 20 Foundations on Collapsible Soils

A proposed industrial building will include an 800-mm wide. 4OO-mmdeep continuous foot
ing that will carry a load of 90 kN/m. The soil beneath this proposed footing is collapsible to a
depth of 2.5 m. and noncollapsible below that depth. The upper 2.5 m has a natural unit
weight of 16.0 kN/ml, (Tt = 7.2 kPa and C.•.= 0.085. At 50 percent saturation. this soil has a
unit weight of 18.0kN/m'. Compute the potential settlementdue to wettingof this collapsible
soil. Assume the depth of welling is greater than 2.5 m.

21

20.8 What preventive measures would you use to avoid settlement problems in the footing de
scribed in Problem 20.7?

20.9 Assume you have several undisturbed samples of a collapsible soil and need to develop a plot
of ex vs. S similar to those in Figure 20.9. How would you obtain these data"?

20.10 Is it possible for some soils to be expansive when the normal stress is low. and collapsible
when it is high? Explain.

·r

i
i.

Reliability-Based Design

You can know a lot and not really understand anything.

Charles Kettering
American Inventor

Reliability has been defined as "the probability of an object (item or system) performing
its required function adequately for a specified period of time under stated conditions"
(HalT. 1996). Thus. a reliable foundation is one that has a high probability of supporting
the structure (the required function) without collapse or excessive deformation (ade
quately) for its design life (the specified period) at the project location (the condition).
Achieving a sufficient reliability is one of the most fundamental and important goals of
foundation design and construction.

In one sense this is an easy goal to achieve: we could simply "overdesign" the foun
dation so that its load-bearing capacity and anticipated settlement surpass design require
ments by a large margin (i.e .• use high factors of safety) and use extremely durable
materials that will survive well beyond the design life. Unfortunately. this solution con
flicts with another important requirement: that the foundation be economical. We cannot
afford to grossly overdesign foundations. especially with large structures. Thus. reliability
and economy are often conflicting goals.

Traditionally. foundation engineers strike a balance between reliability and econ
omy using a combination of precedent. judgement. and analysis. and express this balance
primarily in terms of a factor of safety. We typically use higher factors of safety when re
liability is especially important or when there are large uncertainties in the analysis, and
lower factors of safety when the opposite conditions are present. For example, Figure 6.11

721
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presents various factors to consider when selecting a factor of safety for bearing capacity
analyses of shallow foundations. This approach is called a deterministic design method.

Unfortunately, detenninistic methods are very subjective and are generally not
based on a systematic assessment of reliability. especially when we consider their use in
the entire structure (not only the foundations). These methods can produce structures with
some "overdesigned" L'lllll!'onents and perhaps some "underdesigned" components. The
additional expense incurred in constructing the overdesigned components probably does
not contribute to the owrall reliability of the structure. so this is not a very cost-effective
way to produce reliahle' structures. In other words. it would be better to redirect some of

the money used to huild the overdesigned components toward strengthening the underde
signed ones.

Therefore, there is increasing interest in adopting reliability-based design methods
in civil engineering. Thl'se methods are intended to quantify reliability. and thus may be
used to develop balanl'cd designs that are both more reliable and less expensive. Another
objective of reliahility-based d~sign is to better evaluate the various sources of failure and
use this information 10 dcwlop design and construction methods that are both more reli
able and more rO!>lIsl .. \ rohust design is one that it is insensitive to variations in materi
als. construction technique, and environment.

Reliability-based design methods have been used extensively in manufacturing.
where they have pmdlk'l'd significant improvements in reliability and economy. How
ever, these methods arc "nly heginning to be used in civil engineering, This chapter dis
cusses the application o( rl'liahility-based design methods to foundation engineering.

21.1 METHODS

Reliability-based design methods could be used to address many different aspects of
foundation design and ,','nstruction. However, most of these efforts to date have focused

on geotechnical and stnk'tural strength requirements, such as the bearing capacity of shal
low foundations. the side (riction and toe-bearing capacity of deep foundations. and the
stresses in deep foundati,'ns. All of these are based on the difference between load and ca

pacity, so we can use ~I more specific definition of reliability as being the probability of
the load being less rhan rhe ,'apacity for the entire design life of the foundation.

Various methl)ds .ire a\'ailable to develop reliability-based design of foundations.
most notably stocasri,' lIl<.'rh"ds. the first-order second-moment method, and the load and

resistance factor design mctlll)d. Each has its advantages and disadvantages.

Stochastic MethOds

Stochastic methods differ fwm deterministic methods in that they define a range of possi
ble values for load and ultimate capacity rather than a single value for each. These ranges
are determined using the principles of probability and statistics. and expressed as proba
bility density funcri(llls ':k'h ~lSthose shown in Figure 21.1. These functions describe the

''fI
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Figure 21.1 Probability Jcnsily functions for load anu ultimate l'apacil}'. The area under

each of (h~ probubilily density functions is equal lO 1. anu the probability or failure is

equal to the shaded area.

probability of various loads and capacities occurring in the foundation. Thus. the high

point of each curve occurs at the most likely valye. and the width of the curve indicates
the variation or uncertainty. Since each curve encompasses the entire range of potential
values. the area under the curve is I. which represents a probability of 1 (or 100%). The
probability of a load or ultimate capacity being within a specified range is equal to the
area under the curve within that range.

Both of these probability density functions are generally based on other probability
density functions for various factors. For example. the function describing the load on a
spread footing would depend on the distribution for each component of load (dead. live.
wind. etc.). and that for its bearing capacity would depend on the distribution of shear
strength, groundwater location. as-built foundation dimensions. and possibly other fac
tors. The assessment of each factor and compilation of the probability density functions
can be a complex and time-consuming task.

This analysis defines "failure" as the load being greater than the ultimate capacity.
Thus, the probability of failure is equal to the shaded area in Figure 21.1. The engineer
then compares this probability to some maximum acceptable probability and thus deter
mines if the design is acceptable. If necessary, the design is then modified. For example.
in the case of a bearing capacity analysis for a spread footing, increasing the footing width
B will move the capacity curve to the right, thus decreasing the probability of failure.

Stochastic methods are potentially very powerful. but they require sufficient data to
define the probability density functions. They also require expertise in probability and sta
tistics.
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First-Qrder Second-Moment (FOSM) Method
1 P,,';; <J>p,,1

(21.3)

The first-order second-moment (FOSM) method (Cornell, 1969) is a simplification of the
stochastic method that still defines probability density functions. It assumes the load and
ultimate capacity are independent variables, and defines them using their means and stan
dard deviations. It then uses the reliability index, 13, which is defined as:

Where:

P" = factored normal load ,
<J>= resistance factor

P" = nominal normal load capacity

Load and Resistance Factor Design (LRFD) Method

High values of 13 correspond to lower probabilites of failure, so the design method
ology is based on achieving a certain minimum 13.

Load and resistance factor design (LRFD) is the third method of implementing reliability
based design. It is also known as ultimate strength design (USD) or limit states design. It
applies loadfactors, "I, most of which are greater than one. to the nominal loads to obtain
the facto red load, U. In the case of normal loads, the factored load P" is:

p/)o PI., cte
I

Fi~ure 21.2 Prohability density functions for load and resislanc~ and LRFD criteria.

The area under each of the prohaoility density functions is equal to I. and the prohahiliLy

or failure is equal 10 the shaded area.
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Similar equations also are used for shear and moment loads.
Research engineers who develop LRFD codes choose load and resistance factors

that force a certain offset between the probability density functions for load and resis
tance, thus providing for a specified maximum probability of failure. These relationships
are shown in Figure 21.2.

The primary advantage of LRFD is that the design engineer does not need to per
form any probability computations because the probabilistic content is implicit within the
load and resistance factors. Thus, unlike the stochastic and FOSM methods. the applica
tion of LRFD is very similar to the traditional allowable stress design (ASD) methods.
and thus is more readily accepted. Thus, LRFD is the most widely accepted method of
reliability-based design in structural engineering.

The LRFD method was first developed in the 1960s for reinforced concrete design.
and has almost completely replaced the previous ASD methods for this material. In 1986.
the American Institute for Steel Construction (AISC) released its first LRFD code for the

design of steel structures, and it is gradually replacing the ASD code. Widely accepted'\

(21.1)

(21.2)

Where:

13 = reliability index (also known as safety index)

ILc = mean ultimate capacity

ILL = mean load

crc = standard deviation of ultimate capacity

crL= standard deviation of load

ILc - ILl.

13 = Ycrl: - cri

Where:

P" = factored normal load

'Y = load factor

PD = normal dead load

PL = normal live load

I P" = 'YIPf) + 'YcPL + ···1

These load factors reflect the bias and variability of the various load types, and are based
on extensive statistical analyses. Design codes present a series of equations in the form of
Equation 21.2, each with a different load combination, and define the factored load as the
largest load computed from these equations.

The LRFD method also applies a resistance factor, <J> (also known as a strength re
ductionfactor) to the ultimate capacity from a strength limit analysis. Finally, the design
must satisfy the following criteria:

,ft
'f
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codes, including the Building Code Requirements for Structural Concrete (ACI 318-99)
(ACt 1999) and the Manual of Steel Construction, Load and Resistance Factor Design
(AISC, 1995). LRFD methods for timber design are currently under development. Even
tually, LRFD methods will completely replace ASD methods in all structural engineering
strength analyses.

Unfortunately, progress in implementing LRFD design of foundations has been
much slower. Except for the structural design of spread footings and pile caps, nearly all
structural and geotechnical aspects of foundation design still use ASD. As superstructure
design moves toward universal use of LRFD, it becomes increasingly important to de
velop similar methods for foundation design. The use of LRFD for the entire structure, in
cluding the foundation, should provide for more optimized designs, and leave less
opportunity for mistakes due to the use of two different design methodologies. In addi
tion, LRFD makes a clearer distinction between strength and serviceability requirements,
and thus helps clarify the design process.

21.2 LRFD FOR STRUCTURAL STRENGTH REQUIREMENTS

Although LRFD design procedures are well established for concrete and steel members in
the superstructure, and are becoming established for wood and masonry, their applicabil
ity to foundations has thus far been limited to spread footings and pile caps. Codes still
specify the use of ASD for the structural design of deep foundations (see discussion in
Chapter 12).

Unfortunately, because of construction tolerances, residual stresses, and other fac
tors described in Chapter 12, we cannot design deep foundations using the resistance fac
tors developed for the superstructure. Just as we used lower allowable stresses for ASD.
we also need to use lower resistance factors for LRFD. Table 21.1 presents a set of pro

posed resistance factors for pile foundations. However, no North American code has yet
adopted these or any other structural resistance factors specifically for deep foundations.

21.3 LRFD FOR GEOTECHNICAL STRENGTH REQUIREMENTS

The following codes and suggested codes include resistance factors for geotechnical
strength design of foundations:

• The American Association of State Highway and Transportation Officials
(AASHTO) Standard Specifications for Highway Bridges (AASHTO, 1996: Barker
et al.. 1991) deals only with highway bridges, and is used by state and provincial
transportation departments. It includes LRFD criteria for all major types of founda
tions.

• The Ontario Highway Bridge Design Code (MTO. 1991) governs the design of
highway bridges in the Provice of Ontario, and includes LRFD criteria for founda
tions.

• The Federal Highway Administration (FHW A) has sponsored research on LRFD
design of drilled shaft foundations (O'Neill and Reese. 1999).

• The Electric Power Research Institute (EPR!) has developed LRFD guidelines for
electric power transmission structure foundations (Phoon. Kulhawy. and Grigoriu.
1995).

• The Pile Driving Contractor's Associatiorf'{PDCA, 1998) has developed a proposed
LRFD code for the design and construction of pile foundations.

Thus far. the most prominent LRFD code for foundation design in North America is
the AASHTO Standard Specijications for Highway Bridges. Therefore, we will examine
it as an example. Tables 21.2 to 21.4 present resistance factors (AASHTO calls them per-

TABLE 21.2 AASHTO RESISTANCE FACTORS FOR BEARING CAPACITY OF SHALLOW

FOUNDATIONS (AASHTO, 1996)

TABLE 21.1 PROPOSED STRUCTURAL RESISTANCE FACTORS

FOR PILE FOUNDATIONS (PDCA, 1998)

Soil or

Rock Type AnalysisMethod
Resistance
Factor. <l>

StructuralResistanceFactor. <l>

Pile Material

Timber

Steel

Prestressedconcrete with spiral
reinforcementthat satisfies the
ACI code

Using ACI Load Factors

0.60

0.95

0.75

UsingANSI Load Factors

0.55

0.85

0.70

Sand

Clay

Rock

Semi-empiricalprocedure using SPT data
Semi-empiricalprocedure using CPT data
Rationalmethodusing <l>estimated from SPT data'
Rationalmethod using <l>estimated from CPT data'

Semi-empiricalprocedure using CPT data
Rationalmethod using shear strength measured in laboratorytests'
Rationalmethodusing shear strength measured in field vane tests'
Rationalmethodusing shear strength estimated from CPT data'

Semi-empiricalprocedure (Carter and Kulhawy)

0.45
0.55
0.35
0.45

0.50
0.60
0.60
0.50

0.60

Prestressedconcrete with other
types of transverse reinforcement

oft

0.70 0.65 Iln this context. AASHTO's reference to the "rational method" refers to Tcrzaghi's or Ve~j\,.:·'i hearing capacity equations.

as presenled in Chapter 6.



728 Chapter 21 Reliability-Based Design

TABLE 21.3 AASHTO RESISTANCE FACTORS FOR AXIALLY-LOADED PILES

(AASHTO, 1996)

21.3 LRFD For Geotechnical Strength Requirements

TABLE 21.4 AASHTO RESISTANCE FACTORS FOR AXIALLY-LOADED DRILLED

SHAFTS (AASHTO, 1996)
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Analysis

Resistance

Factor, q, Analysis Method
Resistance

Factor, q,

fomumce factors) for geotechnical design. These resistance factors are applicable only to

foundations used to support structures designed using the AASHTO code (most notably

bridges). They mayor may not be applicable to buildings and other structures designed

using the ACI or AISC codes. because they use different load factors.

The LRFD design process for geotechnical load capacity uses load and resistance

factors instead of the more traditional factor of safety. For example, with shallow founda

tions this process is as follows:

Capacity of

single pi les

Block failure

Uplift capacity
of single piles

Group uplift
capacity

Side friction

Toe bearing

Side friction

and toe bearing

Clay

at method

13method
A method
SPTmethod
CPTmethod
Load test

at method

13method
A method

Clay (Skempton method)
Sand (Kulhawy method)

q, from CPT
q, from SPT

Rock (CGS method)

SPT method
CPTmethod
Load test

Pile-driving analyzer

0.70
0.50
0.55

0.70

0.45
0.35
0.50

0.45
0.55
0.80
0.70

0.65

0.60

0.40
0.45
0.35
0.45
0.80

0.55

Downward load

capacity of single
drilled shaft

Block failure

Uplift load
capacity of single
drilled shaft

Uplift capacity
of a group of
drilled shafts

Side friction in clay

Toe bearing in clay

Side friction and

toe bearing in sand

Side friction in rock(

Toe bearing in rock

Side friction and

toe bearing

Clay

Clay

Sand

Rock

Any

Sand

Clay

at method (Reese and O'Neill)

Total stress method

(Reese and O'Neill)

I. Thomas and Reese

2. Meyerhof
3. Quiros and Reese

4. Reese and Wright
5. Reese and O'Neill

I. Carter and Kulhawy
2. Horvath and Kenney

I. Canadian Geotechnical Society
2. CGS pressuremeter method

Load test

at method (Reese and O'Neill)
Belied shafts (Reese and O'Neill)

I. Touma and Reese

2. Meyerhof
3. Quiros and Reese

4. Reese and Wright
5. Reese and O'Neill

I. Carter and Kulhawy
2. Horvath and Kenney

Load test

0.65

0.55

Based on

experience
and

judgement

0.55
0.65

0.50
0.50

0.80

0.65

0.55
0.50

Based on

experience
and

judgement

0.45
0.55

0.80

0.55

0.55

1. Compute the ultimate bearing capacity, q"I,' using Terzaghi's method (Equations

6.4-6.6) or Vesic's method (Equation 6.13).

2. Compute the nominal downward load capacity. P", using:

,f!
'(

r P" = q"I,A I (21.4)

Where:

P" = nominal downward load capacity

q,dt = ultimate bearing capacity

A = base area of foundation

In theory, P" is the downward load required to produce a bearing capacity failure.
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Where PI' includes both the factored column load and the factored weight of the
foundation, which is treated as a dead load.

3. Obtain the appropriate resistance factor, <\>, from the appropriate code.

4. Compute the factored load, P,,, using Equations 2.7 to 2.17, 2.18 to 2.23, or some
other standard.

5. Design the foundation so that the following condition is satisfied:

I PI' ~ <\>P" I (21.5)

cause settlement often controls the design. However, research and development efforts
have thus far focused primarily on strength requirements, and no codes have any criteria
for reliability-based serviceability requirements.

Therefore. even when load capacity is determined using LRFD (or some other relia
bility-based method). settlement "analyses should still be performed using the traditional
methods with the unfactored loads. This is parallel to the structural engineering practice
of evaluating beam deflections and other serviceability requirements using the unfactored
loads.

A similar process is used for shear loads and for deep foundations. 21.5 THE ROLE OF ENGINEERING JUDGMENT

Example 21.1

A single-columnhighway bridge bent is to be supported on a square spread footing.The bot
tom of this footing will be 1.8 m below the adjacent ground surface. The factored vertical
compressive load, P", is 4500 kN (including the weight of the foundation) when computed
using the AASHTO load factors. The soil has c' = 0 and <1>'=310(based on empirical correla
tions with SPT data) and "I = 17.5 kN/m'. The groundwater table is at a great depth. Using
LRFD. determine the required footing width. B to satisfy bearing-capacityrequirements.

Solution

Use Terzaghi's method:

Engineering is both an art and a science, and cannot be reduced to a set of formulas and
procedures. This is why engineering judgement plays such an important role in the design
process. especially in geotechnical engineering. Engineering judgment is one of the ways
we incorporate the engineer's experience and subjective assessments into a design.

Reliability-based desig)'kmethods should be viewed as a supplement to. but not a re
placement of. engineering judgment. It is a tool we can use to more effectively implement
our judgement. and to strengthen the ties between our judgment and the experience of
other engineers. Therefore. it is important to implement reliability-based design methods
in a way that compliments engineering judgment rather than destroys it. This will require
some changes in the way we implement judgment (Kulhawy and Phoon. 1996).

For <1>'= 310 N, = 40.4 N" = 25.3 Ny = 23.7
21.6 TRANSITION TO LRFD

P,,:S <l>q""A

The footingwidth must be at least 3.2 m to satisfy bearingcapacity requirements.

SERVICEABILITY REQUIREMENTS

4500 :S 0.35(797 + 166B)B'

The vast majority of geotechnical designs are still based on ASD methods. and these
methods will continue to dominate for the foreseeable future. That is why the geotechni
cal analyses in this book use ASD. However, the growing dominance of LRFD in struc
tural engineering is driving the need for new LRFD based geotechnical analysis and
design methods.

This usage of two different design methods introduces needless confusion into the
design process. Sometimes the superstructure is designed using one method, then the
foundation is designed using another. In the case of shallow foundations, the geotechni
cal analysis is performed using ASD, but the structural design uses LRFD. This confu
sion makes the design process more difficult, and increases the potential for mistakes.
In addition. ASD-based designs do not have the reliability-based design benefits of
LRFD.

The state and provincial transportation departments (the primary users of the
AASHTO code) are leading this transition. Few if any non-transportation structures now
use LRFD. or are likely to do so in the near future. However. LRFD will eventually be
come the method of choice for all structures.

In the meantime, foundation engineers need to be aware of the differences between
these two methods. and be sure they know which is being used. It also is very important

<=:AnswerB 20 3.2 ID

q"" = l.3cN,. + IJ';"N" + O.4"yBN,

= 0 + (31.5)(25.3) + 0.4(17.5)B(23.7)

= 797 + 166B

Per Table 21.2. the resistance factor <I>= 0.35

0<" = "ID - u = (17.5 kN/m.1)(1.8m) - 0 = 31.5 kPa

In principle, reliability-based design methods are just as applicable to serviceability re
quirements as they are to strength requirements. For example. a reliability-based approach
to settlement analysis would be especially useful in the design of shallow foundations, be-

'f!

21.4
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for geotechnical design criteria to clearly state whether they are intended for use with the
factored or unfactored loads, and to clearly state what is a strength limit and what is a ser
viceability limit.

SUMMARY

Major Points

1. Structures, including their foundations, should be both reliable and economical.
Traditionally, engineers attempt to meet this objective using deterministic design
methods and assigning factors of safety to various aspects of the design.

2. Engineers are beginning to replace deterministic methods with reliability-based de
sign methods, which should result in designs that are both more reliable and less
costly.

3. Reliability-based design methods use the principles of probability and statistics to
describe the various parameters that affect reliability. When applied to foundation
design, this can be done using stochastic methods, the first-order second moment
method, or the load and resistance factor design (LRFD) method.

4. LRFD is the most popular method of reliability-based design for foundations. It
uses load factors and resistance factors instead of a factor of safety.

5. The load factors for LRFD analyses are the same as those used in the superstruc
ture. However. the resistance factors, both for structural and geotechnical design,
are unique to foundations.' Some of these factors have been developed and pub
lished, but they are best considered preliminary .

6. Presently, LRFD analyses are used only to evaluate strength requirements. Service
ability requirements. such as settlement and lateral deformation, must still be evalu
ated using conventional methods with the unfactored load.

7. Reliability-based design will change the role of engineering judgement. but will not
replace it.

Vocabulary

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

21.1 A spread footing foundation supporting a portion of a highway bridge is subjected to an
AASHTO downward ultimate column load, Pl!. of 2500 kN. This load includes the weight of
the foundation. The underlying sdils are silly sands with c' = 5 kPa. 4>' = 34°, and 'I = 18.1

kN/m'. The groundwater table is at a depth of 5 m. Using LRFD and Terzaghi's bearing ca
pacity formula, determine the required width of an 800 mm deep square footing.

21.2 The following unfactored downward loads act on a 3-ft diameter drilled shaft foundation:

P" = 200 k. PI. = ISO k, The soil hast; = 2000 Ib/ft~ and q,' = 80.000 lb/ft~. The geotechnical
analysis for this foundation is to be performed using a resistance factor of 0.65. Using the
ANSlload factors, compute the required depth of embedment. D.

21.3 Referring to the resistance factors for side friction and toe bearing, as presented in Table 21.3,
why may we use a higher <!> when using load test data than when using SPT data?

21.4 Explain the difference between structural resistance factors, such as those listed in Table 21.1,

with geotechnical resistance factors, such as those listed in Table 21.3, and describe when
each would be used in the design process.

"

Deterministic design
method

Engineering judgment
First -order second

moment method

Limit states design
Load and resistance factor

design (LRFD)

.,

Load factor

Nominal load capacity

Probability density
function

Reliability

Reliability-based design
method

Resistance factor

Reliability index
Robust

Stochastic method

Ultimate strength design
(USD)
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Earth-Retaining Structures

It would be well if engineering were less generally thought
of ... as the art of constructing. In a certain important sense it

is the art of not constructing ••. of doing that well with one
dolklr which any bungler can do with two after a fashion.

Arthur M. Wellington (1887)

Many civil engineering projects require sharp transitions between one ground surface ele
vation and another. Often these transitions are made by short sections of sloping ground,
as shown in Figure 22.1. However, when space is at a premium, such slopes can be re
placed with earth-retaining structures, which are vertical or near-vertical facilities that
maintain the ground surface at two different elevations. Practicu\ applications of earth
retaining structures include:

• Highway and railroad projects where the required grade is significantly above or
below the adjacent ground and the right-of-way is not large enough to accommo
date a slope.

• Bridge abutments.

• Building sites on sloping ground where earth-retaining structures are used to create
level building pads.

• Waterfront facilities where earth-retaining structures are built to accommodate the
berthing of ships

• Flood control facilities.

• Unstable ground, where the earth-retaining structure provides the needed resistance
to prevent landslides.

737
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Cantilever Gravity Walls

Hybrid Systems

• Tailed gabions

.;. ;,' • Tailed masonry

• Cross-lot • Augered
• Rakers - Straight

- Belied
• Pressure-injected
• Screw
• Deadman

Figure 22.2 Classification of ~ning structures (Adapted from O'Rourke and

Jones, 1990: Used with permission~ASCE).

Earth-Retaining SlrI1Ctures

~ ~
In-Situ Walls Gravity Walls Reinforced Soils In-Situ Reinforcement

• Sheet pile • Massive' " • Reinforced earth • Soil tW1inS
_ Steel _ Stone . _.; • Geotextile • Reticu1ated micropiles
_ Concrete - Unreinforced masonry

• Soldier pile - UnreinfOllllid concrete
• Cast in-situ • Cantilever

-Slurry - Reinforced masonry
-Secant - Reinforced cement

-Tangent • Counterfort and buttress
• Soi I cement • Gabion

A·Crib
• Bin
• Cellular cofferdam

Cantilevered Braced Tied-Back

The cantilever gravity wall, shown in FigufC 22.5, is a refinement of the massive gravity
wall concept. These walls have a much thinner stem, and utilize the weight of the backfiII
soil to provide most of the resistance to sliding and overturning. Since the cross section is
much smalIer, these walIs require much less construction material. However, they have

large f1exural stresses, and thus are typically made of reinforced concrete or reinforced

Construction of massive gravity walls requires only simple materials and moder
ately skilled labor, but the required volume of materials is very large and the construction
process is very labor-intensive. Therefore, these walls are rarely used today except if the
required height is very short.

Earth

Retaining
Structure

"'~iKure22.1 Earth slopes and earth retaining structures are used to maintain two differ
ent ground 'urface elevations.

Many kinds of retaining structures are available, each of which is best suited for
partkular applications. O'Rourke and Jones (1990) classified earth-retaining structures
into two broad categories: externally stabilized systems and internally stabilized systems,
as shown in Figure 22.2. Some hybrid methods combine features from both systems .

Massive Gravity Walls

Externally stabilized systems are those that resist the applied earth loads by virtue of their
weight and stiffness. This w'as the only type of retaining structure available before 1960,
and they are still very common. O'Rourke and Jones subdivided these structures into two
categories: Xravity walls and in-situ walls.

Gravity Walls

The earliest retaining structures were massive gravity walls, as shown in Figures 22.3 and
22.4. They were often made of mortared stones, masonry, or unreinforced concrete and
resisted the lateral forces from the backfill by virtue of their large mass. In addition, these
walls are very thick, so the flexural stresses are minimal and no tensile reinforcement is
needed.

EXTERNALLY STABILIZED SYSTEMS22.1



Massive Gravity Wall
Made of 6- 8-in.-Diameter
Mortated Stones

~

741

Figure 22.6 This crib wall producecl enough level ground to build the condominium
buildings in the background.

Figure 22.S A cantilever gravity wall.

22.1 Externally Stabilized Systems

Fi~ure 22.3 A massive gravity wall.

Chapter 22 Earth-Retaining Structures

Fi~lIre 22.4 Short massive gravity walls like this onc may he economically viable.

I-Iowt'vcr. this design is prohihilivcly expensive ror tall walls because of the large required
width and the large material requirements and labor costs.

Crib Walls

masonry. Such walls must be carefully constructed. and thus requires skilled labor. Nev
ertheless. they are generally much less expensive than massive gravity walls. and thus are
the most common type of earth-retaining structure. Chapter 24 discusses these walls in
more detail.

A crib wall. shown in Figure 22.6. is another type of gravity retaining structure. It consists
of precast concrete members linked together to form a crib. These members resemble a

child's Lincoln Log toy. The zone between the members is filled with compacted soil.

740
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The soil supplies most of the weight required to resist the lateral loads imposed by the
backfill soils.

In-Situ Walls

In-situ walls differ from gravity walls in that they rely primarily on their flexural strength,
not their mass.

Sheet Pile Walls

Sheet piles are thin, wide steel piles as shown in Figure 22.7. They are driven into the
ground using a pile hammer. A series of sheet piles in a row form a sheet pile wall, as
shown in Figure 22.8.

Sometimes it is possible to simply cantilever a short sheet pile out of the ground, as
shown in Figure 22.9. However. it is usually necessary to provide lateral support at one or
more levels above the ground. This may be accomplished in either of two ways: by inter
nal braces or by tieback anchors.

Internal braces are horizontal or diagonal compression members that support the
wall, as shown in Figure 22.9. Tieback anchors are tension members drilled into the
ground behind the wall. The most common type is a grouted anchor with a steel tendon.

Figure 22.8 This sheet pile wall has been installed along a riverfront.

Slurry Walls

Slurry walls are cast-in-place concrete walls built using bentonite slurry. The contractor
digs a trench along the proposed wall alignment and keeps it open using the slurry. Then,
the reinforcing steel is inserted and the concrete is placed using tremie pipes or pumps. As
the concrete fills the trench, the slurry:exits at the ground surface.

Wallwitn
Tieback Anchors

Wall with

Internal Bracing
Cantilever Wall

Soldier Pile Walls

Soldier pile walls consist of vertical wide flange steel members with horizontal timber
lagging. They are often used as temporary retaining structures for construction excava
tions, as shown in Figures 22.10 and 22.11.

Fi~ure 22.7 Thl'se sheet piles arc heing. stored in a contractors yard. and are ready to be

driven into the ground. The interlocking joints al each edge are used to join adjacent piles
10 form a continuous wall.

Figure 22.9 Short sheet pile walls can often C8lItilever, taller walls usually require internal bracing
or tknack anchors.
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t',

Fillure 22.11 The ground surface al Ihis
site was originally level with the street.

However, the Prl"'poscd building, shown

under construction, is to have a hasement. <~o

the site was excavated to a lower elevation.

A soldier pile wall is being used to provide

temporary support for the street. The pcrma~

nen! basement wall will be located direclly
ahove the grade beam shown in the lore

ground. and the columns ahove Ihe pi le caps
will be embedded in the ex.terior wall. Once

this permanent wull is in piact.'. lhe J:OIlC hc

(ween it and the street will he hacktilk'd and
Ihe limber lagging will be removed. The

steel sheet piles mayor may not he re
moved.

Fillure 22.10 A soldier pile wall.

Slurry wal1s have been used as basement wal1s in large urban construction, and
often eliminate the need for temporary walls. '

22.2 lNTERNALL Y STABILIZED SYSTEMS

Internally stabilized systems reinforce the soil to provide the necessary stability. Various
schemes are available, all of which have been developed since 1960. They can be subdi
vided into two categories: reinforced soils and in-situ reinforcement.

Reinforced Soils

Soil is strong in compression, but has virtually no tensile strength. Therefore, the inclu
sion of tensile reinforcing members in a soil can significantly increase is strength and
load-bearing capacity, much the same way that placing rebars in concrete increases its
strength. The resulting reinforcing soil is called mechanically stabilized earth (MSE).

Often MSE is used so that slopes may be made steeper than would otherwise be
possible. Thus, this method forms an intermediate alternative between earth slopes and re
taining walls.

MSE also may be used with vertical or near-vertical faces, thus forming a type of
retaining wall. In this case, it becomes necessary to place some type of facing panels on
the vertical surface, even though the primary soil support comes from the reinforcement,
not the panels. Such structures are cal1ed MSE walls. The earliest MSE walls were devel
oped by Henri Vidal in the early 1960, using the trade name reinforced earth. This design
uses strips of galvanized steel for the reinforcement and precast concrete panels for the
facing, as shown in Figures 22.12 and 22.13.

Many other similar methods also are used to build MSE walls. The reinforcement
can consist of steel strips, polymer geogrids, wire mesh, geosynthetic fabric, or other ma
terials. The facing can consist of precast concrete panels, precast concrete blocks, rock
fined cages caned gabions, or other materials. Sometimes the reinforcement is simply
curved around to form a type of facing. Figure 22.14 shows an MSE wall being built
using wire mesh reinforcement and gabion facing.

MSE wa1\s are becoming very popular for many applications, especia1\y for high
way projects. Their advantages include low cost and high tolerance of differential settle
ments.

In-Situ Reinforcement

In-situ reinforcement methods differ from reinforced soils in that the tensile members are
inserted into a soil mass rather than being embedded during placement of fill.

One type of in-situ reinforcement is called soil nailing. It consists of drilling
near-horizontal holes into the ground, inserting steel tendons, and grouting. The face of
the wall is typica1\y covered with shotcrete, as shown in Figure 22.15.

These wa1\s do not require a construction excavation, and thus are useful when
space is limited.
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Figure 22.12 Reinforced earth walls consist of precast concrete facing panels and steel
or polymer reinforcing strips that extend into the retained soil. This wall is under con

struction (The Reint'lrced Earth Company) .

22.2 Internally Stabilized Systems

Figure 11.14 An MSE wall under construction using galvanized wire mesh as the tensile reinforce-'
ment and rock-filled cages called gabions for the facing (Federal Highway Administration).

747
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ftiuure 22.1_' A completed reinforced cnrth wnll (The Reinforced Earth Company). Figure 11.15 A llOilnail wall.
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SUMMARY

Major Points

1. An earth-retaining structure is a structural system designed to maintain a sharp tran
sition between two ground surface elevations.

2. Externally stabilized earth-retaining systems resist the applied earth pressures by
virtue of their weight and stiffness. These include gravity walls and in-situ walls.

3. Gravity walls include massive gravity walls, which are made of mortared stones,
masonry, or unreinforced concrete, cantilever gravity w)uls, which are made of rein
forced concrete or masonry, and crib walls, which are made of precast concrete
members with a soil infill.

4. In-situ walls include sheet pile walls, soldier pile walls, and slurry walls.

S. Internally stabilized earth-retaining systems reinforce the soil to provide the neces
sary stability. These include reinforced soils and in-situ reinforcement.

Vocabulary

23
(

Lateral Earth Pressures

Cantilever gravity wall
Crib wall

Earth-retaining structure

Externally stabilized
systems

Gabion

Gravity wall
. In-situ wall

'f!

In-situ reinforcement

Internal brace

Internally stabilized
systems

Massive gravity wall

Mechanically stabilized
earth

MSE wall

Reinforced soil

Reinforced earth

Sheet pile wall

Slurry wall

Soil nailing

Soldier pile wall
Tieback anchor

23.1

For every complex problem, there is a
solution that is simple, neat, and wrollg.

H.L. Mencken

One of the first steps in the design of earth-retaining structures is to determine the magni
tude and direction of the forces and pressures acting between the structure and the adja
cent ground, as shown in Figure 23~I. The most important of these is the pressure between
the retained earth and the back of the earth-retaining structure. We call this a lateral earth
pressure because its primary component is horizontal. Another lateral earth pressure acts
between the front of the foundation and the adjacent ground. These pressures are the sub
ject of this chapter.

The terms pressure and stress are nearly synonymous. In the context of this discus
sion, let us define pressure as the contact force per unit area between a structure and the
adjacent ground. and stress as the force per unit area within the soil or the structure. How
ever. because these two terms are so closely related, and the pressure at a point on the
structure is equal to the stress in soil immediately adjacent to the structure, we will use the
same symbols to represent both stress and pressure. The symbol (j represents normal
stresses and pressures, while T represents shear stresses and pressures.

HORIZONTAL STRESSES IN SOIL

Lateral earth pressures are the direct result of horizontal stresses in the soil. In Chapter 3
we defined the ratio of the horizontal effective stress to the vertical effective stress at any
point in a soil as the coefficiellt of lateral earth pressure, K:

749
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l--~..-
l

means the wall does not translate or rotate. as compared to a yielding wall that can do ei
ther or both. Let us also assume this wall is built so that no lateral strains occur in the

ground. Therefore, the lateral stresses in the ground are the same as they were in its nat
ural undisturbed state.

The most accurate way to evaluate Ko would be to mea~ure (]'/ in-situ using a
dilatometer, pressuremeter, or some other test. compute (]',' using the techniques described
in Chapter 3, then compute Ko using Equation 23.1. However. these in-situ tests are not
often used in engineering practice, so we usually must rely on empirical correlations with
other soil properties. Several such correlations have been developed, including the follow
ing by Mayne and Kulhawy (1982), which is based on laboratory tests on 170 soils that
ranged from clay to gravel. This formula is applicable only when the ground surface is level:

I Ko = (1 - sin <I>')OCRsin,P-I (23.2)

Passive
Pressure

Sliding
Friction

Where:

Ko = coefficient of lateral earth pressure at rest

<1>'= effective friction angle of soil
OCR = overconsolidation ratio of soil

The At-Rest Condition

Let us assume a certain retaining wall is both rigid and unyielding. In this context, a rigid
wall is one that does not experience any significant flexural movements. The opposite
woulc! be a flexible wall-one that has no resistance to flexure. The term unyielding

.~

In the context of this chapter. K is important because it influences the lateral earth pres
sures acting on an earth retaining structure.

For purposes of describing lateral earth pressures. engineers have defined three im
portant soil conditions: the at-rest condition, the active condition, and the passive condi
tion.

(23.4)

For gravity walls that are backfilled with sandy soil and have footings founded on
bedrock, Duncan et al. (1990) recommend using Ko = 0.45 if the backfill is compacted, or
Ko = 0.55 if the backfill is not compacted.

If no groundwater table is present, the lateral earth pressure. (]', acting on a rigid and
unyielding wall is, in theory, equal to .the horizontal stress in the soil:

I (]' = (]';Ko I (23.3)

Where:

Polb = normal force acting between soil and wall per unit length of wall

b = unit length of wall (usually I ft or I m)

'( = unit weight of soil

H = height of wall

Ko = coefficient of lateral earth pressure at rest

As long as no settlement is occurring, there are no shear forces acting on the back of the
wall in the at-rest condition. Lateral earth pressures with shallow groundwater are dis
cussed later in this chapter.

In a homogeneous soil, Ko is a constant and (]':' varies linearly with depth. There
fore, in theory, (]' also varies linearly with depth, forming a triangular pressure distribu
tion, as shown in Figure 23.2. Thus, if at-rest conditions are present, the horizontal force
acting on a unit length of a vertical wall is the area of this triangle:

H2}G
Po/b=~

2

I

~

(23.1)6],K=...!..
(]'~

Figure 23.1 Forces and pressures acting between an eanh retaining structure and the ad

jacent ground.

K = coefficient of lateral earth pressure

(]',.'= horizontal effective stress

(]':' = vertical effective stress

Where:
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= 0.635

Figure 23.2 At-rest pressure acting on a retaining wall.

cr'

$

The Active Condition

t

The at-rest condition is present only if the wall does not move. Although this may seem to
be a criterion that all walls should meet, even very small movements alter the lateral earth
pressure.

Suppose Mohr's circle A in Figure 23.3 represents the state of stress at a point in the
soil behind the wall in Figure 23.4, and suppose this soil is in the at-rest condition. The in
clined lines represent the Mohr-Coulomb failure envelope. Because the Mohr's circle
does not touch the failure envelope, the shear stress, T, is less than the shear strength, s.

Now, permit the wall to move outward a short distance. This movement may be
either translational or rotational about the bottom of the wall. It relieves part of the hori
zontal stress, causing the Mohr's circle to expand to the left. Continue this process until
the circle reaches the failure envelope and the soil fails in shear (circle B). This shear failc

ure will occur along the planes shown in Figure 23.4, which are inclined at an angle of
45 + 4>/2 degrees from the horizontal. A soil that has completed this process is said to be
in the active condition. The value of K in a c = 0 soil in the active condition is known as

Km the coefficient of active eanh pressure.
Once the soil attains the active condition, the horizontal stress in the soil (and thus

the pressure acting on the wall) will have reached its lower bound, as shown in
Figure 23.5. The amount of movement required to reach the active condition depends on
the soil type and the wall height, as shown in Table 23.1. For example, in loose sands, the
active condition is achieved if the wall moves outward from the backfill a distance of only
0.004 H (about 12 mm for a 3-m tall wall). Although basement walls, being braced at the
top, cannot move even that distance, a cantilever wall (one in which the top is not con
nected to a building or other structure) could very easily move 12 mm outward, and such

{=Answer= 2580lbjft

H2J<.

Pojb=~ 2

(127lbjft')(8 ft)'(0.635)
2

Ko = (I - sin 4>')OCR';"~'

= (I - sin 35°)2'i"W

Solution

An 8-ft tall basement wall retains a soil that has the following properties: 4>' = 35°,
'Y= 127Ib/ft'. OCR = 2. The ground surface is horizontaland level with the top of the wall.
The groundwatertable is well below the bottom of the wall. Consider the soil to be in the at
rest conditionand compute the force that acts between the wall and the soil.

Example 23.1

Because the theoreticalpressure distribution is triangular, this resultant force acts at the lower
third-pointon the wall.

"
1

Figure 23.3 Changes in the stress conditions in a soil as it transitions from the at-rest
condition to the active condition.
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The Passive Condition

TABLE 23.1 WALLMOVEMENT REQUIRED TO REACH
THE ACTIVECONDITION (Adapted from CGS, 1992).

a movement would usually be acceptable. Thus, a basement wall may need to be designed
to resist the at-rest pressure, whereas the design of a free-standing cantilever wall could
use the active pressure. Since the active pressure is smaller. the design of free-standing
walls will be more economical.

0.001 H

O.OO4H

0.010 H

0.020 H

HorizontalMovementRequired
to Reach the ActiveCondition

Stiff clay

Soft clay

Soil Type

Dense sand

Loose sand

H = Wall height

Shear-failure
Planes

Movement

J

Figure 23.4 Development of shear failure

planes in the soil behind a wall as it transi
tions from the at-rest condition to the active

conditon.

o

The passive condition is the opposite of the active condition. In this case, the wall moves
into the backfill, as shown in Figure 23.6, and the Mohr's circle changes, as shown in Fig
ure 23.7. Notice how the vertical stress remains constant whereas the horizontal stress

changes in response to the induced horizontal strains.

Movement

1"""'\

Figure 23.S Effect of wall movement on

lateral earth press~re in sand.

f'
Movement Away
from Backfill

Movement Toward Backfill

__1

Figure 23.6 Development of shear failure planes in the soil behind a wall as it transi

tions from the at-rest condition to the passive condition.
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In a homogeneous soil, the shear failure planes in the passive case are inclined at an
angle of 45 - <1>/2degrees from the horizontal. The value of K in a cohesionless soil in the
passive condition is known as Kp, the passive coefficient of lateral earth pressure. This is
the upper bound of K and produces the upper bound of pressure that can act on the wall.

Engineers often use the passive pressure that develops along the toe of a retaining
wall footing to help resist sliding, as shown in Figure 23.8. In this case, the "wall" is the
side of the footing.

TABLE 23.2 WALLMOVEMENT REQUIRED TO REACH
THE PASSIVE CONDITION (Adapted from CGS, 1992)

With compactedsand backfill. a movement of the wall over an insignificantdistance (equal
to one-tenthousanthof the depth of the backfilll decreases the [coefficient of lateral earth
pressure] to 0.20 or increases it up to 1.00.

O.020H

O.060H

O.020H

O.040H

HorizontalMovementRequired
to Reach the PassiveConditionSoil Type

Densesand

Loose sand

Stiff clay

Soft clay

H = Wall height

More movement must occur to attain the passive condition than for the active con
dition. Typical required movements for various soils are shown in Table 23.2.

Although movements on the order of those listed in Tables 23.1 and 23.2 are neces
sary to reach the full active and passive states, respectively. much smaller movements
also cause significant changes in the lateral earth pressure. While conducting a series of
full-scale tests on retaining walls, Terzaghi (I 934b ) observed:

cr'

Failure
Plane

Figure 23.7 Changes in the stress condi
tion in a soil as it transitions from the at-rest

condition to the passive condition.

Passive /
Pressure

Figure 23.8

Sliding
Friction

Active and passive pressures acting on a cantilever retaining wall.

This effect is not as dramatic in other soils, but even with those soils only the most rigid
and unyielding structures are truly subjected to at-rest pressures.

23.2 CLASSICAL LATERAL EARTH PRESSURE THEORIES

The solution of lateral earth pressure problems was among the first applications of the sci
entific method to the design of structures. Two of the pioneers in this effort were the
Frenchman Charles Augustin Coulomb and the Scotsman W. J. M. Rankine. Although
many others have since made significant contributions to our knowledge of earth pres
sures, the contributions of these two men were so fundamental that they still form the
basis for earth pressure calculations today. More than fifty earth pressure theories are now
available; all of them have their roots in Coulomb and Rankine's work.

Coulomb presented his theory in 1773 and published it three years later (Coulomb.
1776). Rankine developed his theory more than eighty years after Coulomb (Rankine,
1857). In spite of this chronology, it is conceptually easier for us to discuss Rankine's the
ory first.

For clarity, we will begin our discussion of these theories by considering only soils
with c = 0 and <I>~ O. These are sometimes called cohesionless soils. Once we have estab
lished the basic concepts, we will then expand the discussion to include soils with cohe-

.,4!t
f i,..i.
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Rankine approached the lateral earth pressure problem with the following assumptions:

Assumptions

Active Condition

1. The soil is homogeneous and isotropic, which means c, <1>.and 'f have the same val
ues everywhere, and they have the same values in all directions at every point (Le.,
the strength on a vertical plane is the same as that on a horizontal plane). Section
23.9 extends this discussion to consider layered soils, where each layer has different
values of c, <1>,and 'f.

2. The most critical shear surface is a plane. In reality, it is slightly concave up, but
this is a reasonable assumption (especially for the active case) and it simplifies the
analysis.

3. The ground surface is a plane (although it does not necessarily need to be level).

4. The wall is infinitely long so that the problem may be analyzed in only two dimen
sions. Geotechnical engineers refer to this as a plane strain condition.

S. The wall moves sufficiently to develop the active or passive condition.
6. The resultant of the normal and shear forces that act on the back of the wall is in

clined at an angle parallel to the ground surface (Coulomb's theory provides a more
accurate model of shear forces acting on the wall).

)
Rankine's Theory for Soils with c = 0 and <1>~ 0

sion (c ~ 0, <1>~ 0). Lateral earth pressure theories may be used with either effective stress
analyses (c', <1>')or total stress analyses (eT' <1>T)' However, effective stress analyses are
usually more appropriate, and are the only type we will consider in this chapter.

With these assumptions, we can treat the wedge of soil behind the wall as a free body and
evaluate the problem using the principles of statics, as shown in Figure 23.9a. This is sim
ilar to methods used to analyze the stability of earth slopes, and is known as a limit equi
librium analysis, which means that we consider the conditions that would exist if the soil
along the base of the failure wedge was about to fail in shear.

Weak seams or other nonuniformities in the soil may control the inclination of the
critical shear surface. However, if the soil is homogeneous, P)b is greatest when this sur
face is inclined at an angle of 45 + <1>/2degrees from the horizontal, as shown in the
Mohr's circle in Figure 23.3. Thus, this is the most critical angle.

Solving this free body diagram for Pjb and V)b gives:

'f'

Pjb = 'f H"K" cosl32
(23.5)

l
(bl

Figure 23.9 Free body diagram of soil hehind a retaining wall using Rankine'l.; solulion:

(a) active case: and (b) passive case.
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The magnitude of K" is usually between 0.2 and 0.9. Equation 23.7 is valid only when
13::;<1>.If 13= 0, it reduces to:

A solution of PJb as a function of H would show that the theoretical pressure distri
bution is triangular. Therefore, the theoretical pressure and shear stress acting against the
wall, a and T, respectively, are:

Ihilaj

= 18"

J3 = tan '(1/3)

Fi~ure 23.10 Comparison bc[\\c-en (a, thc
orcli(.:al and (h) ohserved distributions or

earth pressures acting hehind retaining struc
tures.

Solution

(23.6)

(23.8)

(23.7)

(23.9)

(23.10)

VU! b = 'Y H2 Ko sin132

I K" = tan"(45° - <1>/2)I

cos13 - vicos" 13- cos" <I>
K = ------:======

" cos13 + vicos" 13- cos" <I>

I a = a;K" cos131

I T = a;K" sin131

Where:

a = soil pressure imparted on retaining wall from the soil

T = shear stress imparted on retaining wall from the soil

PJb = normal force between soil and wall per unit length of wall

VJb = shear force between soil and wall per unit length of wall

b = unit length of wall (usually 1 ft or I m)

K" = active coefficient oflateral earth pressure
a.' = vertical effective stress

13= inclination of ground surface above the wall

H = wall height

However, observations and measurements from real retaining structures indicate
that the true pressure distribution, as shown in Figure 23.10, is not triangular. This differ
ence is because of wall deflections, arching, and other factors. The magnitudes of Pjb
and V/b are approximately correct, but the resultant acts at about 0.40H from the bottom,
not 0.33H as predicted by theory (Duncan et aI., 1990).

,

cosJ3- Ycos' J3- cos' <l>
K = ._------:======

" cosJ3+ Ycos' J3- cos' <l>

cos18° - Y cos'18" - cos'30°

cosl8° + Ycos'18° - cos'30°
= 0.415

'Y H' K"cosJ3_ (l9.2kN/m')(6m)'(0.415)cosI8° = 136kN/m <=AnswerPjb=-- -2-- 2

'Y H' K"sinJ3_ (19.2kN/m')(6m)'(0.415)sinI8° = 44 kN/m <=AnswerVjb = 2 - ..,

These results are shown in Figure 23.11.

Passive Condition

Example 23.2

A 6-m tall cantilever wall retains a soil that has the followingproperties: c' = 0, <I>'= 30°, and
'Y = 19.2kN/m3• The ground surface behind the wall is inclined at a slope of 3 horizontal to I
vertical. and the wall has moved sufficiently to develop the active condition. Determine the
I)ormaland shear forces acting on the back of this wall using Rankine's theory.
·Ift
-r i

Rankine analyzed the passive condition in a fashion similar to the active condition except
that the shear force acting along the base of the wedge now acts in the opposite direction
(it always opposes the movement of the wedge) and the free body diagram becomes as
shown in Figure 23.9b. Notice that the failure wedge is much natter than it was in the ac
tive case and the critical angle is now 45 - <1>/2degrees from the horizontal.

The normal and shear forces, P/b and Vp/b, respectively. acting on the wall in the
passive case are:
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Example 23.3

3
A six-story building with plan dimensions of 150 ft x 150 ft has a 12-ft deep basement. This
building is subjected to horizontal wind loads, and the structural engineer wishes to transfer
these loads into the ground through the basement walls. The maximum horizontal force act

ing on the basement wall is limited by the passive pressure in the soil. Using Rankine's the
ory, compute the maximum force between one of the basement walls and the adjacent soil
assuming full passive conditions develop, then convert it to an allowable force using a factor
of safety of 3. The soil is a silty sand with c' = 0, <1>' = 30°, and 'Y= 119 Ib/ft', and the ground
surface surrounding the building is essentially level.

Solution

6m

l44kN/m
- 136kN/m

K" = tan'(45° + q,'/2) = tan'(45° + 30°/2) = 3.00

(25,700 Ib/ft)(150 ft)
P = ------- = 3860 k

" 10001b/k

,
'YH'K" cosl3

P,jb = 2

(119Ib/ft')(l2 ft)'(3.00)cosO

2

Figure 23.11 Results from Example 23.2. = 25,700 Ib/ft

*=AllswerPI' 38~k = 1290 k
(P"),, = F = 3

The allowable passive force, (P,,),,, is:

Note: The actual design computations for this problem would be more complex because they
must consider the active pressure acting on the opposite wall. sliding friction along the
basement noor, lateral resistance in the foundations, and other factors. In addition. the

horizontal displacement required to develop the full passi ve resistance may be exces
sive, so the design value may need to be reduced accordingly. Finally, to take advan
tage of this resistance, the wall would need to be structurally designed to accommodate
this large load, which is much greater than that due to the active or at-rest pressure.

Coulomb's Theory for Soils With c = 0 and <I>~ 0

Coulomb's theory differs from Rankine's in that the resultant of the normal and shear
forces acting on the wall is inclined at an angle <1>"from a perpendicular to the wall, where
tan <1>•• is the coefficient of friction between the wall and the soil, as shown in Figure
23.12. This is a more realistic model, and thus produces more precise values of the active
earth pressure.

(23.13)

(23.16)

(23.11)

(23.12)

(23.14)

(23.15)
I rJ" = rJ";K" cos131

I T = rJ";K" sin13j

Vjb = 'YH~Kp sinl32

Pp/b = 'YH~Kp cosf32

cosf3 + v'cos~f3 - cos~<I>
K = ----..,=====

p cosf3 - v' cos2f3 - cos2<1>

Equation 23.13 is valid only when f3:::;<1>.If f3= 0, it reduces to:

I Kp = tan~(45° + <1>/2)I

The theoretical pressure and shear acting against the wall, rJ" and T, respectively, are:

'f'

1
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~)

H

Where:

(j = normal pressure imparted on retaining wall from the soil

T = shear stress imparted on retaining wall from the soil

Pjb = normal force between soil and wall per unit length of wall

Vjb = shear force between soil and wall per unit length of wall

b = unit length of wall (usually I ft or Im)

K" = active coefficient of lateral earth pressure

(j,' = vertical effective stress
et = inclination of wall from vertical

13= inclination of ground surface above the wall

<1>"= wall-soil interface friction angle

Equation 23.19 is valid only for 13~ <1>.When designing concrete or masonry walls it is
common practice to use <1>"= 0.67 <1>'.Steel walls have less sliding friction. perhaps on the
order of <1>"= 0.33 <1>'.

Coulomb did not develop a formula for passive earth pressure. although others have
used his theory to do so. However, the addition of wall friction can substantially increase
the computed passive pressure, possibly to values that are too high. Therefore, engineers
normally neglect wall friction in passive pressure computations (<1>"= 0) and use Rank
ine's method to compute passive earth pressures (Equations 23.11-23.16).

Example 23.4

Figure 23.12 Parameters for Coulomb"s active earth pressure equatioll. Walls im:lilll.'J
in the opposite direction have a negative 0:, V./b normally acts in the dircL'lion showll.
thus producing a positive <1>".

Coulomb presented his earth pressure formula in a difficult form. so others have
rewritten it in a more convenient fashion. as follows (MUller Breslau. 1906: Tschebotari
off. 1951):

Using Coulomb's method, compute the active pressure acting on the reinforced concrete re

taining wall shown in Figure 23.13.

Solution

13 = tan-'G) = 27°

Ka =

'f'

K{/=

H"
Pjb = ~ cos<l>"

2

/ 'Y H"K .~f b =_(/ sln<P11'
2

cos"(<I>- et)

[ J sin(<I>+ <1>,,)sin(<I>- 13)]"cos "et cos( <1>"+ et) 1 + cos( <1>"+ et) cos( et - 13)

(23.17)

(23.18)

(23.19)

<1>"= 0.67<1>' = 0.67(32°) = 21°

cos'(<I> - et)

[ sin(<I> + <1>,,)sin(<I> - (3) ]'COS'et cos( <1>".+ et) 1 + cos( <1>••.+ et) cos( et - (3)

cos'(32° - 2°)

[ sin(32° + 21°) sin(32° 270)]'cos'2° cos(210 + 2°) I + cos(210 + 20) cos(20 _ 270)

= 0.491
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5.nO m 120

c' =0
4>' = 32°
'Y = 19.8 kN/m3

23.3 A basement is to be built using 2.5-m tall masonry walls. These walls will be backfilled with a
silly sand that has c' = 0, <1>'= 35°, and"y = 19.7 kN/m.1. Assuming the at-rest conditions will
exist and using an overconsolidation ratio of 2, compute the normal force per meter acting on
the back of this wall. Also, draw a pressure diagram and indicate the lateral earth pressure act
ing at the bottom of the wall.

23.4 A 10-ft tall concrete wall with a vertical back is to be backfilled with a silly sand that has a

unit weight of 122Ib/f!'. an effective cohesion of 0, and an effective friction angle of 32°. The
ground behind tbe wall will be level. Using Rankine's method, compute the normal force per
foot acting on the back of the wall. Assume the wall moves sufticiently to develop the active
condition in the soil.

23.5 The wall described in Problem 23.4 has a foundation that extends from the ground surface to a

depth of 2 ft. As the wall moves slightly away from the backtill soils to create the active con
dition, the footing moves into the soils below the wall, creating the passive condition as
shown in Figure 23.9. Compute the ultimate passive pressure acting on the front of the foun
dation.

Figure 23.13 Retaining wall for Example 23.4.

23.6 A 12-ft tall concrete wall with a vertical back is to be backt1l1ed with a clean sand that has a

unit weight of 1261b/tt" an effective cohesion of 0, and an effective friction angle of 36°. The
ground behind the wall will be inclined at a slope of 2 horizontal to 1 vertical. Using Rank
ine's method, compute the normal and shear forces per foot acting on the back of the wall. As
sume the wall moves sufficiently to develop the active condition in the soil.

23.7 Repeat Problem 23.6 using Coulomb's method.

'Y H~K" cos<l>••.

P,,/" = 2

(19.8 kN/m~)(5.60 m)~(0.491 )cos21 °
2

23.3 LATERAL EARTH PRESSURES IN SOILS WITH c ~ 0 AND cl> ~ 0

= 142 kN/m <=Answer

"YH~K" sin<l>••.

V,,/b = 2

(19.8 kN/m~)(5.60 m)2(0.491 )sin21°

2

..

Rankine did not address lateral earth pressures in soils with cohesion (c ~ 0 and cl> ~ 0)
and Coulomb did not address passive pressures. However, later investigators developed
complete formulas for cohesive soils. Bell (1915) was among those who contributed.

Theoretical Behavior

Soils with cohesion can stand vertically to a height of no more than the critical height, He:

QUESTIONS AND PRACTICE PROBLEMS

23.1 Explain the difference between the active, at-rest, and passive earth pressure conditions.

23.2 Which of the three earth pressure conditions should be used to design a rigid basement wall?
Why?

'f

(23.20)

In other words. if H < He the earth will stand vertically without a wall. In practice we
would apply some factor of safety to He (perhaps 1.5 to 2) before deciding not to build a
wall. An engineer also would want to consider the potential for surface erosion and other
modes of failure.

If H > He' the theoretical pressure distribution is as shown in Figure 23.14.

<=AlIswer= 55kN/m
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L

Fi!:ure 23.14 Theoretical active pressure
distribution in soils with cohesion le 2 O.

<b '" 0).

H

I

l'

H

Fi~ure 23.15 Theoretical distrihution of

passive I.:arth pressure in soils v'"ilhcohesion
le'" (). <& '" ()J.

These formulas uften are incorrectly stated without the 2cc/'I term. This term must
be present to account for the lack of tensile forces between the wall and the soil at depths
shallower than He.

The Rankine equations for passive conditions in soils with cohesion are as follows:

Actual Behavior

The theoretical shape of the passive pressure distribution is shown in Figure 23.15.

Equations 23.5 and 23.6 then become:

('I HCK" • ~ 2CC)
P /b = -- - 2cH V K.. + - COSQ > 0

11 2 (/ 'Y JJ-

('I HCK" • ~ 2C')
V/b = -- - 2cHv K.. + - sinQ 2:: 0
" 2 "'I p

('I HCKI' .~)Pi b = -2- + 2cH V KI' cosJ3

('IH2KI' .~)Vr,/b = -2- 't- 2cHv KI' sinJ3

(23.21)

(23.22)

(23.23)

(23.24)

..

designs. This discrepancy occurs because the earth pressure theories do not consider the
following aspects of clay behavior:

Creep

When the shear stresses in a clayey soil are a large percentage of the shear strength, a phe
nomenon known as creep can occur. The soil slowly shears and never reaches complete
equilibrium unless the shear stresses become sufficiently small. When this occurs behind
a retaining wall. the failure wedge slowly moves toward the wall, so it is impossible to
maintain the active condition (whith demands high shear stresses) for long periods.
Therefore, design cantilever walls backfilled with clay using something higher than the
active pressure.

Expansiveness

Another potentially more significant problem is that clayey soils may be expansive (see
Chapter 19). An expanding backfill places very large loads on the wall, far greater than
the computed active or at-rest pressure. The exact magnitude of lateral pressures caused
by expansive soils is difficult to predict, but the passive pressure would be an upper
bound.

The cyclic expansion and contraction cycles in expansive soils further aggravate
this situation and could cause the following scenario:

The theoretical behavior may be approximately correct for sandy soils that develop cohe
sive strength from cementing agents, such as calcium carbonate or iron oxide. However, it
is not a good indicator of lateral earth pressures in clays, and may produce unconservative

of

1. The soil expands and the retaining wall moves outward.

2. The soil shrinks and moves slightly downhill, thus remaining in intimate contact
with the wall. Cracks form.



By setting Equations 23.25 and 23.26 equal to the Equations 23.5 and 23.6, we can
derive the following Rankine equations for G" and G,. in soils with c = 0:

770 Chapter 23 Lateral Earth Pressures

3. Loose debris falls into the cracks, preventing them from closing.

4. The soil expands again and moves the wall farther out.

This process could continue in~finitely, moving the wall much farther than would a sin
gle cycle of expansion.

A slightly cohesive soil. such as an SC, would probably not pose any serious prob
lems, but highly cohesive soils, such as a CH. could produce large movements or even
failure.

Many of the preventive measures described in Chapter 19 are also appropriate for
reducing the potential for expansion behind a retaining wall.

Poor Drainage

Clays have a low hydraulic conductivity, and thus obstruct drainage. Therefore, ground
water may become trapped behind the wall, producing hydrostatic pressures.

Design Guidelines

23.4 Equivalent Fluid Method

Vjb = G,B"
2

Where:

PJb = normal force between soil and wall per unit length of wall

VJb = shear force between soil and wall per unit length of wall

b = unit length of wall (usually I ft or I m)

G", G,. = horizontal and vertical equivalent fluid densities
B = height of wall

I G" = -yK" cosj3 ,

I G,. = -yK" sinl3l

771

(23.26)

(23.27)

(23.28)

The best procedure is to avoid backfilling any wall with clay, especially in regions with
adverse climates. It is often possible to bring in other soils from on-site or off-site to use
for backfill material. However, if clay is used. the design must reflect their presence. Jen
nings (1973) described the South African practice of designing such walls using at-rest
pressures with a Ko of 0.8 to 1.0 and making them as flexible as possible. Terzaghi and
Peck's design values, described in Section 23.5, also provide lateral earth pressures for
walls supporting clay.

Where:

-y = unit weight of soil

K" = Rankine's coefficient of active earth pressure (Equations 23.7 or 23.8)
13= inclination of ground surface above the wall

If the earth pressures are to be computed using Coulomb's method, then the equations for
G" and G" in soils with c = 0 are:

The equivalent fluid method also may be used to express at-rest earth pressures, as
follows:

23.4 EQUIVALENT FLUID METHOD

As discussed earlier, the theoretical distribution of lateral earth pressure acting on a wall
backfilled with a cohesionless soil is triangular. This is the same shape as the pressure dis
tribution that would be imposed if the wall was backfilled with a fluid instead of soil. Fur
thermore, if this fluid had the proper unit weight, the magnitude of the lateral pressure
also would be equal to that from the soil. Engineers often use this similarity when ex
pressing lateral earth pressures for design purposes. Instead of quoting K values, we can
describe the lateral earth pressure using the equivalent fluid density, G", which is the unit
weight of a fictitious fluid that would impose the same horizontal pressures on the wall as
the soil. The vertical component of the lateral earth pressure also can be expressed using a
similar value, G". Thus, the normal and shear forces acting on the wall may then be ex
pressed as:

..

I G" = -y K" cos<l>"I

I G,. = -y K" sin<l>"I
Where:

-y = unit weight of soil

K" = Coulomb's coefficient of active earth pressure (Equation 23.19)

<1>"= wall-soil interface friction angle

I G" = -y Kol

I G,. = 01

(23.29)

(23.30)

(23.31)

(23.32)

,1ft

'/

Pjb = G"B"
2

(23.25)

Where:

-y = unit weight of soil

Ko = coefficient of lateral earth pressure at rest (Equation 23.2)
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Geotechnical engineers develop design values of the equivalent fluid density and

present them to the civil engineer or structural engineer who then design the wall using

the principles of fluid statics. This method is popular because it reduces the potential for
confusion and mistakes. All engineers understand fluid statics (or at least they should!),

so these design parameters ar~ easy to use.

Vjb = G,.H22

(19Ib/ft')(14 ftj2

2

= l~lb/ft {=Answer

Example 23.S

K,,=

A 12-ft tall cantilever retaining wall will be supported on a 2-ft deep continuous footing and

will retain a sandy soil with c' = 0, <1>'= 35°, and -y= I24lb/ft'. The ground surface above the
wall will be inclined at a 2: I slope (13= 27°) and there will be no surcharge loads. Compute

the design values of G" and G,., then use them to compute the total normal and shear forces
imposed by the backfill on the back of the wall and footing.

Solution

Use Coulomb's method

<1>"= 0.67(35°) = 23°

cos2(<I>- at)

[ sin(<I>+ <1>,,)sin(<I> 13)]2cos2a cos( <1>••.+ a) I + cost <1>••.+ at) cost at - 13)

cos2(35 - 0)

[ sin(35 + 23) sin(35 27)]2cos20 cos(23 + 0) I + cos(23 + 0) cos(O 27)

=0.383

23.5 PRESUMPTIVE LATERAL EARTH PRESSURES

The computation of lateral earth pressures, as discussed thus far in this chapter, requires·

assessments of the shear strength parameters c and <1>.For large walls. the cost of obtain

ing these strength parameters (i.e., soil exploration, testing. and analysis) is normally jus

tified. However, for small walls it may be less expensive' to eliminate these costs and use

conservative assumed earth pressures, These presumptive lateral eanh pressures are simi

lar to the presumptive allowable bearing pressures discussed in Section 8.3, which are

often used to design spread footings for lightweight structures. Presumptive earth pressure

values also are useful for walls backfilled with clay, because classical lateral earth pres
sures do not work well with cohesive soils.

Terzaghi and Peck (1967) developed presumptive earth pressures based on soil clas

sification and the observed performance of real walls. This method classifies,the soil into

five types. as described in Table 23.3. The normal and shear forces acting on the wall are

then computed using Equations 23.25 and 23.26 with Figures 23.16 and 23.17.

TABLE 23.3 CLASSIFICATION OF SOIL TYPES FOR TERZAGHI & PECK'S METHOD

(Adapted from Terzaghi and Peck, 1967).

Soil Type Description

(44lb/ftJ)(14 ftj2

2

P,,/b = G"H22

G,. = -yK"sin<l>••.= (124)(0.383)sin23 = 191b/W

G" = -yK"cos<l> ••.= (124)(O.383)cos23 = 44lb/ff Coarse grained soil without admixture of fine soil particles, very permeable (i.e.,
clean sand or gravel).

Coarse-grained soil of low permeability due to admixture of particles of silt size.

Residual soil with stones, fine silly sand, and granular materials with conspicuous
clay content.

Very soft clay, organic silts, or silty clays.

Medium or stiff clay, deposited in chunks and protected in such a way that a neg
ligible amount of water enters the spaces between the chunks during floods or
heavy rains. If this condition cannot be satisfied, the clay should not be used as
backfill material. With increasing stiffness of the clay, danger to the wall due to

infiltration of water increases rapidly.

4

5

2

3

{=Answer

{=Answer

{=Answer= 43101b/ft

'f!
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QUESTIONS AND PRACTICE PROBLEMS

Figure 23.16 Charts for estimating the loads acting against a rewining wall hcncaLh a planar
ground surface (Adapted from Terzaghi and Peck. 1967).

Alternatively, Table 23.4 presents presumptive lateral earth pressures for retaining
walls with essentially level backfills (i.e., where the ground surface above the wall has a
slope of less than 5 percent). These are expressed as the equivalent fluid density. G". The
design value of G,. should be taken to be zero in all cases. The active values could be used
for cantilever walls, and the at-rest values for braced walls. Basement walls should be
evaluated as braced walls. However, this table should not be used for walls more than
2.5 m (8 ft) tall.
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23.8 A 4-m tall cantilever wall is to be backfilled with a stiff clay. How far must this wall move to
attain the active condition in the soil behind it? Is it appropriate to use the active pressure for
design? Explain.

Figure 23.17 Charts for estimating the loads acting against a retaining wall below a ground surface

that is sloped and then becomes level. For soil type 5. use an H value 4 ft (I m) less than the actual

height IAdapted from Terzaghi and Peck. 1967).

'f!
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23.11 Repeat Problem 23.10 using the presumptive lateral earth pressures in Table 23.4.

23.6 LATERAL EARTH PRESSURES FROM SURCHARGE LOADS

23.9 A 3-m tall cantilever retaining wall with a vertical back is to be backfilled with a soil that has
G" = 6.0 kN/m' and G,. = O. Compute the lateral force per meter acting on the back of this
wall.

23.10 A 13-ft tall cantilever retaining wall supports a residual fine silty sand (SM) and the ground
surface behind the wall is level. Using Terzaghi and Peck's charts. determine G" and G,., then
use these values to compute the normal and shear earth pressures acting on the back of this
wall.

(23.33)
I (J = Kq I

23.12 A 4.0-m tall cantilever concrete retaining wall is to be backfilled with a clayey sand that has
c'=100 Ib/ft", <1>'=30°,and '1=120 Ib/ftJ Using Coulomb's equations, compute G" and G,., then
use these values to compute the normal and shear earth pressures acting on the back of this
wall. In this case, it is probably best to ignore the cohesive strength of the backfill soil.

Surcharge loads often are present along the ground surface above a retaining structure, as

shown in Figure 23.18. These loads might be the result of structural loads on shallow

footings, vehicles, above-ground storage, backfill compaction equipment, or other causes.

If a surcharge load occurs within a horizontal distance of about H from the wall (where H
equals the height of the wall), then it may impose significant additional lateral pressures
on the wall and therefore is of interest.

If the surcharge load is uniformly distributed, or if it can be assumed so, then the

additional lateral earth pressure also is uniformly distributed, as shown in Figure 23.18.

Its magnitude is:

23.13 A 2.5-m tall cantilever retaining wall is to be backfilled with a clayey sand (SC). Using any

appropriate method, compute G" and G,., then use these values to compute the normal and
shear earth pressures acting on the back of this wall. Then, consider the possibility of backtiU
ing this wall with an imported poorly-graded sand (SP) and recompute the values. Discuss the
difference and list the major factors that would need to be considered when deciding whether
or not to use the imported backfill.

TABLE 23.4 PRESUMPTIVE LATERAL EARTH PRESSURES FOR WALLS WITH LEVEL

BACKFILLS (Adapted from ASCE, 1996a and ICC, 2000)
Equivalent Fluid Density, G"

) Active Condition
At-Rest Condition

Unitied Classification and Description of Retained Soils""
Ob/ft')(kN/m')Ob/ft')(kN/m')

GW

Well-graded clean gravels and sandy gravels355.5609.4

GP

Poorly-graded clean gravels and sandy gravels355.5609.4

GM GW-GM
Silty gravels 355.5609.4

GP-GM GCGW-GC Clayey gravels
457.1609.4

GP-GC
GC-GMSW

Well-graded clean sands and gravelly sands355.5609.5

SP

Poorly-graded clean sands and gravelly sands355.5609.5

SM SW-SM
Silty sands 457.1609.5

SP-SM
SCSW-SC Clayey sands

8513.4100SP-SC
15.7

SC-SM ML

Inorganic silts with low plasticity 8513.410015.7

CL-ML

Inorganic silty clays with low plasticity 8513.410015.7

CL
Inorganic clays with low plasticity 10015.710015.7

OL
Organic silts and clays with low plasticity

MH

Inorganic silts with low plasticity Not suitable unless evaluated
CH

Inorganic clays with high plasticity by a geotechnical engineer.

OH

Organic silts and clays with high plasticity

'The retained soils are those in the zone above a plane inclined upward at a slope of I: I from the bottom rear of the footing.

If more than one soil type is present in this zone. the soil lateral load shall be the highest for any of those soils.

"The use of this table is limited to walls no more than 2.5 m (8 ft) tall.

Where:

er = additional lateral earth pressure due to surcharge load

K = K", Ko, or Kp, depending on whether active, at-rest, or passive conditions
prevail, respectively

q = surcharge pressure

~

If the surcharge load occurs along a point, line, or limited area, the resulting addi

tional lateral earth pressure may be computed using the techniques described in Chapter
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Point Load

Surcharge

Solution

Uniform

Surcharge

)

Lateral earth pressure caused by uniform load

K" = tan'(45° - <1>/2)= tan'(45° - 31°/2) = 0.320

(J' = K"q = (0.320)(13.0kPa) = 4.2kPa

Lateral earth pressure caused by concentrated load
Using Equation 10.11 from Geotechnical Engineering: Principle.l· wul Practices:

Figure 23.18 Typical surcharge loads near a retaining wall.

10 of Geotechnical Engineering: Principles and Practices (Coduto, 1999). The effects of
multiple surcharge loads may be combined using superposition.

Example 23.6

The ground surface above a 4.0-m tall retaining wall will be subjected to a uniform surcharge
load of 13.0 kPa and a vertical point load of 1000 kN. as shown in Figure 23.19. Compute the
additional lateral earth pressures due to these surcharge loads.

Depth below R(J'

top of wall (m)
(m)(kPa)

0.00

2.503.8

0.40

2.5310.2

0.80

2.6214.6

1.20

2.7716.4

1.60

2.9716.2

2.00

3.2015.1

2.40

3.4713.6

2.80

3.7512.3

3.20

4.0611.2

3.60

4.3810.3

4.00

4.729.6

Proposed retaining wall with surcharge load for Example 23.6.

1000 kN

1'<1 2.5 m .1

These results are plotted in Figure 23.19. and are in addition to the active earth pressure act
ing on this wall.

An often-neglected surcharge load is that imposed by the equipment that places and
compacts the backfill. Although these loads are trivial if the contractor uses only light
weight hand-operated compaction equipment, they can be significant if larger equipment.
such as loaders, dozers, or sheepsfoot rollers, operate behind the wall. Unfortunately, de
sign engineers sometimes fail to consider construction procedures, so it is not unusual for
walls to tilt excessively during backfilling because they were not designed to support
heavy equipment loads.

One way to predict the effect of these loads on the wall is to combine a knowledge
of the weight and position of the compact ion equipment with the surcharge charts in this
chapter. Another way is the method proposed by Ingold (1979).

Compacted backfills also induce large horizontal stresses in the ground (i.e., the Ko

value is large). This also increases the lateral earth pressure acting on the wall (Duncan
eta!., 1991).

,crDueto
Point Load

15 20o

3

4

g2

q = 13.0 kPa

c'=O
<1>' =310
v =0.3

T
9.0m

,pgure 23.19
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23.7 GROUNDWATER EFFECTS

The discussions in this chapter have thus far assumed that the ground water table is located

below the base of the wall. If the ground water table rises to a level above the base of the

wall, three important changes occur:

• The effective stress in the soil below the groundwater table will decrease. which de

creases the active, passive, and at-rest pressures.

• Horizontal hydrostatic pressures will develop against the wall and must be superim

posed onto the lateral earth pressures.

• The effective stress between the bottom of the footing and the soil becomes smaller,

so there is less sliding friction.

The net effect of the first two changes is a large increase in the total horizontal pres

sure acting on the wall (i.e., the increased hydrostatic pressures more than offset the de

creased effective stress). The resulting pressure diagram is shown in Figure 23.20.

Example 23.7

This cantilever wall has moved sufficiently to create the active condition. Compute the lateral
pressure distribution acting on this wall with the groundwater table at locations a and b. as
shown in Figure 23.21.

The soil properties are: c' = o. 'I>'= 30°, "( = 20.4 kN/m.l, and "(,."= 22.0 kN/m.l

-1
5.3 III

Groundwater
ata

~

2.5 III

b

6m

a

Pressure due to BackfiIl)

Groundwater
at b

b \l

\
Hydrostatic Pressure

Pressure due to Backlill
(Lateral Earth Pressure)

\1

Figure 23.20 Theoretical lateral pressure

distribution with shallow groundwater table.

,f'

Figure 23.21 Retaining wall for Example 23.7.

Solution

Use Rankine's Method

K" = tan2(45° - <1>/2)= tan'(45° - 30°/2) = 0.333

With the groundwater table at a:

0' = O';Ka cosJ3

= "(zK" cosj3

= 20.4 z(0.333)cosO

= 6.79 z

Where z = depth below the top of the wall

J3= 0 :. V" = 0 (per Rankine)
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With the groundwater table at b:

eT@Z 2: 2.5 m = eT;K" cosl3

= (I. 'IH - u)K" cosl3

= [(20.4 kN/mJ)(2.5 m) + (22.0 kN/m')(z - 2.5 m) - uJ(0.333)cosO

= 7.33: - 0.33u - 1.33

u = 9.80 kN/m'(z - 2.5 m) 2: 0

Total horizontal pressure on wall = eT + U

Groundwater at a Groundwater at b---z
eTUeTTotal Pressure

(m)
(kPa)(kPa)(kPa) (kPa)

0.0

0.000.000.00 0.00

0.5

3.400.003.40 3.40

1.0

6.790.006.79 6.79

1.5

10.190.0010.19 10.19

2.0

13.580.0013.58 13.58

2.5

16.980.0016.98 16.98

3.0

20.374.9019.04 23.94

3.5

23.779.8021.09 30.89

4.0

27.1614.7023.14 37.84

4.5

30.5619.6025.19 44.79

5.0

33.9524.5027.2451.74

5.3

35.9927.4428.4655.90

installed behind the wall. Drains such as these are the most common method of de

signing for groundwater.

Further problems can occur if the groundwater becomes frozen and ice lenses form.

The same processes that cause frost heave at the ground surface also produce large hori

zontal pressures on retaining walls. This is another good reason to provide good surface

and subsurface drainage around retaining walls.

QUESTIONS AND PRACTICE PROBLEMS

23.14 A 20-ft tall cantilever retaining wall supports a soil with c' = O. <1>'= 36°, and 'I = 126 Ib/ft'
The ground surface above the wall is essentially level, and will be used for storage of 55 gal
lon drums filled with oil. These drums will impart a uniform surcharge load of 300 Ib/ft'. As
suming active conditions will exist, determine the Rankine active pressure and the lateral
earth pressure caused by the surcharge load. Show both of these pressure distributions on a
cross-section of the wall.

23.15 A 6-m tall cantilever retaining wall on a 0.5-m thick footing will support a backfill with
G" = 5.5 Ib/ft" and G,. = O. The ground above this wall will be essentially level and used as a
parking lot. The vehicles in this parking lot can be represented by a uniform surcharge pres
sure of 15 kPa. Determine the earth pressures acting on this wall and show these pressures in a
sketch.

23.16 An 18-ft tall cantilever retaining wall on a 2-ft thick footing will support a sandy backfill with
c' = 0, cP' = 38°, 'I = 125 Ib/ft', and 'I"" = 128 Ib/ft". The wall has been designed with weep
holes so the groundwater table can rise no higher than the top of the footing. Using Rankine's

method. compute the total horizontal force per foot acting on the back of the wall and footing.
Unfortunately, the weep holes were inadvertently omitted from the construction. so the as
built wall had no drainage provisions. As a result, the water table rose to a level 7 ft below the
top of the wall. Compute the neW total horizontal force per foot acting on the back of the wall
and footing. Discuss your findings.

Example 23.7 demonstrates the profound impact of groundwater on retaining walls.

If the groundwater table rises from a to b. the total horizontal force acting on the wall in

creases by about 30 percent. Therefore, the factor of safety against sliding and overturn
ing could drop from 1.5 to about 1.0, and the flexural stresses in the stem would be about

30 percent larger than anticipated. There are two ways to avoid these problems:

1. Design the wall for the highest probable groundwater table. This can be very expen
sive, but it may be the only available option.

2. Install drains to prevent the ground water from rising above a certain level. These

could consist of weep holes drilled in the face of the wall or a peiforated pipe drain

.f'",

23.8 PRACTICAL APPLICATION

Even the most thorough analytical method is a simplification of the truth. Traditionallat

eral earth pressure calculations ignore many real-world effects, such as temperature fluc

tuations, readjustment of soil particles due to creep, and vibrations from traffic. Add the

ever-present uncertainties in defining soil profiles and obtaining truly representative sam

ples for testing and we should not be surprised when measured earth pressures are often

quite different from those that the equations predict. See Gould (1970) for interesting

comparisons of predicted and measured earth pressures on real structures.

This does not mean that the analyses are not useful. However, be careful to apply

them carefully and with judgment. Specific practical guidelines include the following:



1. The lateral earth pressures acting on a structure can vary from a lower bound,
known as the active condition. to an upper bound, known as the passive condition.
The magnitude of the active pressure could be as low as zero, whereas the passive
pressure could be as high as several times the vertical stress.

2. The lateral stress condition in a soil depends on the lateral strain. If the soil expands
laterally a sufficient distance, then the active condition will exist. If it contracts lat
erally a sufficient distance, then the passive condition will exist. If no lateral strains
occur, then the at-rest condition exists. Intermediate states are also possible.

3. The ratio of the horizontal to vertical effective stress at a point is known as the coef
ficient of lateral earth pressure, K. The value of K in the active, passive, and at-rest
conditions is represented by K", K,,, and Ko. respectively.

4. The two classical theories for computing active and passive pressures are
Coulomb's theory and Rankine's theory. Either theory is acceptable for computing
active pressures, but only Rankine's theory accurately predicts passive pressures.

5. Use special care when computing lateral earth pressures in clayey soils because of
the potential for creep and the potential for expansion upon wetting.

6. Lateral earth pressures are often expressed in terms of the equivalent fluid density,
which is the unit weight of a fictitious fluid that)mposes the same lateral earth pres
sure as the real backfill soil.

7. Surcharge loads that act within a distance H behind the wall. where H is the height
of the wall, will increase the lateral pressures.

8. The presence of groundwater behind the wall can significantly increase the lateral
earth pressure.

784 Chapter 23 Lateral Earth Pressures

1. Use extra caution in clays
Although these methods model sands reasonably well, they are less reliable

when used with clays because of their more complex behavior. Therefore, an extra
note of caution is appropriate when working with clays.

One important characteristic of clays is their tendency to creep, which is a
continued deformation under a constant applied load. We normally expect materials

subjected to a given stress to develop a corresponding deformation and then stabi
lize, but materials that creep will continue to deform and not reach equilibrium until
the stress is relieved. Although creep can occur in clays at any stress level, it will

usually be most pronounced when the shear stress is at least half of the shear
strength.

In the context of lateral earth pressures, creep can be a problem when we de
sign clays for the active or passive condition, which, by definition, stress the soil to
a level near its shear strength. This means that once a wall has moved sufficiently to
develop the active or passive condition, the soil will begin to creep and the lateral
earth pressures will begin to migrate back toward the at-rest condition.

Therefore, do not design cantilever retaining walls backfilled with clay using
the active pressure. A design pressure between the active and at-rest values would
be most appropriate. Likewise, it is best not to rely on the full passive pressure, at
least not for long-term loads. Terzaghi and Peck's charts could be used to estimate
the active pressure, and Rankine's method (with a high factor of safety) for the pas
sive.

2. Select appropriate strength parameters
Retaining wall designs should nearly always be based on the saturated

strength of the soil. Even though the soil may be relatively dry during consiruction.
the designer must assume that it may one day become wet.

If the design incorporates a drainage system, such as weep holes, then design
ers can safely assume that the groundwater will not rise above the level of the drain.
In such cases, use zero pore water pressure in the soil and zero hydrostatic pressure
against the wall.

It is also important to remember that walls are usually built with construction
excavations that are smaller than the active wedge. Any analysis of such walls
should be based on the soil strength along the base of the wedge, not those from the
narrow backfill. In all cases, use plane strain strengths.

3. Use an appropriate method of analysis
Morgenstem and Eisenstein (1970) compared the earth pressure coefficients

from Coulomb and four other theories with those of Rankine. They found that the
computed values of K" are within 10 percent of Rankine's K" for all values of «>,

which we would consider to be very close agreement. Coulomb's theory produces
K" values that are slightly more accurate than Rankine's, but the difference is so
small that for practical problems an engineer could achieve satisfactory results with
either method. However, as discussed earlier, passive pressures are best computed
using Rankine's Kp.

,1ft
~f

23.8 Practical Application

SUMMARY

Major Points

Vocabulary

Active condition

At-rest condition

Coefficient of lateral earth

pressure

Coefficient of passive
earth pressure

Coefficient of active earth

pressure

Coulomb theory

Creep

Equivalent fluid density

Lateral earth pressure

Limit equilibrium analysis
Passive condition

Plane strain condition
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Presumptive lateral earth
pressure

Rankine theory

Rigid

Surcharge load

Unyielding
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COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

23.17 A basement wall will be built of concrete masonry and supported on a concrete footing. The
bottom of the footing will be 2.5 m below the adjacent ground surface. The backfill soils will
consist of silty sand (SM) and well-graded sand (SW), and the groundwater will be controlled

through the use of subdrains. Determine the horizontal force per meter acting on the back of
this wall and footing.

23.18 An g.O-m tall cantilever concrete retaining wall on a ?OO-mm thick footing is 10 be backfilled
with a silly sand having c' = o. cl>' = 35°. and 'I = 122 Ib/ft'. The ground surface ahove this
wall will be inclined at a slope of 3 horizonlalto 1 vertical, and the groundwaler will be con

trolled with subdrains. The back of the wall is lapered at an angle of 5 degrees. Using
Coulomb's equations, compute G" and G,,, then use these values to compute the normal and
shear force acting on the back of this wall and footing.

24

Cantilever Retaining Walls

Theories require assumptions. which often are true only to a limited
degree. Thus any new theoretical ideas have questionable points which
can be removed only by checks under actual conditions. This statemelll
holds especially true for theories pertaining to soil mechanics beClUUe
assumptions relative to soil actio" are always 1IUJreor less questionable.
Such theories may sometimes be checud to a Umited degree by
laboratory tests on small samples, but often the only final and
satisfactory verification requires observations under actual /kid
conditions.

MIT Professor Donald W. Taylor (1948)

Cantilever retaining walls are the most common type of earth-retaining structure because

they are often the most economical, especially when the wall height is less than about 5 m

(16 ft). This chapter discusses the analysis and design of such walls.

The design of these walls must satisfy two major requirements: First, the wall must

have adequate external stability. which means it must remain fixed in the desired location

(except for small movements required to mobilize the active or passive pressures). Sec

ond. it must have sufficient internal stability (or structural integrity) so it is able to carry

the necessary internal stresses without rupturing. Both of these requirements are shown in

Figure 24.1. Walls that have insufficient external stability experience failure in the soil,

while those that have insufficient internal stability experience structural failure in the wall

itself. These are two separate requirements, and each must be satisfied independently.

Extra effort in one does not compensate. for a shortcoming in the other. For example,

adding more rebars (improving the internal stability) does not compensate for a footing

that is too short (a deficiency in external stability).
787
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(d)

(b)

(f)

(e)

(c)

(a)

Figure 24.2 Potential external stability

problems in a cantilever retaining wall: (a)
sliding failure. (b) overturning failure, (c)
normal force acting on the base of the foot

ing not within the middle third, (d) bearing

capacity failure. (e) deep-seated shear fail
ure, and <0 excessive settlement.

(b)(a)

Sliding

• It must not slide horizontally, as shown in Figure 24.2a.

• It must not overturn, as shown in Figure 24.2b and Figure 24.3.

• The resultant of the normal forc~ that acts on the base of the footing must be within
the middle third of the footing, as shown in Figure 24.2c.

The foundation must not experience a bearing-capacity failure, as shown in
Figure 24.2d.

• It must not undergo a deep-seated shear failure, as shown in Figure 24.2e.

• It must not settle cxccssively, as shown in Figure 24.2f.

A cantilever retaining wall must be externally stable in all the following ways:

The external stability of a wall in each of these modes is dependent on its dimen
sions and on the forces betwecn the wall and the ground. Figure 24.3 shows a wall that
does not satisfy thc overturning criteria and is slowly rotating outward.

When evaluating extel1)al stability, engineers consider the wall and the soil above
the footing .IS a unit, as shown in Figure 24.4. We will refer to it as the wall-soil unit and
evaluate its external stability using the principles of statics.

We can evaluate the external stability of a wall-soil unit only after its dimensions
are known. Therefore, first develop a trial design using the guidelines in Figure 24.5, then
check its external stability, and progressively refine the design. Continue this converging
trial-and-error process until an optimal design is obtained (one that minimizes costs while
satisfying all external stability criteria).

24.1 EXTERNAL STABILITY

Figure 24.1 (a) A wall that lacks sufficient

external stahility moves away from its de
sired location because the soil fails; (b) A

wall with inadequate internal stability (struc

turaJ integrity) is umlhle to carry the neces

sary internal stresses and experiences a
structural failure.

We evaluate the sliding stability using a limit equilibrium approach by considering the
forces acting on the wall-soil unit if it were about to fail. The factor of safety is the ratio
of the forces required to cause the wall to fail to those that actually act on it.
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The factor of safety, F, is defined as the ratio of the horizontal resisting forces, I. (P RIb) to
the horizontal driving forces, I. (P Dlb):

The unit length, b, is usually 1 ft or Im.
me 1610.2 requires a factor of safety against sliding of at least 1.5. This criterion is

suitable for walls backfilled and supported on sands, sandy silts, gravels, or rock. How
ever, if the backfill or the underlyin~ soil is a clay or clayey silt, design for a factor of
safety of at least 2.0. This higher factor of safety is justified because of the historically
poorer performance of such walls (Duncan et al., 1990), and because the shear strength of
clayey soils is less reliable.

The resisting force is typically computed using Equation 8.8, which uses allowable
coefficient of friction and passive pressure values (Le., a factor of safety has already been

Min. 8 in. (200 mm)

ir=

r,
H", 48

These are countered by the following resisting forces:

• Lateral earth pressures acting on the front of the wall-soil unit.

• Sliding friction along the bottom of the footing.

• Hydrostatic forces, if any, acting on the front of the wall-soil unit.

Figure 24.5 Suggested first trial dimen
sions for cantilever retaining walls back

filled with sandy soils. For short walls with

strong soils and level backfill. the toe exten
sion will be about 0.58. For weaker soils or

inclined backfill, the toe extension will be

less (with a corresponding increase in the
heel extension).

24.1 Extemal Stability

-Palb
I

Vllb

P,I"

1'"lh ---...

1
HII'

Chapter 24 Cantilever Retaining Walls

Figure 24.3 This retaining wall. which was backfilled with an expansive clay. is slowly

failing by overturning and will eventually collapse. This photograph was taken approxi
mately Ihirty years after conslrul.'tioll.

The forces tending to cause sliding (known as the driving forces) are as follows:

• The horizontal component of the lateral earth pressures acting on the back of the
wall-soil unit.

• Hydrostatic forces, if any, acting on the back of the wall-soil unit.

• Seismic forces from the backfill (these are beyond the scope of this chapter).

790

Fi~ure 24.4 Forces aCling hClwecn a can

tilever retaining wall and the ground. The

wall. footing. and baekfill soil immediately
above the footing form the wall-soil unit.

which is used to perform external stahility
analyses.
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applied to these values). Thus, this design procedure produces a compound factor of

safety against sliding: the fIrst is applied by the geotechnical engineer when developing

design values of •.•.••and ~'" and the second by the structural engineer when performing the
sliding analysis. This compounding typically produces a "true" factor of safety between
2.5 and 3.5, which is probably appropriate.

The use of Equation 8.8 in this analysis also implicitly double-co~nts part of the
active earth pressure. This is conservative, and helps keep the lateral movements under
control.

Example 24.1-Part A

Solution

Select the trial dimensions using Figure 24.5. These trial dimensions are shown in Fig
ure 24.6.

Develop the geotechnical design ~rs

Active earth pressure-use Coulomb's method (Equation 23.19). Rankine's method also
would be acceptable.

~ = tan-1(1/4) = 14°

4»•. = (2/3)(35°) = 23°

~AIISW"

~AIISlI'.'

~AlISwe'/J. _ 0.50 = 0.33
/J.. = F - 1.5

cos2(4) - a)

cos2a cos(4)•. + a)[1 + sin(4)>+ 4>•.) sin(4) - ~)]2cos(4)>•. + a) cos(a - ~)

cos2(35 - 0)

cos20 cos(23 + 0)[1 + sin(3S + 23) sin(3S - 14)]2cos(23 + 0) cos(O - 14)

= 0.291

K =.

Gh = 'YK. cos4»•. = 122(0.291) cos23° = 331b/1t'

G. = 'YK. sin4>•. = 122(0.291) sin23° = 14tb/1t'

_'Y(,-ta_n_2(4_5_°_+_4»...;./_2...;.)_-_tan.--:2(4_5_0_-_4»...;./_2)c.:.]

X" = F

125(tan2(45~ + 38°/2) - tan2(4S0 - 38°/2)]
2

= 248Ib/ftJ use 250 tb/It' ~AlISwer

These geotechnical design parameters, along with the allowable bearing pressure given in the
problem statement, are normally developed by the geotechnical engineer.

Evaluate sliding stability of trial design

H = 1.25 + 0.5 + 12 + 6(1/4)

= 15.25 ft

Per Table 8.3: /J. = 0.45-0.55

Per Equation 8.12: /J. = tan [0.7 (38)] = 0.50

Use /J.= 0.50

Figure 24.6 Trial dimensions lor retaining wall, Example 24.1.

12ft

-11 ft fj:..~":.6ft -:/-/1ft/=.- ..

A 12-ft tall retaining wall supports a backfill inclined at a slope of 4:1 as shown in Figure
24.6. The soil behind the wall is a fine to medium sand with the following properties: c' = 0,
4>'= 35°, and'Y = 122 Ib/fe. The soil below the footing is also a fine to medium sand: Its

properties are c' = 0, 4>' = 38°, 'Y= 125 Ib/ft~, and the allowable bearing pressure, qA' is
5000 Ib/ft2• Determine the required footing dimensions to satisfy external stability criteria.



794 Chapter 24 Cantilever Retaining Walls 24.1 External Stability 795

GhH2 (33)(15.252)

Pa/b = -2- = --~-- = 3,8371b/ft

G,.N2 _ (14)(15.252) = 1,6281b/ftVu!b=mm2--- 2
(Install Tieback Anchor ,---------,

I ,I ,
:::::::::::::::::::::::::::::::::::::::::::::::::::::~ ~~ :I ,

L 2

If the sliding stability criterion has not been satisfied, as in this example, the engi
neer must modify the trial design using one or more of the following methods (see Fig
ure 24.7):

"

",
",
It.1
",
"I
"I
"I
",
",,,'
",I,'
",

: : :- Install Tieback AnchorsI,'I,'
",
",I,'
",,,'
",
"I
U_'

(

,
\ ,\ I, I
\_1

Provide J
Key

1,5621b/ft
1,500Ib/ft
9,699lb/ft
l,6281b1ft

14,389Ib/ft

'L(PRlb) _ 5,\31 = 1.34 < 1.5
F = 'L(Pvlb) - 3,837

Plb+ W/b
Using a modified versionof Equation 8.8:

V,lb = (Plb + W,lb)l1" + 0.5X,,D2

= (14,389)(0.33) + (0.5)(250)(I.W)

= 5,\311b/ft

Weight on bollomof footing:

Stem: [(8/12 + 12112)I2J(12.5)(1501b1ftJ)

Footing: W/b = (1.25)(8)(150)
Soil behind wall: (6)[12.5 + (1/2) (6) (l/4)](\221b/ftJ)

V)b

• Extend the heel of the footing: This increases the weight acting on the footing,
thus increasing the sliding resistance. Unfortunately, it also increases construction
costs because it requires a larger construction excavation. If the wall is near a prop
erty line or some other. limit to construction, this method may not be feasible .

Add 8 key henl'llth the r()otin~: This improves the sliding stability by increasing
the passive pressure. Unfortunately, the active pressure also increases. However, the
increase in the passive is greater than the increase in the active, so there is a net
gain. This method is most effective in soils with a relatively high friction angle be
cause the ratio K/ K" is greatest in such soils and the net increase in resisting force
is greatest.

Some engineers do not favor the use of keys, especially in clean sands (where
they are theoretically most effective) because they feel that the benefits of the key
are more than offset by the soil disturbance during construction.

Use a stronger backfill soU: This soil must extend at least to the line shown in Fig
ure 24.7 to assure that the critical failure surface passes through it. Usually this re
quires a larger construction excavation and often requires the use of imported soil.
Therefore, this method is usually expensive.

Figure 24.7 Methods of improving sliding stability .

• Install tiedown anchors: This increases the normal force acting on the footing,
Plb, thus increasing the sliding friction. This method is most effective when cI>, is
large.

• Install a tieback anchor: This increases the total resisting force, I (P,Ib). Tieback
anchors might be in the form of a deadman as shown here, or they may develop re
sistance through friction along an augered hole. Screw-type anchors also are avail
able.

Conversely, if the sliding factor of safety was excessive, the engineer would reduce
the heel extension and/or remove or shorten the key. Adjusting the toe extension has very
little effect on the sliding stability.

We express the fmal dimensions of the footing and the key (if used) as a multiple of
3 in or 100 mm. Therefore, the trial-and-error design process ends when the required di
mensions are known within this tolerance.
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Example 24.1-Part B

Overturning

Additional trials will show that a 7 ft 6 in heel extension will produce F = 1.52against slid
ing. This correspondsto a total footing width of 9 ft 6 in.

Once the trial design satisfies the sliding stability requirements, begin evaluating its over
turning stability using a limit equilibrium approach with the wall-soil unit shown in Fig
ure 24.8. The factor of safety is now defined in terms of moments:

• The horizontal component of the lateral earth pressures acting on the back of the
wall-soil unit. In theory, the resultant of this force acts at a height of 0.33H from the
bottom of the footing. but field measurements indicate the actual location is at a
height of about O.4H (Duncan et al.• 1990). In other words, the actual pressure dis
tribution is not triangular. Nevertheless, it is customary practice to base the analysis
on the theoretical height. even though this procedure is somewhat unconservative.

• Hydrostatic forces acting behind the wall-soil unit. The resultant of these forces
may be determined using the principles of fluid statics.

• Seismic forces from the backfill (which are beyond the scope of this chapter).

A rigorous overturning analysis would compute the factor of safety about a range of
points and search for the point that produces the lowest F. This is the most critical point,
and the factor of safety about this point is the "true" F for overturning. It also is the point
about which the wall would rotate if it were to fail by overturning. This kind of searching
is similar to the process used to evaluate the stability of earth slopes.

However, customary engineering practice does not use such a rigorous analysis. En
gineers normally evaluate the overturning stability by computing the moments about only
one point: the toe of the footing, as shown in Figure 24.8. Since this is probably not the
critical point, the computed F is almost always greater than the "true" F, sometimes by as
much as 40 percent, and the analysis is unconservative. Fortunately. the rest of the design
process, especialIy the requirements for "sliding stability" and "location of normal force
on base of footing," implicitly catch any such problems and prevent the final design from
being unconservative. In other words. whenever the overturning analysis produces mis
leading results, the other analyses control the design. Therefore. the customary practice of
computing moments about the toe is acceptable, even though it sometimes produces in
correct results.

Because this is a limit equilibrium analysis, we consider the forces that would act
on the wall-soil unit if an overturning failure was occurring. The folIowing forces gener
ate driving moments:

(24.2)

Wall-Soil UnitWall-Soil Unit

'i.(MRlb)

F = 'i.(Mnlb)

Where:

F = factor of safety against overturning

I M RIb = sum of the resisting moments per unit length of wall

I Molb = sum of the driving moments (also known as overturning moments) per unit
length of wall

b = unit length (usually I ft or I m)

This is not a 'i. M = 0 analysis. We are taking the sum of all moments acting in one
direction (the resisting moments) and dividing them by the sum of all moments acting in
the other direction (the driving moments). Thus. the computed factor of safety depends on
the location of the point about which we compute the moments.

.~iRure 24.8 Wall~soilllnit for nvcI1urning

analysis: (a) for walls without a key: a"d Ih)
for walls with a key.

~ Centerof

OVl'rlurning

(a)

cenlerof)

Overturning

(b)

These moments are resisted by the folIowing:

• The vertical component of the lateral earth pressures acting on the back of the
wall-soil unit.

• The weight of the wall-soil unit.

• Surcharge loads acting above the wall-soil unit.

• Hydrostatic pressure acting on the front of the footing.

The bottom portion of the footing may move slightly rearward if an overturning
failure were to occur (i.e., the center of rotation may actualIy be slightly higher than the
bottom of the footing). Therefore, the resistance offered by the passive pressure acting on
the front of the footing is not reliable, and should be neglected in the overturning analysis.
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Since the analysis assumes the wall is in the process of overturning ~bout the toe,
the normal force between the bottom of the footing and the ground, Plb + Wflb, acts
through the center of overturning and thus has no moment arm. The same is true of the

sliding fnction force acting along the bottom of the footing, Vflb. Therefore, neither of
these forces need be considered in the moment computations.

The minimum required factor of safety is the same as for sliding: at least 1.5 for
walls backfilled and supported on sands. sandy silts. gravels, or rock [ICC 1610.2], or at
least 2.0 if the backfill or the underlying soil is a clay or clayey silt.

Location of Normal Force Along Base of Footing

During in-service conditions (compared to the limit equilibrium condition used in the
overturning analysis), the force Plb + Wflb must be located within the middle third of the
footing (Le., the eccentricity, e, must be no greater than B16) to maintain a compressive
stress along the entire base of the fooling. This avoids excessive rotation of the footing
and wall, as discussed in Section 5.3. For walls supported on bedrock, the rotation will be
small, so Plb + Wr/b should be located within the middle half of the footing (Le., e must
be no greater than B14) (Duncan et aI., 1990).

For the in-service condition, the wall is in static equilibrium, so the sum of the mo
ments about any point must be equal to zero. We may use this fact to compute the location
of Plb + W,tb, as demonstrated in the next example.

Example 24.1-Part C

This analysis differs from the overturning analysis in that it considers the in-service
conditions.The objective is to find the locationof the resultant force acting OD the bottom of
the footing and determine whether or not it is within the middle third. Because the'wall is in
static equilibrium, find the location of this force by taking the sum of moments about any
point and setting it equal to zero. We already have computed moments about the center of
overturning,so it is easiest to continue using this point.

The magnitudeof Plb + W/b with the 7 ft 6 in heel extensionis 17,348 Ib/ft.
Let x = horizontaldistancefrom the center of overturningto the resultant force.

!.M/b = 20,946 + 17,348x - 97,714 = 0

x = 4.43 ft

Let e = eccentricity= distance from the center of footing to the resultant force.

e = ~ - x = 9.5 ft - 443 ft = 032 ft
2 2' .

~ = 9.~ ft = 1.58 ft

e < 8/6 :. Resultant is within the middle third OK

If the overturning stability of the trial design is not satisfactory, or if the resultant is
not in the middle third of the footing, modify the design in one or more of the following
ways:

Check the overturning stability of the wall described in Part B. This analysis uses revised
weights and forces that reflect the 7 ft 6 in heel extension.

Force 'Mlllb
Source

(lb)Ann (ft)(ft-Ib/ft)

Pd/b

4.0280.333 (15.62) = 5.2020,946

V./b

1.7089.5

Stem

1.5621.0 + 0.5 = 1.5

Footing (W,/h)

1.7819.5/2 = 4.75

Soil

12,293I + I + 3.75 = 5.75

20,946

'£(MR/b) _ 97,714 = 4.67> 1.5 OK
F = ~(M/)/b) - 20,946

Find the locationof the resultant force acting on the footing.

MRlb
(ft-Ib/ft)

16,226

2,343

8,460

70,685

97,714

o Extend the toe of the footing: This is almost always the most cost-effective
method because it increases the moment arms of all the resisting moments and in
creases the bearing capacity of the footing without increasing the driving moments
or significantly increasing the volume of the construction excavation.

o Extend the heel of the footing, as shown in Figure 24.7: This method is much
more expensive because it also increases the volume of the construction excavation.
An engineer would most likely choose this approach only if a property line or some
other restriction prevented extending the toe.

o Use a stronger backfiU soil, as shown in Figure 24.7: This, too, would be expen
sive for the reasons described earlier.

o Use tiedown or tieback anchors, as shown in Figure 24.7: This is very effective,
but may be expensive.

Exampie 24.1-Part D

In this case, both the overturning stability and the resultant in the middle third criteria have
been exceededby wide margins.Therefore, the wall is overdesigned.Try removing all of the
toe extension.The resistingmoment III1IIS all will be reduced by 1 ft.
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Force MIJlb
Source

(lb)Arm (ft)(ft-Ib/ft)

P,/b

4.0280.333 (15.62) = 5.2020.951

V,/b

1.7088.5

Stem

1.5620.5

Footing (W/h)

1.5944.25

Soil

12.2934.75

20.951

'i(MN/h) _ ~~~4.6~= 3.84 > 1.5 OK
F = i(M~/i;)- 20.951

MRlb

(ft-Ib/ft)

14.518

781

6.774

58.392

80.645

Example 24.1-Part E

Check the bearing capacity and settlement.

B' = B - 2e = 8.5 - 2(0.78) = 6.94 ft

P + Wf 17,160 Ib/ft 2

qequi' = liI:' - "D = (6.94 ft)(1 ft) - 0 = 24731b/ft

Per problem statement. q. = 5000 Iblft2• This value reflects both bearing capacity and settle
ment requirements. as discussed in Chapter 8.

q,."" ~ q •• so the design is acceptable.

Note: This footing is subject to both downward and shear loads, so technically the bearing
capacity analyses used to develop qA should use Vesic' s method and take advantage of his
load inclination factors. However. in this case there is such a large margin between q,."j, and
q. that it does not matter if this refinement was considered.

x = 3.47 ft

'iM/b = 20.951 + 17.160x - 80,465 = 0

e = B - x = ~·~lt - 3.47 ft = 0.78 ft
2 2

-1r8 in.

12 ft1.42 ft
B 8.5 ft

6 6

Let e = eccentricity = distance from the center of footing to the resultant force.

Find the location of the resultant force acting on the footing.

The magnitude of Plh + W,fb with no toe extension is 17.160 Ibfft.

Let x = horizontal distance from the center of overturning to the resultant force.

t' < 11/0 :. Resultant is within the middle third OK

The stahility criteria are still exceeded by a signilicant margin. but there is no room for fur
ther economizing. The reduction in footing weight is minimal. so there is no need to recheck
the sliding stability .

Bearing Capacity and Settlement

The footing that supports the wall may be subject to a bearing capacity failure, as shown

in Figure 24.2d. or excessive settlement, as shown in Figure 24.2f. Check this possibility

using the techniques for footings with moment loads, as described in Section 8.2 of Chap
ter 8.

JJ±
•-", '"~ f-I-'m---j11ft I--jlft.

Figure 24.9 Final dimensions for retaining wall. Example 24.1.
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Conclusion

For reasons discussed below, we will not check for deep seated shear failure or excessive set
tlement. Therefore, the design shown in Figure 24.9 satisfies all stability criteria.

Deep-Seated Shear Failure

A deep-seated shear failure would be a catastrophic event that could be much larger in

scope than any of the modes described earlier. Be concerned about this mode of failure if

any of the following conditions is present:

• The soil is a soft or medium clay and is subjected to undrained conditions. Gener

ally, this is a concern only if 'YH.Jsl/>6 where Hw is the height of the wall as defined

in Figure 24.5, s" is the un drained shear strength, and 'Y is the unit weight of the soil.

• Adversely oriented weak seams or bedding planes are present.

• Some or all of the soil is prone to liquefaction. This phenomenon occurs during

earthquakes in loose, saturated sands and silly sands and causes the soil to lose most

or all of its strength.

If so, evaluate the deep-seated shear stability using a slope stability analysis. Fortu

nately, the vast majority of walls do not satisfy any of these conditions, so we usually can

conclude that a deep-seated failure is not a concern. The wall in Example 24.1 does not

satisfy any of the above criteria, so we do not need to check for deep-seated failure.

--,

24.2 RETWALL Spreadsheet

Figure 14.10 Proposed cantilever retain

ing wall for Problem 24.1

24.2 RETWALL SPREADSHEET

3100

300

200ir

Same as Backfill Soil

803

QUESTIONS AND PRACTICE PROBLEMS

24.1 Using Coulomb's active earth pressure formula to compute Gh and G" for the retaining wall in
Figure 24.10. Also compute 11- •• and ~.•.The allowable bearing pressure, q~, is 200 kPa. Then,
use these geotechnical design parameters to evaluate the external stability of the wall. Does it
satisfy normal design requirements'! If not, what changes would you recommend? The
groundwater table is at a great depth.

24.2 A 2.2-m tall cantilever retaining wall will be backfilled with a well graded sand that has
Gh = 5 kN/m' and G,. = O. The soils beneath the footing are similar and have l1-u = 0.35, ~u = 45
kN/m" and q~= 250 kPa. The ground surface above and below the wall will be level, and the

groultdwater table is at a great depth. Determine the required footing dimensions to satisfy ex
ternal stability requirements. Show your final design in a sketch.

24.3 A 10-ft tall cantilever retaining wall will be backfilled with a silty sand that has Gh = 40 Iblft3
and G,. = 10 lb/ft '. The soils beneath the footing are similar and have fJ.u = 0.30, ~a = 200
Ib/ft', and q~= 3500 Ib/ft2. The ground surface above and below the wall will be level, and the

groundwater table is at a great depth. Determine the required footing dimensions to satisfy ex
ternal stability requirements. Show your final design in a sketch.

External stability analyses, as presented in Section 24.1, can be performed using a spread
sheet, such as Microsoft~ Excel. Such spreadsheet solutions are useful because they re

duce the potential for mistakes, and make the trial-and-error design process much faster.
A Microsoft~ Excel spreadsheet RE1WALL,XLS has been developed in conjunction

with this book and may be downloaded from the Prentice Hall website. Downloading in

structions are presented in Appendix B. A typical screen is shown in Figure 24.11. Usu

ally, the most effective way to use this spreadsheet is to follow the sequence shown in

Example 24.1 (i.e., sliding analysis first, etc.).

QUESTIONS AND PRACTICE PROBLEMS-SPREADSHEET ANALYSES

24.4 Use the retwall spreadsheet to solve Problem 24.1.

24.5 Use the retwall spreadsheet to solve Problem 24.2.

24.6 Use the relWall spreadsheet to solvC'1Problem 24.3.
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Figure 24.12 Typical loading diagrams for stem design: (a) with no surcharge loads;
(b) with unifonn surcharge load; (c) with point surcharge load.

Figure 24.11 Typical screen from RETW ALL.XLS spreadsheet.
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Developing Shear and Moment Diagrams

The lateral loads acting on the stem should be computed using the techniques described in
Chapter 23, and should consider surcharge loads, if any, as shown in Figure 24.12. The
ACI code uses LRFD design (ACI calls it ultimate strength design) so we must multiply
the computed loads by the ACI load factors defined by Equations 2.7 to 2.17. The load
factor for earth pressures is 1.7 (per Equation 2.11). We then use this factored earth pres-

Figure 24.13 Earth pressure acting on the stem and typical shear and moment dia
grams.

M./b
Moment

V./b
Shear

1.7 (f.
Faclored Earth Pressure

Once the wall has been sized to satisfy external stability requirements, we must check its
internal stability. We will satisfy internal stability requirements by developing a structural
design with sufficient structural integrity to safely resist the applied loads.

The footing is nearly always made of reinforced concrete, but the stem can be either
reinforced concrete or reinforced masonry. Concrete stems have greater flexural strength,
and greater flexibility in the design dimensions, and thus seem to be most cost-effective
for tall walls. However. masonry stems do not require formwork, which is very expen
sive. do this type of stem is generally preferred for shorter walls.

The internal stability assessment and structural design begins with the stem, then
proceeds to the footing.

Formed Concrete Stems

The design of formed concrete stems is governed by the Building Code Requireme'lts for
Structural Concrete ACI 318-99 and ACI 318M-99 (ACI, 1999). Local building codes
sometimes have additional requirements.

24.3 INTERNAL STABILITY (STRUCTURAL DESIGN)
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sure load to develop the shear and moment diagrams for the stem. Figure 24.13 shows
typical shear and moment diagrams in the stem of a cantilever retaining wall. I V.!b:S 0.5cflVjbl

(24.4)

Example 24.2-Part A

Evaluate the internal stability and develop a structuraldesign for the wall in Example24.1.
Develop an equation for moment in the stem. In this case, no surcharge loads are present so
the loadingdiagram is triangular. the shear diagram is a second-ordercurve (a parabola), and
the moment diagram is a third-order curve (a cubic). Therefore, we can develop the moment
diagram by computing the moment at the bottom of the stem and backcalculatingthe coeffi
cient in the moment equation.
At the bottom of the stem:

Where:

Vjb = factored shear force per unit length of wall (lb/ft, kN/m)

V,/b = nominal shear capacity per unit length of wall (lb/ft, kN/m)

Vjb = nominal shear capacity of concrete (lb/ft, kN/m)

bw = width of shear surface = 12 inIft or 1000 mmlm
d = effective depth (in, mm)

le' = 28-day compressive strength of concrete (lb/in2, MPa)

cfl = resistance factor = 0.85

(24.3 SI)

(24.3 English)

Using Equations 24.3 and 24.4, we can determine the minimum required thickness at the
bottom of the stem to satisfy shear requirements.

The shear force also must pass from the stem to the footing. This must be addressed
separately, because the stem and footing are cast in two separate concrete pours, and there
is a cold joint between them. The shear capacity of this joint is based on sliding friction,
with the normal force provided by the reinforcing steel. The required steel area per unit
length of wall, Av/b, is [ACI 11.7.4.1]:

Rather than using special bars to provide Avf/b, we simply increase the size of the
vertical flexural steel so that it serves double duty.

Although not required by ACI, it is good practice to provide a key between the foot
ing and the stem, as shown in Figure 24.14. This key is usually made with tapered 2x6 or
2x8 lumber, and thus has a depth of 1.5 in (37 mm). It provides additional shear transfer
between the stem and the footing.

The next step is to evaluate the flexural stresses at the bottom of the stem and pro
viding sufficient stem thickness and reinforcing steel to safely resist these flexural stresses.

ACI permits reinforcement up to 0.75ph' where Ph is the balanced steel ratio [ACI
10.3.3]. However, because of difficulties in accurately placing rebars in the field, it is best
to use steel ratios of 0.35Ph to O.5Oph (MacGregor, 1992). Tables 24.1 and 24.2 present

these steel ratios for various combinations of le' and Iv. The minimum required steel area
is as follows [ACI 14.3.2]:

(24.5)

Where:

AVf /b = required steel area per unit length of wall

b = unit length of wall (usually I ft or 1 m)

cfl = resistance factor = 0.85

Vjb = factored shear force per unit length of wall

Iy= yield strength of steel
~ = coefficient of friction = 0.6

VJb

AJb = cfl.t;.~

Set z equal to the distance in inches below the top of the stem, and m equal to the coefficient
in the momentequation.

Determining Stem Thickness and Reinforcement

Mulb = mzJ

217,000 in-lb/ft = m[(12.5 ft)(12 in/ft)r

m = 0.0643

Mulb = 0.0643zJ

G"H2 (33)(12.5)2
P Ib = ------- = -- -.. - = 25781b/ft" 2 2

P,Jb = 1.7Pjb = (1.7)(2578) = 4383 lb/ft

M,,/b = (4383 Ib/ft)(12.5 ft)(0.33) = 18,079ft-lb/ft = 217,000in-lb/ft

The thickness of the stem should be at least 200 mm (8 in) and expressed as a multiple of
20 mm or I in. For short walls, it may be possible to have a uniform thickness, but taller
walls are usually tapered or stepped so the thickness at the bottom is greater than at the
top. A greater thickness and more reinforcing steci arc required at the bottom because the
stresses there are larger.

The design process begins with an evaluation of the shear capacity of the stem. The
most critical section for shear is at the bottom. Since there are no stirrups, the concrete
must have sufficient capacity to resist the shear force (Le., we neglect any shear resistance
provided by the flexural steel. The nominal shear capacity is [ACI 11.3.1.1, I 1.3.2. I] is:

I Vn/b = VJb = 2bwdvJ:.1

1 • rVn/b = VJh = -bwdv/:_6

The stem must have sufficient thickness so the following condition is satisfied
[ACI 11.5.5.1]:



808
Chapter 24 Cantilever Retaining Walls

l
24.3 Internal Stability (Structural Design) 809

40

0.Q512

O.CM36

0••0'"
0.0367
0.0275
0.0183
0.0128

35

0.0304
0.0228
0.0152
0.0106

I.' (MPa)

25 30
"1'. _. ;!.•.. -"'! "-,', ,,,'t', ,j'm-f"~'

.[6401' ")':9~
,0301 ,10.0J61

•0201 'O,9?0411,6140 'o1)i'69

0.0253
0.0190
0.0126
0.0089

(b)

FlexuraJ Steel

,::1,,I
,
,
,
,
,,I
,
,
,
,
,
,
,
,
,

, I I I I I I 1 I .I 1 I I I I I I I I I I I I I I I I. I I f I I I I I I I I I I I I I I I
! I ; I I I ; I I I ; I I I ; I : I ;

20

Pb

0.75 P.
0.50 P.
0.35 Pb

(a)

r'-~

420

f,
(MPa)

300

Figure 24.15 Different steel cutoff lengths are used to vary the steel ratio: (a) end view;
(b) side view.

The maximum center-to-center steel spacing is three times the stem thickness, or 500 mm

(18 in), whichever is less [ACI7.6.5).

The next step is to determine if some of the vertical fIexural steel can be cut off

part-way up the stem, as shown in Figure 24.15. This is often possible, because the mo

ment equation is cubic, so the flexural stresses in the stem decrease quickly. Example

24.2 illustrates a method of determhrlng cutoff heights.

Finally, we design the longitudinal steel in the stem. Although in theory there are no

flexural stresses in that direction, such stresses may develop if the soil is not perfectly uni

form or if isolated surcharge loads are present. This steel accommodates these loads as

well as temperature and shrinkage Slre,sses. ACI 14.3.3 requires the following minimum

longitudinal steel:

TABLE 24.2 MAXIMUM STEEL RATIO, P - SI UNITS

(Adapted from MacGregor, 1992)

60005000
"TOO"';"

0.0582,.;,,, "'J" 0.065$
9.04~?T .',;~,," 0.049£
0.0291 t,,,, 0.0328
O.O204·!:1 " 0.0229

0.0335 0.0377
0.0251 0.0283
0.0168 0.0189
0.0117 0.0132

Footing

Stem

rKey

1ftin.--I 1_4in._I--c
~ . :L
4'm. 4'1n.

le' (lb/in2)

3000

4000

P.

0.03710.0495
0.75 Ph

0.02780.0371
0.50 P.

0.01860.0247
0.35 P.

0.01300.0113

P.

0.02140.0285
0.75 P.

0.01610.0214
0.50 P.

0.01070.0143
0.35 P.

0.00750.0100

Where:

A,v = fIexural steel area

Ag = gross concrete area

J:. = yield strength of steel

For bars not larger than #5 (metric #16) and/y ~ 420 MPa (60 klin2): As ~ 0.0012 Ag
For all other cases: A,v ~ 0.0015 Ag

40,000

Iv
Ob/in2)

TABLE 24.1 MAXIMUM STEEL RATIO, P - ENGLISH UNITS
(Adapted from MacGregor, 1992)

60,000

Figure 24.14 Use uf a key between the
footing and the stem.



_ (0.60 in2) ( 12 in) = 0.800 in2/ftA,/b- 9in 1ft

Per Table 24.1, the steel ratio must be no greater than 0.0214, and preferably between about
0.0100 and 0.0143. The minimum acceptable steel area is (0.0012)(11)(12) • 0.16 in2/ft.
Therefore, the computed steel ratio is acceptable .

The total required vertical steel area. A" is 0.561 + 0.143 = 0.704 in2/ft.
Use #7 bars at 9 in OC

810 Chapter 24 Cantilever Retaining Walls

• If the bar size is no greater than #5 (metric #16) and/,. ~ 420 MPa (60 k!inZ): use

A,v ~ 0.0020 A~

• For all other conditions: use A.v ~ 0.0025 A~

Where Ag is the gross concrete area.

It is not necessary to conduct a longitudinal flexural analysis unless large surcharge

point loads are present.

--,
I

1
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Example 24.2-Part B

Determine the required wall thickness and flexural steel at the bottom of the stem.

Use/c' = 4000 Ib/in2 and!" = 60 klin2
Check shear at bottom of stem

The most critical section for shear occurs at the bottom of the stem. Since there are no stir

rups, the concrete must be sufficient to resist this shear force (i.e., we neglect any shear resis
tance provided by the flexural steel).

Vu/b = P,./b = 43831b/ft

Vu/b = V'/b = 2 bwd...;j;

= 2(12 in/ft)dV4000ib/i-;;2

= 1518dlb/ft

Combining with Equation 24.4 and solving produces d ~ 6.79 in

T'2 d + d. + cover = 6.79 + 0.5 + 3 = 10.29 in

Use T= II in, d= 7.5 in

Check transfer of shear from stem to footing

Vu/b (4383Ih/ft)
A,,/" = .' = mu.;;_ = 0.143 in2/ft

<M •.•. (0.85)(60,000 Ih/m')(O.6)

This steel area will need to be added to the computed flexural steel area.
Evaluate flexural stresses at base of stem and design flexural steel.

Using Equation 9.13:

AI" = (j;~)(d - r;2 _ ~.~3Mu/b), 1.176/, ya' M:b

( (4000)(12) ) ( r.. 2 (2.353)(215,000»)= (1-:-176)(60,000) 7.5 - y7.5 - (0.9)(4000)(12)

= 0.561 in2/ft

p=A,=~
bd (7.5)(12) = 0.0062

A, 0.800 in2 = 0.0089
p = bd = (12 in)(7.5 in)

This steel area is sufficient to provide both flexural reinforcement and the normal force re

quired for shear transfer.

Design remainder of stem steel

We will use a tapered stem, with a thickness of S in (d = 4.5 in) at the top and 11 in (d =
7.5 in) at the bottom. The steel at the bottom of the stem will be spaced at 9 inches on center.
but at some height we will cut off every other bar. leaving steel at IS inches on center. The
maximum permissible steel spacing is 3T or 18 in. whichever is less lACI 7.6.5), so we can
not cut off any more bars.

Compute p at the top and bottom of the stem for each steel spacing using Equation 9.12. then
use Equations 9.10 and 9.11 with "'.0.9 to determine the corresponding moment capacities.

Sample computation:

pdl, (0.0089)(7.5)(60,000) .

a = 0.85/~ = (0.85)(4000) - 1.18 ID

(a) (1.18)<l>M. = <l>A,f, d -"2 = (0.90)(0.800) 7.5 - T = 299,000 in-Ib/ft

<I> M"Ib at bottom<l>M./b at top
A,Ib

(d= 7.5 in)(d=4.5 in)
Steel

(in2/ft)(in-Ib/ft)(in-Ib/ft)

#7 at9 inOC

0.800299,000169.000

#7 at 18 inOC

0.400156.00091.000

The factored moment and nominal moment capacities along the height of the stem are shown
in Figure 24.16. We use this diagram to determine the cutoff location. which i. one develop
mentlength higher than the interseeti<in of the #7 @ IS-in curve with the factored moment
curve. In other words. this intersection is where the wider steel spacing provides enough flex

ural capacity, but we need to extend the steel one development length past this point to pr0
vide sufficient anchorage.
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(24.6 SI)

(24.6 English)I Ta; ldll + 3inl

I T~ltllo + 70mml

Longitudinal steel:

(llin+8in) .'A.•= 0.0020A, = (0.0020)(12.5 ft X 12 in/ft) 2 = 2.70 m2

Use 14 #4 bars (A.= 2.80 in2).

Masonry Stems

The design of masonry stems is similar to that for concrete stems. However, masonry is a
slightly different material, and has some unique design provisions and code requirements.
See Schneider and Dickey (1987) for more information.

Footing

Regardless of the material used for the stem, the footing is almost always made of rein

forced concrete. The structural design process for this footing is slightly different than
that for columns or non-retaining walls, as described in Chapter 9, because the loading
from retaining walls is different.

The minimum required footing thickness, T, may be governed by the required de
velopment length of the vertical steel froiJ1 the stem. This steel normally has a standard
900 hook, as shown in Figure 9.20, which requires a footing thickness of at least:

24.3 Internal Stability (Structural DesIgn)
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.'igure 24.16 Factorcd moments and Ilexural capacity along slem for Example 24.2.

Pcr Equlllinn 9.14. thc rcquired dcvelopmcnllcngth.l" is:

The total footing thickness, T, should be a multiple of 100 mm or 3 in, and never less than
300 mm or 12 in.

The required development length for hooked bars made of grade 60 (metric grade
420) steel is [ACI 12.5]:

I" :I.r. lX~"yA :I 60.000 (1)(1)(1)(1)-- =--- ----c - --- ------ = - --·C.--.-- ---- -----.------ = 178

d" 40 \If: (''---+:_K.'') 40 V4000 (~~_:t:_q) .il" 0.875

I" = 17.8d" = (17.8)(0.875 in) = 16 in

Bascd on this information. use the following steel in the stem:

Vertical steel:

1200 db

ldll = Vie

100 db

ltllt = Vie

(24.7 English)

(24.7 SI)

Distance from top of footing

0-36 in

36 in-Top

Steel

#7 at9 inOC

#7all8inOC

Where:

T = footing thickness (in, mm)

ldh = development length, as defined in Figure 9.20 (in, mm)

db = bar diameter (in, mm)

f...' = 28-day compressive strength of concrete (lb/in2, MPa)
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The development length computed from Equation 24.7 may be modified by the following
factors [ACI 12.5.3]1 :

For standard reinforcing bars with yield strength other than 60,000 Ib/in2 :fJ60,ooo

For metric reinforcing bars with yield strength other than 420 Ib/in2 :f/420

Wit:! at least 50 mm (2 in) of cover beyond the end of the hook: 0.7

24.3 Intemal Stability (Structural Design) 815

Heel extension--shear analysis with T = 18in

W,,,u/b = 12,2931b/ft (from Example 24.I-Part D)

Wtoo,ing/b = (7.5 ft)(1.5 ft)(150 Ib/ft~) = 16871b/ft

Next we design the heel extension, which is the portion of the footing beneath the
backfill. The shear and flexural stresses in this portion of the footing are due to the weight
of the backfill soil immediately above the footing plus the weight of the footing heel ex
tension. We ignore the bearing pressure acting along the bottom of the heel extension,
which is conservative. Thus, the heel extension is designed as a cantilever beam, as
shown in Figure 24.17.

There is no need to develop shear and moment diagrams for the footing. Simply
compute the factored shear and moment along a vertical plane immediately below the
back of the wall and use this information to check the shear capacity of the footing and to
select the required flexural reinforcement. Since the weight of the backfill is a dead load,
use a load factor of 1.4.

The flexural analysis may be performed using Equation 9.13 with the effective
depth obtained from the anchorage analysis. The steel area must satisfy the minimum and
maximum steel requirements described earlier in this section. The reinforcing steel should
be placed 70 mm (3 in) from the top of the footing, and should extend to 70 mm (3 in)
from the end. The shear analysis should be based on Equations 9.2 and 9.9.

The toe extension also is designed as a cantilever beam. However, it bends in the
opposite direction (i.e., concave upward). so the flexural steel must be near the bottom. In
this case, the load is due the bearing pressure acting on the bottom of the footing and the
weight of the footing toe extension. For conservatism and simplicity, we ignore any soil
that may be present above this part of the footing. Since this bearing pressure is primarily
due to the lateral earth pressure acting on the stem, use a load factor of 1.7.

The footing also should have longitudinal steel. A steel ratio of 0.0015 to 0.0020 is
normally appropriate. There is no need to do a longitudinal flexure analysis.

Figure 24.17 Loadingfordesignofheel
andtoeextensions.

'dh

T

12db

1200db x factors
Idh = Vi:.

1200(0.875) x 0.7= -
3000

= 13.4 in

T ~ Idh + 3 in = 13.4 + 3 = 16.4in

or 3 in

Example 24.2-Part C

Anchorageof vertical steel from stem

This analysis must be based on the footing concrete. which is cast separately from that in the
stem. Use!.' = 3000 Ib/in2 and/,. = 60.000 Ib/in2

'This list only includes modification factors that are applicable to anchorage of vertical steel
in retaining wall footings. ACI 12.5.3 includes additional modification factors that apply to other
situations.

Use a load factor of 1.4 because this load is due to the weight of the overlying soil and the
footing.

Vjb = 1.4(12,2931b/ft + 1.687Ib/ft) = 19.572lb/ft

VJb = 2b",dV/; = 2(12 in)dv'3000 Ib/in2 = 1315d Ib/ft

<f>VJb =< (0.85)(1315d) = 1117dlb/ft

Using these equations with V.lb S +V.lb gives d ~ 17.5 in. Assuming#8 bars (db = 1.00)

T ~ d = dJ2 + 3 = 17.5 + 1/2 + 3 = 20.5 in
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The shear analysis controls the required footing thickness, so use T = 21 in (a multiple of

3 in), d = T - 3 in - dhl2 = 21 - 3 - 0.5 = 17.5 in. Although this is larger than the 15 inch
thickness used in the external stability analysis, there is no need to redo that analysis.

Heel extension-l1exure

8inH
•

M,,/b = (1.4)(12,293Ib/ft + 1,687Ib/ft)C;5 ft }12 in/ft) = 881,000 in-lb/ft

_ ( I:h ) ( fl·353M../b)A/b ----- d - -
'1.176/. I/>I:b

= ( .. (~'<X1.)i_1~)_-)(17.5 _ 11.52 _ (2.353)(881,000))(1.176)(60.000) (0.9)(3000)(12)

= 0.987 in2/ft

min A./b = 0.OO18Ag = (0.0018)(18)(12) = 0.389 in2/ft

12'6"
•

.,

.,

Vertical Steel: 0-36 in from Top of FOOling:#7 @ 9 in D.e.
36 in-Top:#7 @ 18 in D.e.

Longitudinal Steel 14# 4 Bars

2 in Dia. Weep Holes @ 36 in D.e.

7'6" .1

Use #8 bars at 9 in QC (A,Ib = 1.05 in2/ft)

Note: This is the same spacing as the vertical stem steel, which will avoid interference prob
lems and facilitate tying the steel together

Longitudinal steel (per discussion in Chapter 9):

A, = 0.OO18Ag = (0.0018)(21 in)(8.5 ft)(12 in/ft) = 3.86 in2

Use 14 #5 bars (A, = 4.34 in2).

Final design:

The final design is shown in Figure 24.18.

1'9"
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•
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•

•

•

•

•

•

•

•

•
•
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QUESTIONS AND PRACTICE PROBLEMS

24.7 The first part of Section 24.2 discusses the advantages and disadvantages of concrete vs. ma
sonry sterns. Based on this discussion, explain in more detail why masonry stems are gener
ally more cost effective for short walls, while concrete stems are usually preferred for taller
walls.

24.8 The cantilever retaining wall in Figure 24.19 satisfies all external stability requirements. Se
lect appropriate values of/..' and J., then develop a structural design that satisfies the internal
stability requirements and show your final design in a sketch.

24.9 The cantilever retaining wall in Figure 24.20 satisfies all external stability requirements. Se
lect appropriate values of J.' and I., then develop a structural design that satisfies the internal
stability requirements and show your final design in a sketch.

Standard 90° Hook

Figure 24,)8 Loading design for Example 24.2.

24.4 DRAINAGE AND WATERPROOFING

Example 23.4 in Chapter 23 demonstrated the impact of groundwater on lateral earth
pressures. Because groundwater increases earth pressures so dramatically, engineers pro
vide a means of drainage whenever possible to prevent the groundwater table from build
ing up behind the wall. Two types of drains are commonly used: weep holes and
perforated pipe drains. Both are shown in Figure 24.21. It is also helpful to include a
means of intercepting water and bringing it to the drain, possibly using products such as
that shown in Figure 24.22.
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•

(b)

;)

(a)

Figure 24.22 A filter fabric is attached to this eggcrate.shaped plastic material to form a

prefabricated drain which can be installed behind a retaining wall.

Figure 24.21 Melhods of draining the snil behind retaining walls: (a) weep holes; (b)

perforated pipe drains.

In addition to draining groundwater. it also is'bnportant to control the migration of

moisture through the wall. This is especially important on basement walls because exces
sive moisture inside basements can be both a nmsl\llCe and a health hazard· Even in exte
rior walls, excessive moisture migration can be an aesthetic problem, as shown in Figure
24.23. These materials may be categorized as follows (Meyers. 1996):

24.4 Orainage and Waterproofing

y = Il8Ib/fr·'

1~~-1Ht ~I
" = 38°

Chapter 24 Cantilever Retaining Walls

r-
IX fI

i

C'=o

Retaining wall for Proolem

Figure 24.19 Relaining wall ror Problem24.8.

Figure 24.20
24.9.
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• Thin bituminous coatings

• Thin cementitious coatings

Fi~ure 24.24 Installation of bentonite waterproofing panels on a concrete retaining

wall. These panels consist of dry bentonite clay encased in a cardboard· like panel. and are

placed on the side of the wall that will receive the backfill. After the back fill has been

placed. the bentonite absorbs water and swells to form a nearly impervious barrier (Col·

loid Environmental Techonologies Company).

• Acrylic latex coatings

• 6-mil polyethylene sheets

• Bituminous membranes, which consist of multiple layers of mopped-on bituminous
material (Le., asphalt or coal tar) with alternating layers of reinforcing fabric or felt.
The final product is similar to built-up roofing.

• Liquid-applied elastometric waterproofing, which consists of special chemicals ap
plied to the wall.

• Sheet-applied elastometric waterproofing. which are prefabricated sheets applied to
the wall.

• Cementitious waterproofing that consists of several coats of a special mortar.

• Bentonite clay panels (see Figure 24.24)

• Troweled on mixtures of bentonite clay and a binding agent

Waterproofing methods are more expensive, and more effective. They include:

Alternatively, special admixtures may be used with the concrete in the wall to make
it more impervious. This method is sometimes called integral waterproofing. However,
its success depends on the absence of significant cracks, which is difficult to achieve. In
addition, this method requires special waterstops, which are plastic or rubber strips, at
construction joints, such as that between the stem and the footing.
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(b)

Fi~ure 24.23 Moislure migrution Ihrough Ihis retaining wall has caused unsightly water
stains. n) overall view of wall: h) close· up view. Thi.o.; prohlcm ('ould have been avoided
hy lIse of proper waterproofing or daJl1rproofin~ hchind the wall.

• Dampproofing is the treatment of the wall surface to retard dampness or water pen
etration under nonhydrostatic conditions. These methods are used when the wall is

always above the groundwater table, but the adjacent soil may be subject to mois
ture from rainfall, irrigation, capillary rise, or other sources.

• Waterproofing is the treatment of the wall surface to prevent passage of water under
intermittent or full hydrostatic pressure conditions. These methods are used when
the wall is occasionally or permanently below the groundwater table.

Dampproofing methods include:
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COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

5. Walls also must have proper drainage and waterproofmg details.

6. In regions with cold climates, walls must be protected against frost heave problems.

24.5 AVOIDANCE OF FROST HEAVE PROBLEMS

Concrete is a relatively poor insulator of heat, so retaining walls located in areas with
frost heave problems2 may be damaged as a result of the formation of ice lenses behind

the wall. In some cases, ice lenses have caused retaining walls to move so far out of posi
tion that they became unusable.

Reduce frost heave problems by using all of the following preventive measures:

• Incorporate good drainage details in the design to avoid the buildup of free water
behind the wall. Deep perforated drainage pipes are usually a better choice than
weep holes because they are less likely to become blocked by frozen water.

• Use non frost-susceptible soil for the portion of the backfill immediately behind the
wall. This zone should extend horizontally behind the wall for a distance equal to
the depth of frost penetration in that locality.

Even with these precautions, engineers working in cold climates often design re
taining walls with an additional 5 to 10 kPa (l00-200 lb/ftz) surcharge pressure acting on
the ground surface. The resulting lateral earth pressure from this surcharge results in a
stronger wall design that is better able to resist frost heave.

Vocabulary

Bentonite waterproofing
panel

Cantilever retaining wall

Dampproofing

Deep-seated shear failure

Drainage

External stability
Heel

Internal stability

Key

Limit equilibrium
Minimum steel ratio

OvertUrning

Perforated pipe drain
Resultant in middle third

Sliding
Steel ratio

Stem

Structural integrity
Tieback anchor

Tiedown anchor

Toe

Wall-soil unit

Waterproofing

Weep hole

SUMMARY

Major Points

1. Cantilever retaining walls are the most common type of earth retaining structure.

2. Cantilever retaining walls must satisfy two major requirements: external stability
(to avoid failure in the soil) and internal stability (to avoid failure in the structure).

3. External stability requirements include the following:
• Sliding
• Overturning
• Resultant in middle third

• Bearing capacity
• Deep-seated shear
• Settlement

4. Internal stability requirements are satisfied by providing a structural design that sat
isfies the following requirements:
• Sufficient flexural strength in the stem
• Sufficient shear strength in the stem

• Adequate connection between the stem and the footing
• Sufficient anchorage of the stem steel into the footing
• Sufficient flexural strength in the footing

2See discussion of frost heave in Chapter 8.

24.10 Explain the fundamental difference between external stability requirements and internal sta
bility requirements.

24.11 As discussedin Chapter23, field measurementsindicate the resultantforce from the activeearth
pressuresactingon the back of a cantileverretainingwall is locatedat about0.4 H from the bot
tom of the wall, not 0.33 H as indicatedby theory (Duncanet al., 1990).Nevertheless,it is com
mon practice to design walls using the theoretical location (as demonstrated in this chapter).
Discuss the impact of using 0.4 H in the design process, and describe what portions of the de
sign wouldchange as a result. Assumethe magnitudeof the resultantforce remainsunchanged.

24.12 The retaining wall in Figure 24.25 is made of unreinforced cobbles and mortar. A vertical
crack has developed in this wall near the point where it makes a 9O-degreebend (it is visible
directly above the middle of the stain). This crack is 20 mm wide at the top, and gradually ta
pers to I mm at the bottom. Explain the cause of this crack.

24.13 A cantilever retaining wall is needed at the location shown in Figure 24.26. Using le' = 30
MPa and/, = 420 MPa, develop a complete design for this wall, considering both external and
internal stability, and show your final design in a sketch.

24.14 A cantilever retaining wall is needed at the location shown in Figure 24.27. Usingj;.' = 4000
Ib/in2 andI,= 60 klin2, develop a complete design for this wall, considering both external and
internal stability, and show your final design in a sketch.

Note: You will need to consider the surcharge load when computing the lateral earth
pressures.

24.15 A cantilever retaining wall is to be built at a site with the following characteristics:

Wall height = 8 ft
Ground surface above wall: level



Backfill soils: Well graded sand,'c' = O,~' = 37°, and"y = 1281b/ft3

Soils below foundation: Same as backfill soils

Material properties:!,.' = 3000 Iblin2 in footing and SOOO Iblin2 in stem,!, = 60 klin2

Using the retwall spreadsheet, develop a design that satisfies external stability requirements,
then use the techniques described in this chapter to develop a structural design that satisfies
internal stability requirements. Show your final design in a sketch, and include a printout from
your spreadsheet.

24.16 A cantilever retaining wall is to be built at a site with the following characteristics:

Wall height = 2 m

Ground surface above wall: Sloped upward at 3H: IV

Backfill soils: Silty sand, c' = O,~' = 32°, and"y = 19.0 kN/mJ

Soils below foundation: Same as backfill soils

Material properties: f,' = 30 MPa,!y = 420 MPa

Using the retwall spreadsheet, develop a design that satisfies external stability requirements,
then use the techniques described in this chapter to develop a structural design that satisfies
internal stability requirements. Show your final design in a sketch, and include a printout from
your spreadsheet.
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24.5 Avoidance of Frost Heave Problems

Figure 24.27 Retaining wall for Problem
24.14.
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Figure 24.25 Retaining wall for Prohlcm
2cLi2

I"'i~urt'24.26 Rl·taining wall for Prohklll
24.I.~.

~.~ tIl

Slily SallIl
('-0
41" '" 1-1"

Y -" 17.YkN/m'\

t;!ilwllySalld
("-.Il
,~. 10'

"f IX.~ I.N/llI'

24.17 A cantilever retaining wall is to be built at a site with the following characteristics:

Wall height = 16 ft

Ground surface above wall: Level

Backfill soils: Compacted gravelly sand, c' = 0, ~' = 39°, and "y= 132 Ib/frl

Rock below foundation: Sandstone bedrock, c' = 6000 Ib/ft2, ~' = 46°, and"y = 145 Ib/ft3

Material properties:!c' = 5000 Iblin2,f, = 60 klin2

Using retwall spreadsheet, develop a design that satisfies external stability requirements, then
use the techniques described in this chapter to develop a structural design that satisfies inter
nal stability requirements. Show your final design in a sketch. and include a printout from
your spreadsheet.
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Sheet Pile Walls

The final solution to a problem is the one in hand
when time and money run out.

Sheet piles are rolled plate-steel structural members that are driven into the ground to
form a sheet pile wall. as shown in Figure 25.1 These walls are used in many applications,
including:

25.1 Materials

Figure 25.1 Sheet pile wall in a bridge

abutment (Photo courtesy of Skyline Steel

Corporation).

Standard Sections

827

• Earth-retaining structures, including waterfront applications, bridge abutments, and
temporary support for construction excavations.

• Cellular cofferdams

• Cut-off walls in levees, dams, or other applications. These cutoffs are intended to
restrict the underground flow of water.

This chapter discusses the use, design, and construction of sheet pile walls.

25.1 MATERIALS

Steel

The vast majority of sheet piles are made of steel, primarily because of its strength, ease
of handling, and ease of construction.

826

Steel sheet piles are available in various cross-section shapes, as shown in Figure 25.2,
and each shape is available in a range of sizes. Unfortunately, unlike steel H-piles, there
are no widely-accepted standards for these various cross-sections. Each manufacturer sets
its own standards for the dimensions and identification of the sections it produces. DFl
(1998) contains a compilation of sheet piles produced by various manufacturers, along
with relevant engineering properties. Table 25.1 presents this data for Z-section sheet
piles available from one manufacturer.

Corrosion

Steel sheet piles can have problems with excessive corrosion, especially when used in wa
terfront applications. Salt water is especially corrosive. and the presence of contaminants
in the water also can be a contributing factor. The greatest corrosion rates occur in the
splash zone (the area between the lowest water surface and the upper limit of wave action)
because of the cyclic wetting and drying that occurs there.
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Corrosion problems can be reduced by incorporating various preventive measures

in the design. These might include one or more of the following (ASCE, 1996b):

• Coating the sheet piles with coal tar epoxy, paint, or some other protective material

• Using sheet piles made from special corrosion-resistant steel alloys

• Installing a cathodic protection sys~m

• Using a thicker steel section than'\equired, thus allowing for some of the thickness
to be lost to corrosion

Figure 25.2 'fypical cross sections for steel sheet piles. The exact shapes. dimensions, and section
identitications vary between manufacturers.

TABLE 25.1 Z-SECTION STEEL SHEET PILES SOLD BY SKYLINE STEEL CORPORATION
(Data used with permission)

Allowable

Flcxurlll'I'hickncss
SectionMomentCapacity' M,/b

Width
Height MassModulusof Inertia

b
h ea(kg/m' Siblib(kN-m(ft-k

Section
(mm)(mm)(I11m)(mm)ofwalll(cm'/m)(cm4/m)per m)per ft)

AZ 13

6703039.59.5107.0130019,70023452.4

AZI8

6303809.59.5118.0180034,20032472,6

AZ26

63042713.012.2155.0260055,510468104.8

AZ36

63046018.014.0194.0360082,800648145.1

AZ48

58048219.015.0240.64800115,670864193.5

'Flexural capacity is based on ASTM A328 steel, which has a yield strength, F,. of 270 MPa (39,000 Ib/in') and 4n allow-
able slress of 0.667 F,. Other graJes of sleel also are available. and they have c~rrespondingly different flexural capacities.

t 1~ =, h---1

Straight Section

h

b

Box Section

Usually these measures are sufficient. Alternatively, the wall could be made of
some other material.

Other Materials

Sheet piles also may be made of other materials, including the following:

• Reinforced concrete sheet piles consist of precast concrete panels, typically about
2oo-mm (8 in) thick, which are driven into the ground. These panels typically have
tongue-and-groove joints to maintain alignment with the adjacent panels. Rein
forced concrete walls are mote watertight and more resistant to corrosion than steel
walls, but the panels are very hea:vy, bulky, and difficult to handle. Therefore, these
walls are usually very expensive. However, various methods of constructing cast
in-place concrete walls can be very cost-effective. These cast-in-place walls are be
yond the scope of this chapter.

• Wood sheet piles are made of flat interlocking tongue-and-groove wood sheets;
This material is less expensive than steel, but its flat cross section has a small mo
ment of inertia, and wood has a small modulus of elasticity and flexural strength. In
addition, wood is subject to rotting. Therefore, wood sheet piles are limited to short
wall heights and are used only as temporary structures.

• Aluminum sheet piles have cross sections similar to those used with steel. They are
more resistant to corrosion, and thus are sometimes used on waterfront projects, es
pecially those exposed to salt water. However, aluminum is more expensive than
steel, and has a smaller modulus of elasticity and flexural strength.

• Fiberglass, vinyl, and polyvinyl chloride (PVC) sheet piles are another alternative
where corrosion resistance is important. As with aluminum, these materials have
cross sections similar to those used with steel, but have a smaller modulus of elas
ticity and flexural strength, and a higher cost.

Although these materials are useful in special circumstances, the vast majority of
sheet pile walls are made of steel, so the remainder of this chapter will only consider steel
sheet piles.
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Figure 25.3 Sleel sheel piles heing in

stulled (PhOlO eounesy of Skyline Sleel
Corporation).
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Cantilever

sheet plie wall

Fillure 25.4 A cantilever steel sheet pile
wall.

they do not use bracing, anchors, or other structural elements. However, the lateral earth
pressures imposed on these walls create large flexural stresses in the steel, which means
they can generally be no more than 3 to 4 m (10-14 ft) tall. In addition, cantilever walls
experience greater lateral deflections, which may induce excessive settlement in the adja
cent retained ground, and they are more susceptible to failure due to scour or erosion of
the supporting soils.

Cantilever Walls In Sand

25.2 CONSTRUCTION METHODS AND EQUIPMENT

Steel sheet pile walls are normally driven into the ground in pairs using a pile-driving
hammer similar to those used to drive foundation piles. Various techniques have been
used, but the most common is to begin by installing a guide along the ground surface to
keep the piles aligned properly. This guide also eliminates the need for pile leads, and al
lows the contractor to suspend the pile hammer from a crane, as shown in Figure 25.3.

Contractors often drive several pairs of sheet piles a short distance into the ground,
thus establishing both the vertical and horizontal alignment. Then they return to the begin
ning and drive each pair to its final penetration. When used to support temporary excava
tions, sheet piles are eventually extracted using a vibratory hammer and reused on another
project.

25.3 CANTILEVER SHEET PILE WALLS

A cantilever sheet pile wall is one that does not have any additional supports, and thus re
lies on its flexural strength and embedment to resist the lateral earth pressures. Figure
25.4 shows a typical cantilever sheet pile wall. These walls are simple to build because

Design Earth Pressures

Cantilever sheet pile walls in sand are normally designed using c1assicallateral earth pres
sure theories with drained strength parameters. This design method assumes active earth
pressures act along the back of the wall, and passive pressures along the front of the em
bedded portion. This is a simplification of the real earth pressures, but is sufficient for
these purposes. The design method also considers the effects of hydrostatic pressures and
surcharge loads.

Figure 25.5 shows the distribution of design earth pressures on a typical cantilever
sheet pile wall.

Stability

The wall must be embedded a sufficient depth into the ground to resist the applied loads.
This required depth of embedment may be determined as follows:

1. Using Rankine's or Coulomb's method, compute K. and Kp for each soil stratum.
Divide the Kp values by a factor of safety of 1.5 to 2.0.
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Figure 2S.!' Design eanh pressures on a

cantilever steel sheet pile wall. In this case.

the hydrostatic pressures on either side of

the wall are equal and cancel oul. Ilowever,
if the water level on one side is lower, then

the net hydrostatic pressure must be added

to the eanh pressures,

Structural Design

The next step in designing a cantilever sheet pile waIl is to select the required sheet pile
section. To do so, we compute the maximum moment, which occurs at the point of zero
shear, than use it to select an appropriate sheet pile section from Table 25.1 or from some
other source. If none of these sections provide sufficient flexuraI capacity, the waIl is too
taIl for a cantilever design.

Example 25.1

Detennine the required depth of embedment and select an appropriate sheet pile section for
the cantilever waIl shown in Figure 25.6.

Solution
K••• tan2 (45 - 3512) •• 0.271

K"IF •• tan2 (45 + 3512)/1.5 •• 2.46

@z •• 8ft

(1 •• (120)(0.271 )(8) = 260 Iblft2

@z •• 20ft

(1 = 260 + (123 - 62.4)(0.271)(12) '" 4571b/ft2

2. Using Equation 23.9, draw the pressure diagram from Point A to Point B. Notice
how its slope changes at the groundwater table (because of effective stresses) and
how it jogs when a new· soil stratum is encountered (because of the change in K.).
The inclination of these lines with respect to the wall is '{K. above the groundwater
table and ('{ - '{".)K" below the groundwater table .

3. If surcharge loads are present, use the techniques described in Section 23.7 to com
pute the resulting lateral earth pressures acting on the wall.

4. Below Point B. plot the net pressure acting on the wall, which is the difference be
tween the passive and active pressures (or the difference between Equations 23.15

and 23.9). The inclination of these lines with respect to the waIl is '{(Kp - Ka) above
the groundwater table and ('{ - '( •..)(Kp - K,,) below the groundwater table. There
fore, we can locate Point C by plotting a line at the appropriate slope from Point B.

5. Compute the total horizontal force between Points A and C (which is equal to the
area under the pressure diagram) and the moment generated by this pressure dia
gram about Point C.

6. Lines CO and OF have slopes as defined in Step 4. Therefore, we can write equa
tions for the shear and moment below Point C in terms of the dimensions CE and

EG. For static equilibrium, this shear and moment must be equal to those computed
in Step 5. We now have two equations and two unknowns. and thus can compute
the required depth of embedment.

@z>20ft

slope of pressure diagram •• (123 - 62.4)(2.46 - 0.271) •• 132.71b/ft21ft
(1" 0 @ z = 20 + 4571132.7 •• 23.44 ft

@ z •• 23.44 ft

VIb •• (260)(8)12 + (260)(12) + (457 - 260)(12)12 + (457)(3.44)12
•• 1040 + 3120 + 1182 + 786

'" 6.128 Ibfft

MIb •• (1040)(18.11) + (3120)(9.44) + (1182)(7.44) + (786)(2.29)
•• 58,880 ft-Ibfft

Figure 25.6 Sheet pile wall for Exam

pJe25.1.
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Setting these two equations equal to 6128 and 58,880, respectively, and solving gives:

Therefore, the bottom of the sheet pile is at z = 23.44 + ]9.98 + 10.36 = 54 ft

(b)(a)

Figure 25.8 Design lateral earth pressures for cantilever walls in clay a) short-term
analysis using undrained strengths; b) long-term analysis using undrained strengths.

~Answer

VIb = 132.7 a2/4 - 132.7b212
= 33.18 a2 - 66.35 b2

MIb = -(33.] 8 a2)(a/2) + (66.35 b2)(a + 0.667b)
= -16.59 a' + 66.35 ab2 + 44.24b'

a = ]9.98 ft
b = 10.36 ft

@ z > 23.44 ft
Let a = distance CE
Let b = distance EO

M/b = (1040)(28.10) + (3120)(19.43) + (1182)(17.43) + (786)(12.28)
- [( 132.7)(9.99)(9.99)/2][9.99/3]

= 98,050 ft-Ib/ft

Per Table 25.1, select the AZ 26 section (allowable capacity = ]04,800 ft-Ib/ft).

Use a 54 ft long sheet pile embedded 34 ft into the ground

The maximum moment occurs where the shear equals zero, which is at z = 33.43 ft:

Use an AZ 26 sheet pile section with ASTM A328 steel ~Answer

Cantilever Walls In Clay

Figure 25.7 Pressure diagram for Exam
ple 25.1.

If some or all of the soils in contact with the wall are clay, then two stability analyses
should be performed: one for short-term conditions and one for long-term conditions. The
short-term analysis is based on the undriuned strengths (c = s. and 4> = 0), while the long
term analysis is based on the drained strengths (c = c' and 4> = 4>').

The lateral earth pressures for these analyses, as shown in Figure 25.8, are com
puted using Equations 23.21 and 23.23. For the undrained condition, K. = Kp = I, so the
first terms in these two equations cancel, and the net pressure diagram below the dredge
line is uniform with depth. The critical height, Hc, is computed using Equation 23.20.

25.4 BRACED OR ANCHORED SHEET PILE WALLS

Most sheet pile walls include additional lateral support, using internal bracing or tieback
anchors. These are known as braced walls and anchored walls, respectively. The addi
tional support reduces the flexural stresses and lateral movements in the wall, which per
mits construction of walls much taller than is possible with cantilever designs. In addition,
the depth of embedment, D, does not need to be as great. Finally, because the wall does
not move as much, there is less settleIJlent in backfill. Figures 22.9 and 25.9 show the
configuration of internal bracing and tieback anchors.
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Design Methods

There are three principal design methods for braced or anchored walls:

(b)(a)

I
D

L

Figure 25.10 Design earth pressures for braced or ancbored sheet pile walls using the
free-end method a) walls in sand, b) walls in clay.

The design procedure is as follows:

1. Compute the coefficients of active and passive earth pressure, Ko and Kp using the
methods described in Chapter 23, then divide Kp by a factor of safety of 1.5 to 2.0.

2. Using Equation 23.9, draw the pressure diagram from Point A to Point B. Notice
how its slope changes at the groundwater table (because of effective stresses) and
how it jogs when a new soil stratum is encountered (because of the change in K.).
The inclination of these lines with respect to the wall is -yKo above the groundwater
table and (-y - 'Yw)Ko below the groundwater table.

3. If surcharge loads are present, use the techniques described in Section 23.7 to com
pute the resulting lateral earth pressures acting on the wall.

4. Below Point B, plot the net pressure acting on the wall, which is the difference be
tween the passive and active pressures (or the difference between Equations 23.15
and 23.9). The inclination of these lines with respect to the wall is 'Y(Kp - Ko> above
the groundwater table and ('Y- 'Yw)(Kp - KO> below the groundwater table. There
fore, we can locate Point C by plotting a line at the appropriate slope from Point B.

5. Take moments about the tie rod and solve for the depth D.

6. Compute the tie rod force by taking I horizontal forces = O.

7. Determine the maximum bending moment, which occurs at the point of zero shear,
and use it to select an appropriate sheet pile section.

This method produces good values of the depth of embedment and tie rod force, but
tends to overestimate the maximum bending moment. This is because the sheet pile is not
truly rigid, and the actual earth pressures differ from the theoretical values. Therefore,
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All three methods are useful, but we will discuss only the free-end method.

Internal bracing may be horizontal or inclined. This method is often less expensive
than tiebacks, especially in narrow excavations or when the adjacent soils are weak. How
ever, the presence of tJlese braces can hinder construction inside the excavation, so the
total project cost may be greater.

Tieback anchors do not obstruct construction, and can be placed earlier in the exca
vation sequence, which reduces lateral movements in the waIL However, the placement of
anchors is slower than that for braces, and must be done very carefully to maintain high
reliability.

• The .fixed-end II/('/h"d rCljuires a deplh of embedmenl such that the bouom of lhe
sheet pile is fixed against translation and rotation. This is similar to the criterion
used to design cantilever walls.

• The free-end IIIethod permits Ihe botlom of the wall to rotate or translate. This crite

rion permits shallower tkplhs of emhedment, unt! relics more heuvily on the luteral
support provided by the anchors or braces.

• The bealll on elastic foundation method uses a technique similar to the P-)' method
described in Chapter 16.

Free-End Design Method

The free-end method is based on the assumption that the sheet pile is perfectly rigid and
rotates about the tie rod level. The botlom of the sheet pile is embedded just far enough to
provide the needed stability. Figure 25.10 shows the design earth pressures for walls in
sand and clay.

Figure 25.9 A suhway construction cxea
vation with sheet piles and internal hraeing
(Photo courtesy of Skyline Steel Corpora
tion).
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Rowe (1952, 1957. 1958) developed a procedure for adjusting the computed maximum
moment using the following parameters:

(H + D)4

P = El

S=~
"V'(H + D)

H(It=--
H+D

(25.1)

(25.2)

(25.3)

~IiO.6~ 0.4

0.2

o
-4.0 -3.5 -30. -2.5

Log(H+ D)4
El

(a)

-2.0

Where:

p = flexibility number

H = height of sheet pile wall (ft)

D = depth of embedment (ft)

E = modulus of elasticity of sheet pile (lb/in2) = 29,000.000 Ib/in2 for steel

I = moment of inertia per foot of wall (in4)

S = stability number
c = soil cohesion

"V' = effective unit weight of soil (lblft1 (above groundwater "V' = "V, below
groundwater "V' = "V - "VM')

Using these parameters. the ratio of the design moment to the computed moment may be
determined from Figure 25.11.

1.0

~I~i0.8
0.6

0.4

1.0

~I~i!0.8
0.6

0.4

Log P =-3.1
(stiff walls)

Log P =-2.6
(working sln;ss)

2.0

Logp=-2.0
(yield point of piling) •

0.5 1.0 1.5

Stability Number S

,':. (b)

Figure 15.11 Rowe's moment reduction curves. (a) Sand, (b) clay.

0.4
o

1.0

~I~i0.8
0.6

K" = tan2 (45-3312) = 0.295

K"IF = tan2 (45+33/2) /1.5 = 2.26

@z= 12ft

0' = (121 )(0.295)(12) = 428 Iblft2

Detennine the required depth of embedment and select an appropriate sheet pile section for
the cantilever wall shown in Figure 25.12.

Solution

Example 25.2

@ z = 16 ft

0' = (121)(0.295)(16) = 5711b/ft2

@z=30ft

0' = 571 + (124 - 62.4)(0.295)(14) = 8261b1ft2
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( 1in )4( 1m) .1= (34,200 cm4jm) 2.54 cm 3.281 ft = 250 m4jft

(30 + 10)4

log (29,000,000)(250) = -3.5

@ z = 27.3 ft •
Mlb = (2568)(~7.3 - 8) + 0,712)(27.3 - 14) + (286)(27.3 - 12 - 2.67)

- (11.3S6)(27.3 - 12) + (571)(11.3)(11.312) + (0.5)(11.32)(121)(11.3/3) .
(124 ..:.62.4)(0.295)

= 56,980 ft-Iblft

Per Table 25.1, an AZ 18 is required. However, with Rowe's reduction it might be possible
to use an AZ 13.

Figure 25.12 Sheet pile wall for Exam
ple 25.2.

Per Figure 25.11 •• mlm",.. = 0.8
MIb = 0.8(56,980) •• 45,600 ft-lb1ft

Use AZ 13 sheet pile section with ASTM A328 steel <:=Answn'

SUMMARY

@z>30ft

slope of pressure diagram = 024 - 62.4)(2.26 - 0.295) = 121.0 Iblft2/ft
a = 0 @ z = 30 + 826/121.0 = 36.83 ft

IMlleback = [(0.5)(12)(428)][(12)(0.333)] - [(428)(4)](2) - [(0.5)(4)(571-428)][(4)(213)]
- [(571)(14)][11)- [(0.5)(826 - 571)(14)][4 + (14)(0.667)]

- [(0.5)(826)(6.83)][18 +6.83/3] + [(0.5)(121.0)DI2][24.83 + DII3] = 0

D)=9.8ft

Use 4O·ft long sheet pile with 10·ft embedment depth <:=Answer

Major Points

1. Sheet pile walls are flat structural members that are driven into the ground. They
may be made of a variety of materials, but most are made of steel.

2. The shapes and engineering propettieis(i.e., section modulus) of steel sheet pile sec
tions vary from one manufacturer to another. Unlike H-piles, there are no widely
accepted standards.

3. Although corrosion is a concern with steel sheet piles, it usually can be reduced to
an acceptable level.

@ z = 16 ft Vlb = 2.568 + 1.712 + 286 -11.356 = -6790 Ib/ft

IF, = (0.5)(12)(428) + (428)(4) + (0.5)(4)(571-428) + (571)(14)

+ (0.5)(826 - 571)(14) + (0.5)(826)(6.83) - (0.5)(121.0)(9.8)2 - Pile = 0
= 2.568 + 1.712 + 286 + 7.994 + 1,785 + 2,821 - 5,810 - p"e = 0

p"e = 11.356 Ib/ft

If tiebacks are localed g ft on center. load per anchor = (11.356)(8) = 90,850 Ib

Design tieback anchors at 8 ft on eenter with 90,850 Ib per anchor <:= Answer

Note: Tieback anchors are often placed at a small downward angle. In that case, this value is
the horizontal component of the tieback force.

The maximum moment occurs where the shear equals zero.

Figure 25.13 Pressure diagram for Bxam
pie 25.2.

(z - 16)(571) + (0.5)(z - 16)2(124 - 62.4)(0.295) •• 6790Vlb = 0 at depth z:

z) = 27.3 ft



25.4 If the actual water level on the left side of the wall in Figure 25.14 was I m lower thIII shown,
but the water level on the right side of the wall was as shown. would the stability of the wall
be better or worse? Explain..

~. ;~_ • '., ~~~:< I', {,
25.5 Redesign the wall described in Problem 25.3, but this time use a tieback anchor'lOclred 3 m

from the top of the wall.

25.6 An 18-ft tall cantilever sheet-pile wall is to be built in a well-graded sand with cI>' • 37° and
'Y = 126 lblfe. There is no groundwater on either side of the wall. Determine the required
depth of embedment and the required sheet pile section.

25.7 A 33-ft tall braced sheet pile wall i;'~~tiJt in '. pOOrly-~ silty ~ with+,~~12° aJld
'Y = 121 Ib/ft'. The brace will be located 8 ft from the top of the wall and will be lOft on cen
ter along the length of the wall. There is no groundwater on either side of the wall. Determine
the required depth of embedment, the force per brace. and the required sheet pile section.

842 Chapter 25 Sheet Pile Walls

4. A cantilever sheet pile wall is one that does not have any additional supports. These
walls rely entirely on their flexural strength and embedment into the ground to resist
the applied loads. This design may be used only when the wall height is modest,
and some lateral movement is acceptable.

5. The design of cantilever sheet pile walls must satisfy certain stability requirements.
In addition, the designer must select a sheet pile section that has sufficient flexural
strength.

6. A braced sheet pile wall is one that is partially supported by structural braces lo
cated inside the excavation. An anchored sheet pile wall is one that is partially sup
ported by anchors that extend into the soil behind the wall. These designs are used
for taller walls.

There are at least three methods of designing braced or anchored walls: the fixed
end method, the free-end method, and the beam on elastic foundation method. When

using the free-end method, reduce the computed moment using Rowe's factors.

Vocabulary

25.4 Braced or Anchored Sheet Pile Walls 843

Anchored sheet pile wall

Braced sheet pile wall

Cantilever s~et pile wall

Fixed-end method

Free-end method

Rowe's moment reduction·

Sheet pile wall

.,
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COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS

25.1 Why are cantilever sheet piles practical only for short walls?

25.2 Redesign the cantilever sheet pile in Example 25.1. except increase the height of the wall from
20 ft to 25 ft. Comment on the impact this change has on the design.

25.3 Design a cantilever sheet pile wall for the cross-section shown in Figure 25.14. Your design
should include the required depth of embedment and the required sheet pile section.

., :

Figure 25.14 Proposed wall for Problems
25.3-25.5.
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Appendix A
The following SI (Syst~me International) units are commonly used in geotechnical engi
neering:

Table A2 COMMON SI UNITS

Unit Conversion Factors

Unit

meter

gram

Newton

Pascal

kilonewton per cubic meter

second

Measurement

distance

mass

force

stress or pressure

unit weight

time

Symbol

m

g

N

Pa

kN/mJ

ENGLISH UNITS

The following English units are commonly used in geotechnical engineering:

Table A1 COMMON ENGLISH UNITS

Unit MeasurementSymbol

foot

distanceft
inch

distancein

pound

force or masslb

kip (kilopound)

forcek
ton

force or mass

second

times
pound per square foot

stress or pressureIb/ft2or psf

pound per square inch

stress or pressureIb/in2or psi

pound per cubic foot
unit weightIblftJ or pef

844

These units are often accompanied by the following prefixes:

Table A3 COMMON SI PREFIXES

Prefix SymbolMultiplier

milli

m1O-J

centi

c10-2

kilo

k10J

mega

MIQ6

Some non-SI metric units also are used, especially in Europe. The most common example
is the use of kglcm2 as a unit of stress.

CONVERSION FACTORS

The conversion factors in Tables B4 to B8 are useful for converting measurements be
tween English, metric and SI units. Most of these factors are rounded to four significant
figures. Those in bold type are absolute conversion factors (for example 12 inches = 1ft).
When units of force are equated to units of mass, the acceleration(F = ma) is presumed to
be 9.807 mls2 (32.17 ft/s2), which is the acceleration due to gravity on the earth's surface.

There are at least three definitions for the word "ton": the 2000 Ib short ton (com
monly used in the United States and Canada), the 2240 Ib long ton (used in Great Britain),
and the 1000 kg (2205Ib) metric ton (also known as a tonne).

A useful approximate conversion factor: I short ton/ft2 '" I kglcm2 '" lOOkPa '" 1 at
mosphere. These are true to within 2 to 4 percent.
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TableA7

UNITS OF STRESS

AND PRESSURE
To Convert

ToMultiply by

atmosphere

IW2117
..•

atmosphere

kPa10\.3

bar

kPa100

kgr/cm2

kPa98.07

kgr/cm2

Ibler2048
" ' ~kPa

atmOsPhere0.009869

kPa

bar0.01

kPa

kgr/cm20.01020

kPa

Iblft220.89

kPa

Iblin20.1450

kPa

metric tonlm20.1020

Iblft2

atmosphere4.725 x 10""

Iblft2

kPa0.04787

Iblft2

Ibfm2VI44

Ib/in2

kPa6.895

Iblin2

IbItr144

Iblin2

MPa6.895 x IO-J

metric tonlm2

kPa9.807

MPa

Iblin2145.0

TableA8

UNITS OF UNIT WEIGHT

To Convert

ToMultiply by

kN/m3

lbitt'6.366

kNlm3

metric tontm30.1020

kN/mJ

Mgr/m30.1020

Iblft3

kNlm3O.lS71

metric tonlm)

kNlui39.807

Mgr/m3

kN/m39.807

Multiply by

7.481

0.1337

To

gal

ftJ

Appendix A Unit Conversion Factors

ftJ

gal

To Convert ToMultiply by

ft

in12

Ct

m0.3048

in

ftV12

in

mm25.40

m

Ct3.281

mm

in0.03937

To Convert

Table AS UNITS OF FORCE

To Convert

ToMultiply by--k
kN;4.448

k

Ib1000

kg,

Ib2.205

kg,

N9.807

kg,

ton (metric)0.001

kN

k0.2248

Ib

k0.001

Ib

kg,0.4536

Ib

N4.448

lb

ton (short)lIZOOO

lb

ton (long)VZ240

N
kg,0.1020

N

Ib0.2248

ton (short)

lb2000

ton (long)

Ib2240

ton (metric)

kg,1000

TableA6

UNITS OF VOLUME

Table A4 UNITS OF DISTANCE
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Appendix B

Computer Software

References

DOWNLOADING AND INSTALLATION INSTRUCTIONS

The author has developed the following four Microsoft Excel spreadsheets specifically for
this book:

BEARING.XLS

SETILEMENT.XLS

SCHMERTMANN .XLS

RETWALL.XLS

Bearing capacity analysis of shallow foundations

Settlement analysis of shallow foundations based on labora

tory test results

Settlement analysis of shallow foundations using Schmert
mann's method

External stability analysis of cantilever retaining walls

Abbreviations for societies and organizations:

ACI American Concrete Institute

ADSC Association of Drilled Shaft Contractors

AISC American Institute of Steel Construction

API American Petroleum Institute

ASCE American Society of Civil Engineers

ASTM American Society for Testing and Materials

FHW A Federal Highway Administration
PCA Portland Cemem Association

PCI PrecastlPrestressed Concrete Institute

PTI Post- Tensioning Institute

To download the software, use any web browser and the internet to log onto the following
address:

http://www.prenhall.comlcoduto

Follow the links to the Foundation Design: Principles and Practices software download

page, then follow the on-screen instructions.

USING THE SOFTWARE

The software requires Microsoft Excel or another spreadsheet program that reads Mi-

crosofExcel ~prcadsheet files. -
..

Ii

AASHTO (1996), Standard Specifications for Highway Bridges, 16th ed., American Association of
State Highway and Transportation Officials, Washington, D.e.

ACI (1974), "Recommendations for Design, Manufacture, and Installation of Concrete Piles," ACI

543R-74 (Reapproved 1980), ACI Journal Proceedings. Vol. 71, No. 10, p. 477-492; also
primed in ACI Manual of Concrete Practice, American Concrete Institute

ACI (1980), Recommendations for Design. Manufacture and Installation of Concrete Piles, ACI
543R-74, American Concrete Institute, Detroit

ACI (1993), Suggested Analysis and Design Procedures for Combined Footings and Mats, ACI
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ACI (1999), Building Code Requirements for Structural Concrete (ACI 318-99), American Con
crete Institute
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AASHTO, 23, 435, 727

ACI load factors, 21

Active condition, 753, 758, 764

Active zone, 656

Adfreezing, 291
Adhesion factor, 522

Aeolian soil, 703

AISC load factors, 22

Allowable bearing capacity, 190

Allowable bearing pressure, 262
Allowable differential settlement, 31

Allowable lateral deflection, 589

Allowable lateral soil pressure, 593
Allowable settlement, 29

Allowable stress design, 18,437
Alluvial soil. 702

Alpha method. 522
Anchor boits, 150,339

Anchorage, Alaska, 281
Anchored wall, 835

Anchors, 429

Angle of internal friction, 82

Angular distortion, 33
ANSI/ ASCE load factors, 22

Index

Apparent cohesion, 83, 187

ASD-see allowable stress design
At-rest condition, 61. 750

Atterberg limits, 53

Auger-cast piles, 423

Toe bearing, 506, 509, 511, 532
Automatic hammer, 121

Axial loads, 376

B

Backhoe, 150

Basement wall. 755

Batter piles, 582

Bearing capacity, 24, 170, 800

Bearing capacity factors, 178, 186
Case studies, 194, 202

Layered soils, 199
Mat foundations, 367

Bearing graph, 566

Bearing pressure, 153

Becker penetration test, 136
Beta method, 516

Block failure, 539

Blow count, 559, 566

Bored piles-see drilled shafts
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Boring log, 110
Borings, 105
Boussinesq's method, 210
Box section, 828
Braced wall, 835
Brittle soil. 599

Bucket auger, 105
Buckling. 436
Building codes, 9
Bulk sample, 109
Buoyancy, 156
Buoyant unit weight, 49

c
Caissons, 418
Caissons-see drilled shafts

Cantilever gravity wall, 739. 787
Caps, 461
CAPW AP. 573, 625
Case Method. 569

Casing, 107,414
Cast-in-drilled-hole foundation-see

drilled shafts

Cast-in-place piles-see drilled
shafts

Cathodic protection, 38
Caving soils, 107,412
Cementation, 83
Characteristic load, 601

Chicago well method, 404
Classical method, 218
Classification of foundations, 10

Closed-end pipe pile, 384
Closed-section foundation, 471

Coarse-grained soil, 56
Coefficient of active earth pressure, 753
Coefficient of friction, 276
Coefficient of lateral earth pressure, 61,

749

Coefficient of passive earth pressure, 756
Coefficient of subgrade reaction, 356,

362

Cohe~ion-apparent, 187

'r

Cohesive strength, 83
Cold storage warehouses, 291
Collapse test, 706
Collapsible soil, 701
Colluvial soil, 702

Combined footings, 333
Compacted fill, 715
Compression index, 66
Computer software-see

software
Concrete

Drilled shafts, 418

Flexural capacity, 316
Footings, 303
Piles, 385

Shear capacity, 308
Steel cover requirements, 306
Sulfate'attack,39

Unit weight, 155
Cone penetration test, 124

Cone resistance, 124
Deep foundations, 532
Modulus of elasticity, 231
Shallow foundations, 231

Cone side friction, 124
Confined modulus, 231
Connections, 335

Consistency, 89
Consolidation, 64
Consolidation settlement, 63
Consolidation test, 64, 217
Consolidometer, 672
Constructibility, 41, 621
Continuous footing, 147
Controlled strain test, 478
Controlled stress test, 478
Converse-Labarre formula, 539

Coring, 108
Corrosion, 35, 827

Coulomb's theory, 763
Coupled method, 359
Creep, 769
Crib wall, 740
Critical height, 767

Index Index

D

Dampproofing, 820
Davisson's method, 481

Deep foundations, 10. 373
Analytic methods, 494
Axial loads, 376

Buckling, 436
Changes in soil during construction.

495

Closed section, 471

Davission's analysis. 48]
Enlarged base, 527
Factor of safety, 472
Group effects, 537
Instrumented static load tests, 485
Lateral loads, 377
Load transfer, 376, 466
Mobilization of soil resistance, 483

Open section, 471
Osterberg load test. 488
Plugging, 471
Settlement, 543
Static load tests, 476
Structural integrity, 435
Tensile capacity, 469
Toe bearing, 500, 532
Types, 374
Upward load capacity, 527

Deflection-allowable lateral, 589

Degree of saturation, 49
Density, 50
Depth to fixity, 594
Design chart

Deep foundations, 623, 625
Spread footings, 267

Deterministic design, 722
Development length, 815
Diagonal bracing, 245
Differential heave, 683
Differential settlement, 30, 208, 244
Dilatometer test, 133,233

Dimension stone footing, 147
Direct shear test, 91

Distortion settlement, 63, 225
Disturbed sample, 109
Donut hammer, 121
Dowels, 335

Downdrag, 630, 640
Dragdown-see downdrag
Drained conditions, 86, 193

Drill rig, 105
Drilled caissons-see drilled shafts

Drilled piers-see drilled shafts
Drilled shafts, 402, 690

Belled,415

Casing, 414
Changes in soil during construction,

498

Concrete, 418
Construction methods, 407

Drilling rigs, 407
Drilling tools, 409
Dry method of construction, 403
History, 402
In caving or squeezing soils, 412
In firm soils, 411
Interaction diagrams, 455
Side friction, 513
Structural design, 454
Toe bearing, 505, 509, 511, 532
Underrearned,415

Driveability, 568, 626
Drop hammer, 390, 574
Dry unit weight, 49
Ductile soil, 599
Durability, 35
Dynamic consolidation, 652
Dynamic methods, 559

E

Earth retaining structures, 737
Earthquakes-see seismic design
Eccentric load, 159,273

Economic requirements, 43, 138
Effective friction angle, 82, 122, 129
Effective stress analysis, 84
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Effective depth, 306
Eiffel Tower, 4
Electric cone, 124

End bearing-see toe bearing
Engineering judgement, 731
Engineering News Formula, 561
Equivalent fluid density, 770
Equivalent footing, 274
Equivalent modulus of elasticity, 231
Equivalent passive fluid density, 276
Evans and Duncan's charts, 600

Excavation shoring, 112
Excess pore water pressure, 58, 495
Expanded polystyrene, 646
Expansion index test, 673
Expansion pressure test, 674
Expansive soil, 655, 769
Exploratory borings, 105
Exploratory trench, 112
External stability, 787, 788
Externally stabilized systems, 738

F

Factor of safety, 8, 190,472
Failure--definition, 14

Fargo grain elevator, 194
Field reconnaissance, 104

Fine-grained soil, 56
Finite element method, 361, 365, 595
First order second moment method, 724

Fixed-end design method, 836
Flexible wall. 750

Flexible-extendible coupler, 30
Flight auger, 105
Floating foundation, 158,646
Footings, 145
Formed footing, 150
Foundation rigidity, 218
Free-end design method, 836
Free-head condition, 588
Freeze, 562, 567, 632
Friction ratio, 124

Frictio~ angle, 82
,lit
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Index

Frictional strength, 82
Frost heave, 288. 822

Frost-susceptible soil, 289
Full-scale load tests-see static load tests

G

Gates Formula, 561
General shear failure, 171
Geostatic stress. 59

Geosynthetics, 652. 819
Geotechnical strength requirements, 24,

727

Grade beam, 147, 249,461
Grain silo, 166, 194

Gravity walls, 738
Gross bearing pressure, 154
Groundwater, 57. 156, 187,780
Group effects, 537. 613
Group efficiency factor, 538
Grouted anchors. 430

H

Hackensack Meadowlands, 639
Hammer efficiencies, 119

Hammers, pile driving, 389
Heave, 35

Heavy tamping, 652
Helical anchors, 430

High strain dynamic testing, 569
Hiley Formula, 561
Hollow-stem auger, 106
Honeycomb structure, 701
Horizontal stress. 61

Houston, Texas, 353

Hydroconsolidation, 701
Hydrostatic pore water pressure, 58

I
Ice lense, 290

Imaginary footing method, 552
In-situ testing. 115
In-situ reinforcement, 745

Index

In-Situ walls, 742
Induced stress, 59, 210
Initial void ratio, 66
Instrumented static load tests, 485

Integrity testing, 578, 632
Interaction formula, 439

Intermediate geomaterials, 510
Internal stability, 787
Internally stabilized systems, 745

J

Jetting, 398

K

Kern, 164

L

Laboratory tests, 113
LaGuardia Airport, 645
Lateral movement, 35
Lateral loads, 377, 581. 613

Lateral spread, 628
Lateral earth pressures. 749
Leveling slab, 306
Lightly loaded footings. 281. 333
Limit equilibrium analysis, 788
Liquefaction, 280, 628, 639
Liquid limit, 53
Load and resistance factor

design,437
Load tests, 575, 624
Load transfer, 582
Load factor, 21

Load and Resistance Factor Design, 21,
724

Load-moment, 159
Load--eccentric, 159
Load factor, 724
Load tests-lateral, 590
Loaded swell test, 671

Loads--design, 305
Loads, 15,620

Local shear failure, 171, 196

Loma Prieta Earthquake, 629
Long foundation, 584

Low strain dynamic testing, 578
LRFD-see Load and Resistance Factor

Design

M

Maintained load test, 478
Mandrel-driven thin shells, 421
Mat foundations, 151,352
Pile enhanced, 429
Pile-supported, 429
Settlement, 219, 241
Mechanical cone, 124

Mechanically stabilized earth,
643, 745

Mexico City, 28, 648
Model load tests, 174,591

Modified Engineering News Formula,
561

Modulus of elasticity, 225, 231, 602
Modulus of subgrade reaction-see

coefficient of subgrade reaction
Mohr's circle, 753

Mohr-Coulomb strength criterion, 84
Moisture content, 49
Moment load, 159

Moment loads-footing design,
273

Monotube pile, 384
Mud slab, 306

Multiple parameter method, 361

N

Neat footing, 150
Negative pore water pressure, 84
Net bearing pressure, 158
Neutral plane, 642
Niigata, Japan, 12,281. 628
Nonplastic, 54
Nonrigid methods, 356
Normally consolidated. 68
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o
Observation well, III
Oedometer, 65
Offshore structures, 582

One-dimensional wave equation,
564

Open caissons, 418
Open-end pipe pile, 384
Open-section foundation, 471
OSHA,112

Osterberg test, 625, 488
Overburden correction, 119
Overconsolidated soil, 68
Overconsolidation ratio, 69

Overconsolidation margin, 69
Overturning failure, 796

p

p-y curve, 586, 598
p-y curve multipliers, 614
p-y method, 596, 629, 836
Passive condition, 755, 761

Perforated pipe drain, 782
Permafrost, 292
Piers-see drilled shafts

Piezocone, 125
Pile foundations, 378

Appurtenances, 397
Arrangements, 399
Caps, 461
Cast-in-place-see drilled shafts
Changes in soil during construction,

495
Closed-end, 384

Composite, 386
Concrete, 385,448

Concrete-filled steel pipe, 386, 447
Construction methods and equipment,

389

Damage, 568
Driving equipment, 568
Groups, 401

H, ;382,444

if

Hammers, 389

History, 378
Jetting, 398
Monotube, 384

Open-end, 384
Pile driving analyzer, 570
Pile driving dynamics, 563
Pile driving formulas, 559
Pile driving rigs, 389
Pipe, 382, 445
Predrilling, 395, 398
Set, 560
Side friction, 513

Spudding, 398
Steel, 381, 443

Structural design, 440
Timber, 379,441

Toe bearing, 501, 509, 511, 532
Types, 378
Wave propagation, 571

Pile-enhanced mat, 429
Pile-soil-pile interaction, 613
Pile-supported mat, 429
Plastic limit, 53
Plasticity, 53
Plasticity index, 54
Plate load test, 208
Pneumatic caissons, 419

Point bearing-see toe bearing
Poisson's ratio, 502
Pole formula, 593

Pore water pressure, 57, 84
Porosity,49
Precompression, 649
Preconsolidation stress, 67
Preconsolidated, 68

Predrilling, 395, 398
Preloading, 649
Pressure-injected footings, 425, 507
Pressuremeter test, 132, 233, 599

Presumptive bearing pressures
Downward, 282, 297
Lateral, 593, 773

Index Index

Preventive design and construction, 685,
715

Prewetting, 689, 716
Probability density function, 722
Probability of failure. 723
Pseudo-coupled method. 360
Punching shear failure, 171. 196
Pure moment condition. 589

Q

Quake, 564

R

Raft foundations-see mat
foundations

Raker piles, 582
Rankine's theory. 758
Rate of settlement. 34

Reaction pile, 478
Rebound curve, 65

Recompression curve, 65
Recompression index, 67
Refusal, 116
Reinforced soil. 745

Reinforcing steel. 303, 307, 316,
Development length, 318
Rectangular footings, 331

Relative density, 51, 122. 128
Reliability, 8, 621. 721
Removal and replacement, 649
Residual soil. 704
Resistance factor. 21, 724
Restrained-head condition, 589
Resultant in middle third. 162

Retap, 567, 632
Rigid analysis, 592
Rigid method, 354
Rigidity, 218, 246
Rigidity factor, 219
Ring-lined barrel sampler, III
Rock, 296, 510

Rotary wash boring, 106
Rubble stone footing, 147

s

Safety hammer, 121
Sanders Formula, 560
Schmertmann's method, 231

Schoharie Creek Bridge. 293
Scour, 293, 630
Sears Tower, 404

Secondary compression settlement. 63
Section modulus, 439

Seismic design, 19,279.340,349,584,
627

Seismic liquefaction-see liquefaction
Serviceability requirements, 25, 730
Set up-see Freeze .
Set, 560
Settlement, 26, 63, 800

Based on in-situ tests, 231
Classical method, 218

Deep foundations, 543
Differential, 244
Distortion, 225

Hydrocollapse, 712
Mat foundation, 366
Rate, 34, 250
Schmertmann's method, 231
Shallow foundations, 207
Shallow foundations on stratified soils,

243

Skempton and Bjerrum method, 224
Setup, 496
Shadow effect, 613
Shallow foundations, 10, 145

Bearing capacity, 170
Settlement, 207

Shear and moment diagrams, 586, 805
Shear loads-footing design, 276
Shear strength, 122, 129

Clays and silts, 86
Intermediate soils, 90

Laboratory tests, 91
Sands and gravels, 86
Unsaturated soils, 90

Sheet pile walls, 13, 742. 826
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Shelby tube sampler, III
Shoring, 112
Short foundation, 584

Showa Bridge, 628
Side friction, 466, 513

Simplified stress analysis, 215
Simplified Schmertmann method,

239

Site exploration, 103
Skempton and Bjerrum method, 224
Skin friction-see side friction

Slag, 697
Sliding failure, 788
Slurry walls, 743
Smith damping factor, 564
Software

Bearing capacity, 203
Retaining wall stability, 803
Wave equation, 569
Settlement, 229, 242
Lateral loads, 600, 611

Soil classification, 55, 126

Soil improvement, 649
Soil mechanics, 47

Soil plug, 471
Soil sampling, 109
Soil strength, 81
Soil-structure interaction, 355,585, 595,

613

Soldier pile walls, 13, 742
South Africa, 685

Specific gravity of solids, 49
Split-spoon sampler, 116
Spread anchors, 430
Spread Footing Foundations, 145

Bearing capacity, 170
Bearing pressure, 154
Depth,260
Design chart, 267
Lightly loaded, 333
Minimum dimensions, 283
Near slopes, 285
On frozen soils, 288

Qn rock, 296

,¥

Index

Settlement, 207

Structural design, 301
Spudding, 398
Squeezing soils, 107,412

Standard penetration test, 115, 130,232
Static load tests, 174,476,590
Statnamic test. 575, 591

Steel grillage footing, 147
Steel ratio-maximum, 808
Stochastic method, 722
Stone column, 651

Straight section, 828
Strain gages, 486
Strain influence factor. 233

Strap footing, 147
Strength, 81
Strength reduction factor, 21
Stress in soil, 59

Boussinesq, 210
Induced, 210

Layered soil, 216
Simplified, 215
Stress bulbs, 211

Westergaard,214
Structural distress, 684

Structural strength requirements, 25, 726
Subgrade modulus-see coefficient of

subgrade reaction
Sulfate attack, 39

Surcharge fill, 649
Surcharge loads, 777
Swell pressure, 674

T

t-z method, 550
Tanks, 218
Telltale rods, 487

Tensile capacity, 469
Terra probe, 650
Terzaghi and Peck's method, 773
Terzaghi's bearing capacity formulas,

176

Test pit, 112

Index

Thixotropic effects, 496
Thornthwaite Moisture Index, 665
Threshold collapse stress. 708
Tilt, 35

Timber--decay,40
Tip bearing-see toe bearing
Toe bearing, 466, 500. 532
Torre Latino Americana. 648
Total settlement, 26, 208. 366

Total stress analysis, 85
Tower of Pisa, 3, 253

Transcona grain elevator, 196
Triaxial compression test, 96

U

U-section. 828

Ultimate Strength Design-see Load and
resistance factor design

Ultimate resistance, 564

Ultimate bearing capacity, 175
Uncertainties, 7

Unconfined compression test, 94
Underconsolidated soil, 68

Undisturbed sample, 109
Undrained shear strength, 89
Undrained condition, 86, 193

Unified soil classification system, 55
Unit weight, 49

Concrete, 155
Water, 49

v
Vane shear test, 131
Vertical drains, 649

VesiC's bearing capacity formula,
182

Vibration, 35

Vibro-compaction, 650
Vibroflotation, 650

Vibro-replacement. 650
Virgin curve, 65
Void ratio, 49

w

Waffle slab, 694
Wall-soil unit, 788
Waterfront structure, 36

Waterproofing, 817, 820
Wave trace, 571

Wave equation, 563, 631
Weep hole, 782, 817

Weight-volume relationships, 48
Westergaard's method, 214
Wetting coefficient, 676
Wick drains, 649 ,
Wind loads, 19,279
Winkler method, 358
Winkler analysis, 598
Winnipeg, Manitoba, 196
Wood post bases, 346

y
Young's modulus-see Modulus of

elasticity

z
Z-section, 828
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